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OPENING ADDRESS TO GEOSYNTHETICS '93

Geosynthetics in North America: A Rigorous Attempt to Make a Short Story Long

J.E. Fluet, Jr.
Florida Atlantic University, USA

ABSTRACT

When Bob Denis asked me to give this opening address, | was of course pleased and
honored, but | must say that | thought it a bit strange when he asked that | speak of my
"personal experiences in the geosynthetics industry” and that | "keep it light". Personal and
light? | am an engineer, Bob - how about rigorous and scholarly? Perhaps | misunderstood.
Perhaps he was suggesting that | am personally only lightly experienced in geosynthetics,
or that he believed it was high time | shed some /ight on some of my personal experiences.
| realize | am a little confused, but the last time | felt this way was when | met a fellow who
said "I’m from the IRS and I’'m here to help”. In any case, we settled on the following: my
recollections and musings of the geosynthetics industry these past 20 years, occasionally
based on rigorous research and scholarly reflections.

INTRODUCTION

Remarkably, it really has been 20 years since | was first exposed to the world of
geosynthetics. | guess | must have been destined to work in this field, because the 1973
notion of the North American geosynthetics industry was ephemeral at best. Perhaps it
existed in the dreams of a few energetic souls whose vision proved to be as prophetic as it
was tenacious. | wish | could say | was one of those visionaries who foresaw the wonderful
technological leaps that were to come, but the truth is | was just an engineer focused on a
difficult problem - it was several years before my vision broadened enough to see beyond
the problem at hand.

| was faced with a problem that had plagued several generations of coastal engineers.
Most of us had been taught to design coastal revetments that looked roughly like the
schematic shown in Figure 1a. (The drawings in Figure 1 must be considered artifacts,
since they were drawn years ago without the aid of a single computer.) Naturally, the
details varied from project to project, but the concept was always the same. Large stones,
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called rip-rap, were placed on the bank in order to control erosion. This is a great solution
except that the soil in the bank escaped through the spaces between the large stones - sort
of like trying to screen your porch with chicken wire - a much finer mesh is required. The
textbook solution to this problem was to design a "graded granular filter" between the bank
soil and the rip-rap, as shown in Figure 1a. Graded granular filters are of course a long
established and highly effective solution to such problems, the notion being that each layer
in the filter comprises particles which are designed to contain the smaller particles behind
them. As is often the case in coastal applications, this elegant solution is much easier to
design than to build. As illustrated in Figure 1b, it is nearly impossible to construct this
multi-layered structure under water, because, as the truck dumps the filter stones, they of
course tend to roll down the bank into a pile at the bottom, rather than arrange themselves
nicely parallel to the bank slope as shown in Figure 1a. Fortunately, salvation was at hand,
though | must admit its form was somewhat surprising.

One day a jovial fellow named Bob Barrett walked into my office and informed me that
he was the purveyor of a wondrous new product that would solve my erosion control filter
blues, guarantee me untold fame and riches, and cure the common cold. In fact, his claim
proved to be approximately 1/3 correct, and, from my somewhat limited perspective as a
frustrated erosion control engineer, it was precisely the third that | most wanted. Bob was
touting the wonders of a product known at that time as "Filter-X", and, notwithstanding any
excessive claims, Filter-X did indeed solve my erosion control problem. My first geosynthetic
design, Figure 1c, was thus born.

A few years later, having successfully constructed a number of such structures, |
decided to share the delights of Filter-X with my colleagues, so | made a short presentation
at the annual meeting of my local civil engineering society. It happened that a regional
representative of the state Department of Transportation (DOT) was in attendance, and, a
short time later, DOT offered me the fabulous sum of seven hundred dollars to study and
report on the benefits of "filter fabrics". With the stroke of a pen, the DOT had catapulted
me into that elite community known as "experts". | soon concluded that the rarified air
surrounding experts must be rich with information (probably the excess which falls out of
the other experts’ minds), because, after breathing that air, | often seemed to know as much
as many of the other experts. | was blessed with learning relatively early in my career that
there is no better venue for learning than the company of knowledgeable and competent
professionals.

THE EARLY DAYS

Then one day in 1978, | met the real geosynthetic experts. | attended one day of an
American Society for Testing and Materials (ASTM) meeting in New York. Among others,
| heard a presentation by a newly arrived frenchman named J-P Giroud, the man who was
to become my technical mentor, my business partner, and, best of all, my friend. By then,
| had been hired by Terrafix, a geotextile and erosion control products manufacturing
company, which had designated me their representative to the ASTM subcommittee on
geotextiles. Some of you may recall that, int days, we were consid a sub-unit of
the textile industry, so we met with ASTM Co tee D-13 on Textiles. , the next D-
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13 meeting was in Philadelphiain the Spring of 1979. (I should mention that a large fraction
of D-13 were folks from the garment industry who were apparently competing in a lifelong
quest to find the worst hotel in North America.) When | arrived at the conference hotel, |
discovered that my room had been sold (no doubt to a more exalted expert), but Ernie
Crowe, my counterpart from Terrafix Canada, generously offered to share his room with me,
since it had two beds. When Ernie and | arrived at our room, we discovered an
engineering/economic marvel - the hotel had somehow stuffed two beds and a dresser into
a broom closet, and convinced us to pay a small ransom for the privilege of climbing into the
broom closet with the two beds and the dresser. Well, we lost a little sleep, but those of
us who survived those trials with D-13 and the garment industry seem to have sustained
little permanent damage, because there have been no noticeable repercussions.

Oh, yes, there was one repercussion. That early work by D-13 opened the door for
geosynthetics in North America, laid a foundation for an industry that would approach
$1,000,000,000 by 1993, and nurtured a technology that would profoundly affect virtually
every civil engineering discipline. In fact, as suggested by J-P Giroud at the Fourth
International Conference on Geotextiles, the marriage of polymer science and civil
engineering has indeed created a new discipline. Whether, as Dr. Giroud suggested, we call
it the geopolymer discipline, or refer to it as geosynthetics, geomaterials, geoproducts, or
some other term, this new discipline is here to stay’.

MARKET GROWTH

The development of geosynthetics proceeded on many fronts, all of them working
surprisingly well together. Why surprising? Consider that each front comprised people with
different backgrounds and personalities, working toward different goals, trying to solve
different problems, based on different assumptions, and supported by different funding
sources. Upon reflection, the only thing they had in common was geosynthetics - a common
solution to uncommon problems.

As early as the 1950’s, geotextiles were being used as filters in erosion control
applications (you can see how current | was, since | "discovered” this miracle in 1973), and
US Army Corps of Engineers (COE) research in geotextile filters had resulted in a COE
standard by the mid 1970’s. Meanwhile, the 1950’s also saw the US Bureau of Reclamation
begin to study and specify geomembranes as pond and canal liners.? By the mid-1970’s,
geomembrane pond and canal liners were commonplace, and geotextiles were being
specified in several types of drainage applications in addition to erosion control.

! Several years ago, we appropriately recognized Bob Barrett as the father of the geosynthetics industry. Now,
it is long past time for us to recognize Dr. J-P Giroud as the father of the geosynthetics disciplinel

th should be noted that the "geo-terms" | have been using so freely in describing the early years were not
actually coined until much later. The terms "geotextile” and "geomembrane” were coined by Dr. Giroud in 1977,
and | first used the term "geosynthetics” in a document | prepared for ASTM in 1983.

4 - Vancouver, Canada - Geosynthetics '93



The credit for providing the initial energy for the development of
geosynthetics surely belongs to those early marketeers like Bob Barrett. Armed with no
more than a dream and a conviction (frightfully poor choices of weapons when marching to
do battle with civil engineers), they intrepidly sallied forth to the tune of "all | know is that
it works - try it and you’ll see - you can figure out why later". One can imagine how popular
this tune was with civil engineers. Nevertheless, the marketeers persisted and eventually
acquired a small but impressive portfolio of successful case histories. And, to their great
credit, these marketeers, many of whom were weaned in the garment industry, adapted well
to their new environment. They learned that engineers insisted on quantifiable design
methods based on rational analysis and objective data. So, the marketeers supported
technical conferences, hired technical personnel to support their sales staff, developed
technical design documents to support their marketing brochures, and, in these and many
other ways, redirected their marketing approaches. Today’s marketeer is typically a highly
qualified professional, often with advanced degrees - | am reminded of Chip Fuller, who holds
an engineering degree and a graduate degree in business. Furthermore, we find that many
of the technical leaders of our discipline have been, or are, employed by geosynthetic
manufacturers. It is no coincidence that this conference, as well as every other major
geosynthetics conference ever held in North America, is sponsored by the Industrial Fabrics
Association, International (IFAl), a manufacturing and marketing trade association.
Furthermore, the geosynthetic conferences sponsored by the IFAl are widely recognized for
their technical emphasis and the quality of their proceedings - a far cry from the
"convention" atmosphere one might expect.

On the technical front, we owe great tribute to a small but
intrepid group of scientists and engineers. These dedicated pioneers, employed in every
facet of technical endeavor - consulting, academia, laboratories, institutes, government and
manufacturing - have faithfully and professionally corresponded, convened, and conferred
at every opportunity in their common quest to advance the discipline. Their tireless efforts
have produced rational design methods for virtually every geosynthetic application, a large
and growing body of research data upon which to base future developments, well
documented engineering case histories to verify design methods and assumptions, and a vast
library of technical books, theses and dissertations, papers, articles and reports (Bob Koerner
and J-P Giroud alone have published more than enough to make the average Ph.D. candidate
gasp). | think it is especially appropriate, since we are convening here in Canada, to
recognize the great technical contributions made by our Canadian colleagues - any perusal
of a catalog of geosynthetic publications will reveal an apparently disproportionate number
of Canadian authors. (Dr. Kerry Rowe informs me that the number of Canadian publications
is only disproportionate when compared to the population of Canada, an arbitrary basis. He
is confident, for example, that the number is very consistent with the demands placed on
the typical Canadian graduate student.)

No discussion of the growth of our industry would be complete without
mentioning two publications which have provided excellent forums for geosynthetic articles
and papers. Geotechnical Fabrics Report (GFR) has become the definitive source of
information regarding the progress of the industry. GFR provides its readers with technical
articles, case histories, interviews, reviews of conferences, and even an annual Specifier’s
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Guide. Additionally, it provides manufacturers, consultants and others an advertising
medium which reaches a broad cross-section of readers. Geotextiles and Geomembranes
(G&G), on the other hand, is a strictly technical publication, in which all papers are critically
reviewed, and no advertising is allowed. As such, G&G provides a forum for research
results, analytical developments, and similar detailed information, thus serving as an
unparalleled resource for the design engineer or geosynthetic researcher.

The geosynthetics market has grown steadily since the early
1980’s. Figure 2 was prepared by combining data from a paper | presented at Northeastern
University in 1985 with current data provided by IFAI.

1981 1982 1991 1992
Geotextiles 98 106 298 320
m? x 10°
Geomem-
branes 12 13 55 60
m? x 10°

Figure 2. Geosynthetics Market Growth

Comparing the growth from 81-82 to 91-92, most of us would be extremely happy if our
personal investments had grown at the same rate.

COMMITTEE WORK

All of these accomplishments beg the question of a venue where the technical gurus
and marketeers can meet. The answer of course, lies in conferences and committee work.
Since those early struggles at ASTM D-13, the number of available committees and
conferences have grown dramatically. To name only the largest North American
organizations which have active geosynthetics committees, one may now participate in:
NAGS, IFAI, ASTM, CGS, GRI, TRB, ASCE, AREA, NSWMA, and GRCDA. Any of you who
are not familiar with any of these acronyms are encouraged to contact me for an explanation
and an exhortation to participate. To give credit where it is due, a few of the above
organizations deserve special mention: IFAl, ASTM, NAGS, and GRI.

IFAl. It was at a meeting of geotextile manufacturers in the spring of 1980 that a
young IFAIl conference organizer named Steve Warner (now the President of IFAl) announced
the formation of an important new Division of IFAI which would no doubt direct the future
of our industry. Not being one to pass an opportunity to participate in anything important,
| attended that meeting on behalf of Terrafix, my employer, only to discover that the level
of suspicion in that room full of competitors soon approached critical mass. Seeking to
accomplish his task and get clear of the fireball as quickly as possible, Steve said his piece
and asked for nominations for someone to chair this unstable mass. Apparently | must have
dosed off, because as | left the meeting Steve informed me that | had been elected
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Chairman. It has now been more than 10 years since | left my position with Terrafix and
thus resigned that chair, but | am pleased to say that the Geotextile and Geomembrane
Divisions of IFAl function as model examples of competitors working together toward
common goals, and both divisions have continued to be actively involved in every step of
the evolution of our industry.

ASTM. | have already discussed some of our early days at ASTM - suffice it to say
that, in 1980, when we received an invitation to meet with ASTM D-18 on Soil and Rock,
we were quick to bid farewell to the garment industry, although , for several years our
subcommittee actually served under both D-13 and D-18. Finally, our moment in the ASTM
sun had arrived. In 1984, we became ASTM Committee D-35 on Geotextiles and Related
Products, and our first official act was to draft the geomembrane group away from D-18.
Geosynthetics had arrived at ASTM. Some of my fondest memories surround those long and
intense days followed by congenial evenings at ASTM meetings. It seemed to take forever
to actually produce standards, but it certainly was not for lack of effort. By ASTM policy,
no standard could be approved until every objection was either removed, or, found by
consensus to be non-germane. This policy is of course at the core of the quality of ASTM
standards, and it works remarkably efficiently for established committees; but, as a newly
formed group with highly transient membership, it was the bane of our existence. Every
time we approached consensus on a standard, someone new would join our group, and all
the old arguments would start anew - to give you just a taste, it took us three years of very
hard work to agree whether to name one standard "Apparent Opening Size" or "Equivalent
Opening Size". It seems improbable that such a group was ever able to accomplish
anything, yet D-35 now stands as one of the most productive and prolific groups in ASTM.
This amazing transformation was no accident, | assure you. It was the result of persistent
effort by a few undauntable individuals: in particular, Bob Carroll, Barry Christopher, and
Dave Suits (listed alphabetically) have been there from the early days, and were instrumental
in producing virtually every ASTM geosynthetic standard, and, between them, have held
virtually every leadership position in D-35 and the preceding committees.

NAGS. Meanwhile, the International Geotextile Society (IGS) had been founded in
Paris, in 1983, and we North Americans were anxious to form ourselves into the first IGS
Chapter. Appropriately, it was at our first meeting as D-35 that a core group met to create
the American Society on Geosynthetics. The next year, at Geo-'85 in Cincinnati, we
officially formed. We then almost immediately changed the name to the North American
Geosynthetics Society, or "NAGS" to prove that we were brave as well as international, and,
although we were not quick enough to be the first, we did become the second chapter of
the IGS. | cannot imagine what prompts technical people who are already overworked and
desperately over-committed to take on the additional burden of creating an international
society, but we unhesitatingly jumped in, and, if | squint my eyes a little as | look back, |
believe we had a good time.

GRI. Finally, we are all indebted to Dr. Bob Koerner, founder and leader of the
Geosynthetics Research Institute (GRI). GRI has provided the industry with a forum where
competitors can set aside their differences, and industry, government, academia and
consultants can join in broad based research efforts which transcend product lines or
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applications. | should also comment that, in his spare time, Bob is the author of more
geosynthetic books, papers, and articles, and instructor of more geosynthetic short courses,
than anyone would have dreamed possible, not to mention being one of the finest gentlemen
| have ever known.

CONFERENCES

So, here we are at Geo ‘93, following in the proud footsteps of Geo '85 in Cincinnati,
Geo ‘87 in New Orleans, Geo ‘89 in San Diego, and Geo ‘91 in Atlanta. And these, of
course, are in addition to the Second International Conference on Geotextiles, Las Vegas
1982, the International Conference on Geomembranes, Denver 1984, several ASCE and
ASTM symposia, an ISSMFE special session, and countless short courses on geosynthetics.
I’d say that the geosynthetics discipline has arrived!

I cannot leave the subject of conferences without sharing some of the adventures
associated with organizing conferences. Although | have been involved in the organization
of several other geosynthetic conferences, the Second International Conference on
Geotextiles (ICG ll) will always have a special place in my heart. ICG Il thrust North America
to the forefront of the geosynthetics world, and was the benchmark of the strong growth
phase of our industry. The proceedings were replete with well documented successful case
histories and newly developed analytical design methods. It became clear that we had a
new discipline on our hands - a discipline in technical support of an industry whose great
potential was finally becoming apparent. It was no coincidence that the IGS was spawned
at ICG Il. The attendance at that first meeting to discuss the potential for an international
society overflowed the room, and the response was overwhelmingly positive.

ICG Il was an undeniable great success, but the five days in Las Vegas, however
heady, pale in my mind in comparison to the preceding two years. | remember naively
thinking that two years seemed awfully far in advance to start organizing, but | soon
discovered that three or four years would have been great. Under the driving leadership of
J-P Giroud, whom the other eight members of the Organizing Committee came to know as
"Attila the Chairman", we devoted more and more of every passing week (as | recall, our
respective employers were less than thrilled at this part) to Organizing Committee work. For
example, one day | received four memos from other committee members reminding me of
things | had promised at our last meeting, three weeks prior. Two of these were from Attila,
and one was labeled "THIRD NOTICE" - - three notices in three weeks? When | called Ara
Arman that day, he commented "J-P has missed his calling: he should work for a collection
agency!” However trying, those were great times. For two years, we were the epicenter
of the geosynthetics world, because all news, events, developments, etc. flowed through
us. We were committed to organize a conference that was rigorously technical,
comprehensive, and truly international, all in an atmosphere that would provide
manufacturers with ample opportunity to promote their wares, and, so we did.

APPLICATIONS

By the 1970’s, geosynthetics had become established in filtration, drainage, and pond
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and canal liner applications, but the 1980’s were surely the decade of geosynthetics {l
recently heard someone on television refer to the 1980’s as the "Reagan-Bush" era - we
must be ever vigilant to question the accuracy of network news delivered by anyone so ill-
informed of major civil engineering trends). During the 1980’s, geotextiles were
standardized in railroad track applications, paved and unpaved roadway applications, and a
wide variety of drainage applications. The 1980’s also brought us geogrids, geonets,
geocomposites, and new types of geotextiles and geomembranes, all of which opened the
doors to many new applications - new applications for all types of geosynthetics which were
to create major new markets as well as extend the bounds of traditional civil engineering
design. The applications which had the greatest impact on the spectacular growth of the
industry in the 1980’s included:

asphalt overlay - oh how delicious that moment when I first saw a geotextile
featured in a national television ad;

soil reinforcement - vertical walls and steep slopes made more economical and
often safer through geosynthetic soil reinforcement technology; and,
embankments on soft soils - roads and dikes constructed on soils too soft to
walk on, an incredible technology developed by a visionary and courageous
engineer, the late Dr. Al Haliburton.

geosynthetic liner systems - utilizing geomembranes, geotextiles, geonets and
sometimes geogrids for waste disposal, mining, industrial, and other
applications, a now widely accepted technology pioneered by Dr. J-P Giroud.

Many of the great strides of the 1980’s would surely have been more limited had it not been
for the tireless efforts of Jerry DiMaggio at the U.S. Federal Highway Administration (FHWA)
and Bob Landreth at the U.S. Environmental Protection Agency (EPA), two exemplary models
of inspiring leadership in governmental agencies.

Beyond a doubt, the most significant impact of the 1980’s was the development and
subsequent broad acceptance of geosynthetic liner systems. | was fortunate enough to have
been a member of the team which worked with the EPA to develop this concept, and | have
been actively involved as a designer, researcher, instructor, permitter, lecturer, witness, and
general promoter of the technology ever since. And what a pleasure it has been. | am so
grateful to have been involved in a technology that has provided me with ever more
interesting challenges, projects with wide scope and impact, a vehicle for personal and
corporate growth, and an opportunity to protect the environment - a rare pleasure and a true
gift.

CONSULTING

In my 20 years associated with geosynthetics, | have had the pleasure of working as
a consultant for, or in conjunction with, many of the best consulting engineering firms in the
world. Today, there are many excellent consulting companies with geosynthetic capabilities,

but it was not always so - which brings me, of course, to GeoServices.

The 1980’s were indeed awesome years for geosynthetics, and they were equally
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awesome for two engineers with a dream of founding a consulting company which would
specialize in geosynthetics - the first it the world to do so (and hopefully not go broke in the
process). To give you an idea of how well funded J-P and | were when we started
GeoServices, Inc. Consulting Engineers, (now GeoSyntec Consultants), | still have a plastic
cup which was passed around an ASTM meeting with a sign that said "Help Joe Fluet pay
his ASTM dues”. | still have the foreign currency that was collected in the cup, but |
gratefully spent the American money. J-P and | went more than a year without drawing a
paycheck, and our "office"” was shared with a number of small multi-legged creatures who
commuted to the convenience store next door. Nevertheless, we somehow managed to
convince some great people to come and work with us - for example, the first year we hired
Dr. Jay Beech, who is now the President of NAGS, and Bob Denis who introduced me today.
The years went by like a blur, but | savor every memory.

Like most parents, | enjoy talking about my children, even though they are now grown
adults and have lives of their own. | have been blessed with my son, Joe, now an Army
officer and pilot, my daughter, Jennifer, now headed for Law School, and GeoSyntec, now
alarge company which has joined the ranks of other international geotechnical/environmental
consulting firms. | am inordinately proud of all three:Joe, Jennifer, and GeoSyntec.

CLOSURE

I wish to close by thanking all of you for the many joys | have reaped from my
association with geosynthetics. At the opening of Geo ‘87, | commented that "my
association with geosynthetics has provided me with a challenging career, interesting work,
a growing list of friends and colleagues, a chance to visit far-away places (perhaps a little
more often than | might choose), a decent livelihood, and, it even gives me something to do
with my spare time." Well, | am now medically retired from GeoSyntec, and my current
status, which | choose to call "semi-retired teacher and consultant”, has allowed me some
time to reflect on those remarks | made six years ago. Let me assure you that the
sentiments | expressed in 1987 ring more truly for me now than ever. | might have worked
a few hours less and | could have done without that heart attack, but | would certainly do
it again, and with even more gusto. It’s a great career, ladies and gentlemen, this industry
is still young and expanding, and the secret is to get involved in NAGS, ASTM and as many
other committees as you can squeeze in. Join now, and rest assured that your voice will
be heard and the echo will resound for years to come!

ACKNOWLEDGEMENTS
I am indebted to many friends and colleagues who helped me prepare for this paper
by searching their memories and files to fill in the numerous gaps in my own recollections.

It is good, occasionally, to reflect on past times - to pause for a chat with old
acquaintances.
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Comparative Laboratory Inve ns on Polymer Asphalt Inlays

P.A.J.C. Kunst
Netherlands Pavement Consultants BV, Netherlands

R. Kirschner
Huesker Synthetic GmbH & Co., Germany

ABSTRACT

Three-point-bending-tests on reinforced and unreinforced
asp s w rmed ing the effectiveness
of n t and to retard reflective

cracks. Crack propagation was described by means of fracture
mechanics and design curves were plotted for reinforced and
unreinforced asphalt overlays.

INTRODUCTION

Cracks in asphalt pavements and their durable elimination
present a cal and e problem, in solution the
use of p asphalt as reinforc has gained

considerably in importance. Efforts are made to approximate the
effectiveness of the nonwovens a

real conditions on test roadways

reinforcing effect of the differ

such test roadway results, how

impossible, since the individual sections of the test roadways are
generally subject to different boundary conditions.

An objective comparison of the reinforcing effect of these
asphalt inlays is possible in la tory , h , 1f these
simulate conditions similar to t occu in ce. In the
summer of 1991, Huesker Synthetic' commissioned the Netherlands
Pavement Consultants (NPC, 1991) to carry out such investigations.
This paper reports on the results of these investigations.
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MATERTALS INVESTIGATED AND OF THE TEST SPECIMEN

Five geogrids and two nonwovens were chosen for the
comparative laboratory investigation. The most significant
characteristics of these materials are summarised in Table 1.

Table 1 Characteristics of the asphalt inlays

Specimen Construction Raw Strength Quantity
No. material long./lateral of binder
(kKN/m) (kg/m2)
91 geogrid, woven PET 50/50 0.4
92 geogrid, woven PET 50/50 0.4
93 geogrid, woven PET 40/40 0.4
94 geogrid, woven glass 35/56 0.4
95 geogrid, extruded PP - 14/18 1.3%
96 nonwoven, mech. PP filament 8.5 1.6
97 nonwoven, mech. PP staple 8.5 1.6
98 no inlay - - 0.3

* with 10 kg/m2 of chippings 8/11

A total of eight two-layer asphalt specimens were
manufactured in the laboratory of the NPC: Seven specimens with
asphalt inlays and one unreinforced specimen as a reference test
specimen. An asphalt concrete 0/16, type B for traffic class 3
with bitumen 80/100 and mineral aggregates corresponding to the
Dutch Guidelines was used as asphalt mix.

An asphalt layer of 3 cm thickness was first built up in a
special formwork measuring 60 x 60 x 8 cm. A bitumen emulsion U 70
K, type Eshalite, was then applied to this layer as adhesive
together with an asphalt inlay. The quantities of binder are also
shown in Table 1.

The second asphalt layer was applied on the following day
with a thickness of 5 cm. Each asphalt layer was compacted with
the same degree of compaction using a hand compactor and then with
a hand drawn steel roller. The unreinforced asphalt specimen was
produced in the same manner.

After a curing time of one month the specimens were then sawn
perpendicularly to the direction of compaction into four beam-like
test specimens. Each test specimen measured 60 x 14 x 8 cm.
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PERFORMANCE OF THE TESTS AND RESULTS

The tests were conducted as semi-static three-point bending
tests on a computer-controlled multi-purpose testing machine, type
FTS Seidner 102/300 HV. The static system of the three-point
bending tests is illustrated in Figure 1.

bod

20

Figure 1 Static system

The load was applied with a hydraulic piston at a deformation
rate of 0.85 mm/s. Load and deformation were recorded graphically.
The test was conducted at a room temperature of 15° C.

Figure 2 shows schematically the results of two tests in the
form of load/deformation curves. The reinforced test specimen No.
91 exhibits a noticeably different behaviour than the unreinforced
test specimen No. 98. The maximum load, and in particular the
necessary energy applied until failure of the test specimen which
can be determined using the integral from the load/deformation
curve, is higher for the reinforced test specimen.

The test results for the various asphalt inlays and for the
unreinforced test specimen are listed in Table 2 as the mean
values from four individual tests. The deformation shown is the

deformation at maximum force.
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Load (kN)

10 50
Deformation (mm)

Figure 2 Load/deformation curves

All test specimens, with the exception of No. 94, failed
under the bending load as a result of cracking in the middle of
the beam. For No. 95 the failure occurred in the form of a
shearing of the test specimen in the "interlocking layer" of
chippings. All the other grids broke under the tensile load. The
nonwovens were appreciably elongated at only a low tensile force
but remained intact.

Table 2 Results of the three-point bending tests

Specimen No. Max force Deformation Enerqgy Max.
required stress
(N) (mm) (Nm) (N/mm2)
91 5825 7.15 172 3.49
92 5399 6.19 183 3.37
93 5774 6.82 192 3.52
94 4579 7.52 61 2.97
95 3154 9.95 61 1.97
26 4335 10.62 136 2.94
97 4044 11.39 117 2.76
98 5131 7.35 51 3.23
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EVALUATION

In fracture mechanics, the propagation of a crack is
described using the differential equation according to Paris
(Molenaar 1983):

dc/dN = A * K" (1)
where:
dc/dN - increase in crack length per load cycle
K - stress intensity factor
A,n - material constants

Parameter A is dependent on the stress at failure 6” and the
energy W required for the propagation of the crack:

= 1 1 .
A=t (s, *g) (2)

Using the results from Table 2 and this function relationship
it is possible to calculate the ratios for the stresses at failure
of the reinforced and unreinforced test specimens, for the energy
required until failure and for the A values. These ratios are
listed in Table 3.

The ratio of the A values allows conclusions to be drawn as

to the reinforcing effect of the as y. The the
ratio of the A wvalues, the more the r ment
compared h un men. On this basis it is

possible m an of the different asphalt
inlays w rd inforcing effect. The resulting

ranking of the asphalt inlays are shown in Table 3.

Table 3 Ratios for 6, W and A

Specimen _&7 W A Ranking
No. S9g Wog Bgg

o1 1.08 3.41 0.25 2

92 1.01 3.62 0.27 3

93 1.09 3.80 0.22 1

94 0.86 1.21 1.12 7

95 0.61 1.25 2.15 8

26 0.91 2.69 0.45 4

97 0.85 2.32 0.60 5

98 1 1 1 6
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DESIGN CURVES FOR ASPHALT OVERLAYS

The service life of an asphalt overlay or the number of load
cycles until a crack in the existing asphalt layer breaks through
the asphalt overlay can be calculated from the Paris equation if
the material constants A and n and the stress intensity factor K
are known. A and n can be determined using the tests described
above. The factor K was calculated by the NPC for a variety of
boundary conditions using a finite element program, whereby the
state of stress in the immediate vicinity of the crack was
simulated by a "crack element".

Using the assumptions listed in Figure 3 it is possible to
draw up design curves for the various asphalt inlays, and thus to
determine the service 1life of the asphalt overlay at given
boundary conditions.

320 mm
p—0.7 MPa
Overlay E0O = 5000 MPa
ho = 50, 60, 100 mm

Existing El1 = 7000 MPa
asphalt hi = 100, 200, 300 mm
layers crack
Unbound E2 = 300 MPa
base h2 = 300 mm
courses
Subgrade E3 150 MPa

Figure 3 Calculation assumptions
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Figures 4 and 5 show examples of design curves for a geogrid
(No. 93) and for a nonwoven (No. 96). With an existing asphalt
layer of 200 mm thickness and an overlay of 50 mm, the following
figures are obtained for the number of load cycles until a crack

breaks through the overlay:

Geogrid No. 93 10; i
Nonwoven No. 96 106 8
Without reinforcement No. 98 10

Ratios of approx. 4 : 2 : 1 can thus be calculated for the
service 1life of the asphalt overlay for reinforcements with

geogrid, nonwoven and without reinforcement.

Overlay design chart
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Overlay thickness
Unreinforced No. 93
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Figure 4 Design curves for a flexible PET geogrid
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Overlay design chart
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CONCLUSIONS

The laboratory investigation of the reinforcing effect of
asphalt 1inlays produced widely differing results. Flexible
geogrids of polyester exhibit a good reinforcing effect. The use
of rigid polypropylene geogrids and geogrids of glass, on the
other hand, lead to a reduction in the service life of the asphalt
overlay.

Asphalt inlays made from nonwovens increase the service 1life
slightly. Compared with flexible geogrids, however, we cannot
speak of any notable reinforcing effect. The results of these
laboratory tests are confirmed by a Final Research Report of the
California Department of Transportation (1990) which, after more
than 10 years of observations on 28 test sections of road, comes
to a similar assessment of nonwovens.

The results presented here are based on semi-static
three-point bending tests. It is planned for the future that these
results should be confirmed by further investigations under

dynamic loads.
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Stiffnesses of Geosynthetic-Built Unpaved Road Structures: Experimental
Programme, Analysis and Results

R.A. Douglas
University of New Brunswick, Canada

ABSTRACT

The problems of soft subgrades, extremely heavy design axle loads, very low traffic
volumes, and very low cost tolerances associated with resource access roads have led designers
to adopt access road structure designs using geosynthetics. While design methods which take
rut depth as the key criteria exist, it is actually the road stiffness that has a large impact on
vehicle operating costs. Therefore, a long term project to examine geosynthetic-built access road
stiffness was embarked upon.

The results of two series of model tests, reported in detail elsewhere, are summarized,
together with the results of a third series which has not been reported before. All the data from
this eight year test programme are then collected, and an analysis made. All data indicate that
a stiffness ratio (road stiffness divided by subgrade stiffness) can be defined, leading to a single
design chart that presents all data. The form of this design chart will provide the basis for
succeeding numerical analyses and a production design method.

THE DESIGN PROBLEM: GEOSYNTHETIC-BUILT UNPAVED ROADS

Various resources-based industries are heavily dependent on their access roads. In
Canadian forestry, for example, 34000 km of access road is built annually, over five times the
length of paved, public highway built each year. Annually, approximately $0.7 billion is spent
constructing these forest access roads, about 8% of the amount spent on pavement construction,
structures and maintenance of public roads (Douglas, 1992: pubic road statistics do not give
road construction as a separate item).

Resource access roads are built in a different design environment (Douglas, 1988): the
design axle loads can be far heavier than provincial regulations allow on public roads, traffic

S far smaller, costs must be  t very low if the ations the roads serve are to

table, and the terrain cr d by the roads in places be very hostile.
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Increasingly, geosynthetics are being used to overcome these problems but unfortunately
relatively little R&D is yet available to design engineers.

A further problem is that it appears that a very simple tenet has been forgotten by roads
researchers interested in the problem: roads are built for vehicles (Douglas and Valsangkar,
1992). The design vehicles for resource hauls are becoming larger and heavier. The
performance of these vehicles is greatly affected by the structural behaviour of the roads on
which they run:

® one of the largest components of the operating costs of a heavy haul vehicle is fuel
consumption,
¢ one of the largest components of the fuel consumption can be attributed to the
requirement to overcome rolling resistance, and
¢ rolling resistance is heavily influenced by road stiffness
For this reason it was decided some eight years ago to mount a study of how road structural
stiffness was influenced by geosynthetic details, dovetailing with parallel heavy vehicle
performance research (Douglas et al, 1990).

BACKGR

To date, studies of geosynthetic-built access road behaviour have focused on aspects of
structural capacity rather than stiffness. The early work was concerned with bearing capacity
(e.g. Milligan and Love, 1984; DeGaridel and Javor, 1986; DeGaridel and Morel, 1986; Resl
and Werner, 1986; Hausmann, 1987). Other work was concerned with how geosynthetic
inclusions in the road structure influence the development of ruts (e.g. Giroud et al., 1984;
Degaridel and Javor, 1986; Delmas et al., 1986; Khay et al., 1986; Hausmann, 1987; Holtz and
Sivakugan, 1987). A number of design methods have been put forward, where the basis of the
method is the relationship between rut depth, traffic, and geosynthetic characteristics (e.g. Gourc
and Riondy, 1984; DeGaridel and Javor, 1986; Delmas et al., 1986; Yasuhara et al., 1986).
Some methods are implemented through charts and tables (e.g. Giroud and Noiray, 1981;
Giroud et al., 1984; Hausmann, 1987; Holtz and Sivakugan, 1987; Jewell, 1990).

All of this work, however, is directed at setting geosynthetic-built road designs with
respect to their capacities, that is, on the basis of some ultimate failure criterion. However,
given that it is the stiffness that affects vehicle performance (and also noting that ruts are
obliterated by periodic routine maintenance operations), it appeared more justifiable to work
toward a design method based on the road stiffness, that is, the working load behaviour of the
roads (Douglas and Valsangkar, 1992).

Model studies were designed to examine various aspects of the problem from the stiffness
point of view. The studies commenced with tests in a 2.5 m square steel test bin (Douglas et
al., 1985; Douglas, 1987 and 1990; Douglas and Kelly, 1987) and continued with tests in a
3 X 4 m test pit, a 1.2 X 0.3 m test box, and then returned to the 3 X 4 m test pit (Douglas,
1991; Douglas and Valsangkar, 1991).

All of the model testing was done at scales of about 1:10 and 1:3. Various single layer
model aggregate pavement structures were produced with all road structures consisting of an
aggregate layer placed on a sheet of geosynthetic, which in turn rested on the subgrade. All
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models were built on milled, reconstituted, horticultural, sphagnum peat as the subgrade, chosen
because it is similar in behaviour to some of the natural subgrade materials that present such
difficulties in practice, because it provides a very compressible subgrade with a behaviour very
close to that of a theoretical Winkler foundation, and because it is a material that permits the
creation of very consistent subgrades from one test to the next in very large volumes, quickly,
and relatively easily.
Throughout the long term test programme, a
consistent set of variables was used. These are shown in the

DorB ) .
* 2pp ed load defining sketch, Figure 1. They reduce to a number of
aggregate layer . N . .
socsyihetic dimensionless ratios:
e H/B or H/D, the aggregate thickness ratio
h] e h/H or h/B, position ratio for a second layer of
i geosynthetic
gsosyrthetic Other dimensionless ratios will be defined as needed in the
discussion, later.
peat subgrade

This paper will concentrate on repeated load (Yoder
and Witczak, 1975) stiffness tests. In these, the repeated
load was applied to a plate or beam resting on the surface of
the road structure, at a frequency of about 0.5 Hz, and the
road stiffness measured. Stiffness was defined as the slope of the average pressure - average
vertical displacement plot loop.

Figure 1. Defining sketch.

MODEL TESTS: SE I, PIT TESTS

In the first phase of the repeated load test programme, tests were carried out in the 3 X 4 m
concrete test pit, 2 m deep, equipped with a gravel underdrain in hydraulic connection with a
valved sump pump (Douglas and Valsangkar, 1992). Following the preparation of the test
subgrades in the pit, model road structures were built and subjected to repeated loading.

The test
programme was Table 1. Phase I Model Construction Details
arranged (after Douglas and Valsangkar, 1992)
:a}c ;0; dll x::g lto Designation H/D Base Geotextile Geogrid
Combinations of material . at . at

. interface mid-depth

compaction/no
compaction, PA1, PA2, 0.0 no no

aggregate  type PA4
and provision of

the geogrid sheet RA3 0.5 loose pit yes no
at mid-depth or run gravel
not were chosen RA4, RAS 0.5 compacted yes yes
so that the full crushed

rock
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range of road structure stiffness, from very poor to very good, would result.

A servo-controlled hydraulic 1 to d loads, at a
frequency of 0.5 Hz, to a 300 mm di ing road surface.
The loading was thus axisymmetrical, although the geotextile and geogrid themselves were
obviously not. The loading system’s hydraulic ram reacted against a stiff steel frame over the
test pit, repeating the load sinusoidally between peak and trough loads of 4.5 and 0.1 kN
respectively (2.0 and 0.1 kN for peat subgrades alone). The vertical load - average vertical
displacement response was recorded intermittently using a pen plotter (Figure 2), producing
load-displacement loops at number of load repetitions N = {1-10, 30, 100, 300, ... ~30000}.

cgsss &
R B &8 0.0
0.2 @ o0
E 04 sme
B ®e
§ 0.6
o 0 a
0.8
- o
1.0
0 100 200 300 400 500 600
10 20 25 3 Water content (%)

Figure 2. Load-displacement trace. (Douglas Figure 3. Phase I peat subgrade water
and Valsangkar, 1992) contents. (Douglas and Valsangkar, 1992)

. Artificial peat subgrades were prepared in the test pit using previously
established techniques (Jarrett, 1984; Douglas et al, 1985; Douglas and Kelly, 1986; Douglas,
1987), whereby the peat was wet-up to a porridge consistency and mixed using a 25 mm
diameter pipe equipped with a hinged, 150 mm diameter plate on its end, slowly pushed and
pulled vertically through the peat. After mixing, the peat was drained overnight through the
fabric filtered gravel underdrain.

Remarkably consistent subgrades were produced. The water contents of samples retrieved
with a Hiller sampler are shown in profile in Figure 3. Laboratory CBR tests performed on
samples of the same peat, tested at the same drained water content as the model subgrades,
yielded a CBR < 1. In eight loss-on-ignition tests, carried out at 440°C for 5 hours (Landva
et al, 1982), the peat had a mean ash content of 26 %, with a standard deviation of 4.7%.

. All road sections were built by placing the aggregate on a sheet of non-

woven geotextile placed on the peat surface. In some cases (Table 1), a geogrid sheet was
placed at mid-depth in the aggregate layer. Geosynthetic characteristics are given in Table 2.
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It
was desirable
in these pilot
tests to obtain

Table 2. Phase I Geosynthetic Characteristics
(after Douglas and Valsangkar, 1992)

Geosynthetic Mass/unit  Tensile Tensile  Elongation
Zg;?n:gzgturi area modulus® strength® at failure®
the extremes (g/m’) (kN/m) (N/m) (%)
of the practical Nonwoven 150 22.0/21.2 4.86/5.26 163/147
range. geotextile
Uncompacted (test results:
pit run gravel ASTM D4595)
was chosen to .
represent  the ?n?:i?fd 400 NA 15.0/15.0 NA
poor end of literature -

the spectrum,
while crushed
greywacke
compacted by
a vibratory

Tensar 1987)

% machine/cross machine-direction

plate tamper was chosen to represent the very competent end. Grain size distributions are shown
in Figure 4, and additional aggregate characteristics are shown in Table 3. Given the uniformity
of the pit run material, Proctor compaction tests could not be successfully carried out. A dry-
rodded unit weight test was substituted, carried out according to Canadian standard CSA CAN3

A23.2-10A.

MODEL TESTS: PHASE II, SMALL BOX
TESTS

The second phase of tests was performed in a
small steel box, 1.2 X 0.3 X 0.6 m (width X
depth X height), equipped with a Plexiglas™
front and back. Repeated loading between 0
and 220 N was applied at a frequency of
0.4 Hz by a pneumatic system to single
aggregate layer road sections built on
subgrades prepared using the same type of peat
as in Phase I. Vertical load - average vertical
displacement data was recorded digitally
through an analogue-to-digital board on a
microcomputer.

Plane strain loading conditions existed

:60

Percent tiner
——
o]

g

o
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0150
0075

oo
0002

0001

o
b
@
o o
Grain diameter, mm

Figure 4. Phase 1 aggregate grain size
distributions. (Douglas and Valsangkar, 1992)

for this batch of tests, as the surface loads were applied to the road sections by a 300 mm long

beam of width B = 75 mm.

Geosynthetics '93 - Vancouver, Canada - 25



Table 3. Phase I Aggregate Characteristics
(after Douglas and Valsangkar, 1992)

Peat
subgrades were prepared
essentially in the same manner
as for Phase I. The peat was

Pl:al;l;:l C?;sclll(ed wet-up and mixed in the test

& box with a jetting technique,
insitu water content (%) 0.0 2.0 this time pumping water into
.. . . 3 the peat through a capped
insitu dry unit weight (kN/m”)  15.2 18.5 12 mm diameter copper tube
standard Proctor maximum dry 20.7 with a pair of 3 mm diameter
unit weight (kN/m?) (ASTM holes drilled on its diameter,
D698%) at its end. Following mixing,
optimum water content (%) 7.0 g:foll ea}: v;/asr(:lrva:ln ?i(i:i\r]leirl:l%l?;
(ASTM D698") box’sgbottogm.
dry rodded unit weight 17.2 The as-drained water

(kN/m3) (CSA CAN3 A23.2-
10AY)

b except that vibration was used

except that full range of grain sizes used

content of the peat rose
somewhat through the
sequence of tests, as shown in
Figure 5.

A

woven polyester slit film geotextile with the characteristics shown in Table 4 was used in all

tests in Phase II.

All model road sections were built with a sheet of the geotextile at the

aggregate/subgrade interface. In addition, a number of the road sections were built with a
secondary sheet of the same geotextile at a depth h below the ground surface.

In order to respect the roughly
10:1 geometric scale in the tests, sand was
chosen for the aggregate layer rather than
crushed rock. The range in grain size
distributions is shown in Figure 6, and other
sand characteristics are given in Table 5.

To achieve uniform insitu sand
properties from one test to the next, a
pluviation technique was used: dry sand was
poured through the 12 mm diameter tip of a
funnel held a constant height 100 mm above
the sand layer surface. Insitu unit weight was
determined by placing water content cups on
the geotextile, and filling them with sand at the
same time the rest of the sand layer was being
built up. Following the load test, the water
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content cups were retrieved and weighed. The mean insitu dry unit weight over all tests was
15.8 kN/m?, with a standard deviation of 0.3 kN/m?. The resultant relative density was 35%.

MODEL TESTS: SE III, PIT TESTS

Work returned to the concrete test pit for Phase III. Cycled load tests were carried out
on model roads built of the crushed greywacke and the woven geotextile, using the servo-
controlled hydraulic loading system. Vertical load - displacement behaviour of the 0.3 mm
diameter steel plate acting on the model road structure was logged digitally, for repeated loading
carried out at 0.5 Hz between peak and trough loads of 4.5 and 0.1 kN respectively.

Table 4. Phase II/III Geotextile Characteristics . The
(after Douglas, 1991) same type of peat was used in
the third batch of tests, wetted

Property Value and mixed this time using the
(i) Manufacturer’s literature: ("typical values”, water jetting technique. The
Terrafix, 1991) (to CGSB standards as of Feb 1991) vane shear strength profile is
grab tensile strength (N) 525 shown in Figure 7.
tear (N) 308 . The
elongation at break (%) 20 woven geotextile described
g 0 earlier (Table 4) was used in
(ii) Measured in this test programme: ASTM 4595- this batch of tests. All road
86 structures were built with a
wide width strip tensile strength (kN/m) 15.0  Sheet of the woven geotextile

at the peat/aggregate interface.
A number of the model road
wide width strip tensile strength (kN/m) 13.5 structures had an additional
cross-machine direction geotextile sheet at a depth A
below the ground surface.

machine direction

. The crushed greywacke described
earlier (Table 3, Figure 4) was used in this
batch of tests. All model road structures were
compacted, using a pedestrian vibratery plate
compactor. Insitu dry unit weights averaged ® \\”;”
18.6 kN/m>, with a standard deviation of ' I
1.9 kN/m®. I

. 2 & g 8 §
2 2 2 gz 3 £

\

Percent finer

TEST RESULTS U1 I I

The recorded load- NI
displacement information was used to produce

o

75
0840
0.150
0.07s

a0
0002
000

Figure 6. Phase II aggregate grain size
distributions. (Douglas, 1991)
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plots of vertical stiffness against the logarithm of the number of load repetitions (Figure 8). As
shown by the figure, the curves for the peat subgrades were remarkably consistent. In this pilot
study, the two compacted crushed rock model road replicates, provided with a geogrid at mid-
depth (designated RA4 and RAS5) were relatively close. The curve for the single test carried out
on the uncompacted pit run road section, built without a geogrid (RA3) fell roughly midway
between the peat curves and the crushed rock model road curves.

In general, the curves
exhibited a small "jump" at the Table 5. Phase II Aggregate Characteristics
start, for 1 < N < 3, and then (after Douglas, 1991)
settled down. This is attributed to
the difficulty of assigning a
stiffness to the early load- Grain size distribution:
displacement loops, which were
quite wide for the first few
repetitions.  With N > 3, the coefficient of uniformity, C, 4.1
loops became much tighter, and an

Property Value

percent finer than 0.075 mm 3

. coefficient of curvature, C, 1.2
average stiffness, defined as the
slope of a line through the peak classification (USCS/AASHTO) SP/A-1-b(0)
apd trough points on the 1"?"‘ Maximum dry unit weight 17.3
displacement loop, was easily (kN/m?)
determined.

Minimum dry unit weight 15.0

Phase II: S . The (kN/m?)

stiffness-logN curves for the small
box peat subgrade tests are shown
in Figure 9. One set of model road curves, for the case where #/H = 0 (i.e. just one layer of
fabric used) is shown in Figure 10. Again, the behaviour of the individual peat subgrades was
very consistent and again, the model roads exhibit a roughly linear stiffness-logN behaviour,
with higher slopes for greater H/B.

0.0 12 + peat (PA1)
o peat (PA2)
0.2 e o0 & 10 poat PA)
4 plitrun (RA3)
g % o= § 8 X crushd (RA%)
§ 0.6 oo ome g ° v authed (RAS)
0.8 s e ee B 4
1.0 ° ° g 2
1.2 10 100 1000 10000
Vane ahear strongth (Nm3) Number of cyces ()
Figure 7. Phase III peat subgrade vane Figure 8. Phase I vertical stiffness against
shear strength. logN. (Douglas and Valsangkar, 1992)
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. The stiffness-logN plots for the peat in Phase III are given in Figure 11.
The curves were again very consistent, and are roughly linear. Stiffness curves for all model
roads tested in this phase are shown in Figure 12. Again, they were somewhat erratic for
N < 10, but became more regular once N = 10. The average of the peat subgrade curves has
been transferred to the figure, and the model road results are identified by a "construction
parameter" C* = [(H/D)* + (h/D)*°5. Agreement was good for the two replicates each where
C* = 0.50 and 0.75, but poorer for the two replicates where C* = 0.60.

. Following the reasoning in Douglas and Valsangkar (1992), stiffness ratios were
plotted. Given that the stiffness - logN behaviour was essentially linear both for the model roads
and the peat subgrades (see Figure 12), it seemed reasonable to define a stiffness ratio:

K* = k,/kP .. (D
where:

K* stiffness ratio [unitless]

k, stiffness of model road section [MN/m?]

k, stiffness of peat subgrade, at corresponding N [MN/m?]

The calculated stiffness ratios for the data in Figure 12 for 10 < N < 10000 are shown
in Figure 13. For all but C* = 0.90, the curves are essentially flat while for C* = 0.90 over
same range of N, the stiffness ratio K* varies +15% from its mean value.

1 10 H/B
+ 0.33

8 8 0.67
@ © 1.00
5 § 4 1.33
£ S -5
§ 4 é 4

2 @ 2

0 0

1 10 100 1000 10000 1 10 1000 10000
Number of load cycles, N Number of load cycles, N

Figure 9. Phase II peat stiffness against logN. Figure 10.  Phase II model road stiffness

(Douglas, 1991) against logN, h/B = 0. (Douglas, 1991)
. Aver s K*,, were ated for the test
study, nst C* = [( + (h/B)*%° or

[(H/B)* + (h/B)*]°?, as appropriate for the axisymmetrical pit tests or the plane strain small box
tests, Figure 14. Approximately linear K*,, - C* plots result.
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ANALYSIS OF TEST RESULTS

o Qualitatively, the results shown in

6.0 Figure 14 make sense. Average road structure
50 My stiffness is seen to increase as construction
< T oo parameter C* increased for C* < 2. The
B + 0.75 single point for the well-built road structure in
8 . 3:;3 Phase I, which had a compacted, crushed rock
g 2.0 aggregate layer provided with a geogrid at mid-

10 depth, lying on the geotextile at the aggregate-
0.0

10 100 1000 10000 peat interface, was considerably higher than the
corresponding uncompacted pit-run road
structure built without the geogrid layer. In
comparison, points for the crushed rock
structures in Phase III, compacted but built
without a geogrid sheet, lie between the two
points for Phase 1.

All the data for Phases I and III, where axisymmetrical loading conditions prevailed, are
above those for Phase II, where plane strain conditions existed. Insufficient data exists to allow
a determination as to whether this was because of the different loading conditions
(axisymmetrical or plane strain), or because of the comparatively low relative density achieved
by the sand placement method in Phase II.

The average stiffness ratio K*,, degenerates to 1 for C* = 0, since C* = 0 implies that
both H and h are 0. All K*,, - C* curves should therefore pass through the point (C*, K*,)) =
(0, 1). As a first approximation, the curves are assumed to be linear, for C* < 2. The slope
of these lines can be interpreted as a reflection of the following:

Number of load repetitions, N

Figure 13. Phase III stiffness ratio against
logN. for various C*.
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stiffness (shear modulus) of the aggregate layer used (and thus indirectly the type of
material and its treatment, eg. compacted or not, stabilized, cemented, etc.)
e the modulus or moduli of the geosynthetic(s) used
e plane strain or axisymmetrical loading conditions
The geometry of the road structure, that is, its aggregate layer thickness and depth to any
secondary geosynthetic, is accounted for by the construction parameter, C*.

Method. Designs for
single-aggregate-layer,

Phase |, pit run geosynthetic-built access

@ Phase |, crushed rock

6.0 ® Phass Il, sand roads could thus Qe made
5.0 . A phase I, crushed rock on th_e basis of

' appropriate K*,, - C*

> 4.0 . plots. The effect on road
.;: N behaviour of varying the
3.0 . ° thickness of the aggregate

2.0 . layer and whether or not

a second geosynthetic

1.0 sheet was included in the

0.0 structure would be
0.0 1.0 2.0 accounted for by C*

c* - + By or The effects of compacted

or uncompacted
aggregate, and the quality
Figure 14. All phases, average stiffness ratio against C*. of aggregate selected, as
well as the moduli of the

geosynthetic(s) selected, would be accounted for by the slope of the plot.
In practice, to adopt the stiffness approach to design of geosynthetic-built access roads on
peat subgrades, some predetermined minimum road structure repeated-load stiffness k, would
be set on the basis of vehicle considerations. A representative value of subgrade repeated-load

stiffness k, would eithe ted asured with field plate loading tests. With these two
stiffnesses in hand, a tol value of K*,, = would then be calcul d.
Appropriate K*,, - C* charts could then be examined, to dete the most economic de n,

that design being a combination of the aggregate type, aggregate treatment, aggregate layer
thickness, and geosynthetic choice. Finally, the design would be checked for adequate bearing
capacity, using one of the currently existing methods.

. The model testing programme, carried out over eight years in soil test boxes and
test pits ranging in volume from 0.2 m? to 24 m® has resulted in the production of Figure 14,
wa nstrated a ar - C* re hip exists for C* < 2. ,
ate C* plots' d ep cedifa design method is to be de
Such charts could be produced through continued extensive model and field testing.
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However, it will be more efficient if numerical models, properly verified against these
model tests and other lab and field data that might be available, can be produced. Work is
under way on the development of a three-parameter numerical model. Finite element models
will also be examined. Should the numerical models be able to reproduce the relationships
found experimentally and shown in Figure 14, then parametric studies, checked against limited
laboratory and field tests, can be run to generate the design charts.

CONCLUSIONS

The significance of resource access roads, despite their apparent low standard, has been
demonstrated. The design environment for these roads, the combination of design axle load,
traffic volume, and economic ceiling, is very different from that for conventional public roads.
One solution to the problems presented to designers needing access across soft peat subgrades
has been the provision of geosynthetic-built access roads.

To date, little R&D is available to designers of these single-layer geosynthetic-built roads.
A handful of design methods exist, where all of the methods are based on bearing capacity or
rut depth development.

It has been proposed that rather than rut depth, the key design criteria should be road
stiffness, since stiffness has a very large effect on the operating cost of vehicles using the roads.
A programme of physical model testing to investigate various aspects of geosynthetic-built road
stiffness was embarked upon.

The tests have shown that an average stiffness ratio K*,, can be defined for the model
road structures, and that K*_ is linear with a parameter C* describing the construction details
of the model road, for C* < 2. The slope of the plot of K*,, against C* reflects the effects of
aggregate type and treatment, and geosynthetic characteristics.

Numerical models of the road behaviour are now under development. Once fully
verified, they will be used to carry out parametric studies to develop K*,, - C* charts to
facilitate the stiffness approach to the design of geosynthetic-built roads on peat subgrades.
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ABSTRACT

To compare the ability of five different geotextiles to stabilize a soft subgrade during construc-
tion, a full scale field test was conducted on Washington state highway SR 507. Performance was
compared under two different initial subbase lift thicknesses to evaluate constructibility and instal-
lation survivability. Instrumentation was installed to measure vertical strains throughout the cross
section, deformations in geotextiles, and changes of water content and temperature. Rut depths
were also measured in traffic tests.

The results indicated that the presence of a geotextile resulted in more uniform rut depths. The
geotextiles did not however appear to reduce rut depths in test sections where the subgrades had
a modest shear strength. All geotextiles had strains in the cross lane direction of less than 8%,
except in one failed section. Observations indicated that subgrade drainage during construction
was enhanced by the thicker needle-punched nonwoven geotextiles while some types of geotextiles
tended to retard pore water dissipation.

INTRODUCTION

Although geotextiles have been widely used as separators in temporary roadways for many years,
information on their long term performance in permanent roads is still quite limited. Therefore, an
opportunity to investigate geotextile performance arose during the summer of 1991 in connection
with the reconstruction of a state highway in Washington. A full scale field test was conducted
(1) to compare the ability of different types and weights of geotextiles to stabilize a soft subgrade
during construction and (2) to investigate their respective influence on the long-term performance
of the pavement system. Five different geotextiles were selected. Their performance was compared
under two different initial lift thicknesses (150 and 300 mm) of subbase to evaluate initial lift re-
quirements, constructibility and installation survivability.
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SITE DESCRIPTION

The test site was located approximately 32 km south of Olympia on SR 507 in Bucoda, Wash-
ington. Both lanes were included in the study.

The area chosen for the test site had a long history of poor performance and was scheduled for
major maintenance when the experiment was arranged. The roadway section already contained
significant ruts and alligator cracking. The subgrade consisted primarily of clayey soils, with some
organic materials found in the northbound lane. The water table was high, especially in the spring,
when it was within 0.3—-0.6 m of the road surface. The natural water contents were higher than the
plastic limits. All soils collected in the subgrades had more than 80% passing the No. 200 sieve;
thus the subgrade was suitable for investigating possible soil migration.

FIELD TEST AND INSTRUMENTATION

To accomplish the research objectives, a test site 46 m long and 7 m wide was divided into six
sections. One of the six sections was a control section containing no geotextile, while the other
five sections each contained a different type of geotextile separator. The geotextiles installed are
listed in Table 1 and their respective locations indicated in Figure 1. The geotextiles were selected
based on the types of geotextiles conventionally used in stabilization applications, their estimated
ability to survive construction, the diversity of filtration characteristics and the potential for lateral
drainage. The length of each section was 7.6 m. Instrumentation included soil strain gages for
measuring vertical strains throughout the cross section, a grid of rivet points (100 mm by 100 mm
on centers) on the geotextile surfaces to measure geotextile deformations in the wheel path, and
moisture/temperature sensors for monitoring soil moisture and temperature changes. Schematic
diagrams showing the instrumentation locations are given in Figures 1 and 2.

Table 1: Geotextiles installed

Symbol Type Mass/Area Survivability Rating Manufacture
(g/m?) based on AASHTO

Soil no geotextile - control

HB nonwoven, heat-bonded polypropylene 135 MS Reemay

NP4  nonwoven, needle-punched polypropylene 135 LS-MS Polyfelt
NP6  nonwoven, needle-punched polypropylene 202 MS-HS Polyfelt

NP8  nonwoven, needle-punched polypropylene 270 HS Polyfelt
SF woven, slit film polypropylene 250 MS-HS Exxon

Note:

LS - Low Survivability
MS - Moderate Survivability
HS - High Survivability
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. Except for a few silts of high plasticity, all soils collected in
the subgrade were classified as clays of high plasticity. There was a large variation in properties of
the soils at the site. For example, the initial natural water content was found to be in the range of
20 — 47 %. All soils had more than 80 % passing the No. 200 sieve. The ranges of Atterberg limits
were 30 — 77 % for liquid limits, 19 - 35 % for plastic limits and 11 — 42 % for plasticity indices.
Table 2 shows the representative subgrade characteristics over the length of the test section in each
lane.

Table 2: Representative Characteristics of The Subgrade.

Geotextile Soil Type Water Content Atterberg Limits
Initial Excavl Excav?2 LL PL PI

Southbound Lane

HB CL 20 NA! 28 30 19 11
NP4 CL 31 NA*! NA® 48 27 21
SF CL 26 NA? NA:Z 34 22 12
Soil CH 46 NA! 46 77 35 42
NP8 CH 38 NA! 42 63 28 35
NP6 CH 45 NA! 51 74 34 40
Northbound Lane
HB CL 27 30 NA!? 34 23 11
NP4 CL 30 31 NA!* 44 23 21
NP6 CH 35 23 NA! 61 31 30
Soil CH 37 NA®? 44 57 28 29
NP8 MH 40 42 43 57 35 22
SF CH 47 45 50 69 30 39
Note:

1. This set of excavations was not conducted.
2. Data was lost.

. A hand vane tester and a pocket penetrometer were used to measure
the in situ shear strengths of the subgrade. The measured shear strengths ranged from 31 to 127
kPa in the northbound lane and from 18 to 98 kPa in the southbound lane using a hand vane tester.
The measured shear strengths were found to vary from 48 to 192 kPa in the southbound lane and
from 60 to 215 kPa in the northbound lane using a pocket penetrometer. Figures 5 and 6 show
the measured subgrade shear strengths using a hand vane tester.

. In this study, three traffic tests were conducted using a loaded dump truck. One

traffic test was implemented in the southbound lane and two other traffic tests were performed in
the northbound lane.
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. After removing the top layer of existing fill (0.6 m in the southbound lane and 0.45
m in the northbound lane) to reach the soft clay layer, nuclear density tests were performed on the
natural subgrade. Concurrently, in situ shear strength was measured in three locations (within each
lane). The locations were: close to the roadway center line and near the middle and outside of each
lane, respectively, at approximately every 4.6 m along the length of the lane. Measurements were
made using a pocket penetrometer and a hand vane tester. Soil samples were taken for moisture
content, grain size distribution and Atterberg limits determinations. As indicated in Figure 3,
moisture/temperature sensors were installed at depths of 25 mm and 200 mm below the subgrade
surface in each section. A Bison strain coil was placed horizontally at a depth of 200 mm below the
subgrade surface in the sections containing: SF, NP8, and the control, in the southbound lane. All
instrumentation was placed under the outside wheel path and in the middle of the length of each
individual section. The holes dug for the placement of the instrumentation were backfilled with
clay and compacted with small hand-operated compactors.

The geotextiles were placed in such a way that the grid points (“pop” rivets) on the geotextiles
were located under the outside wheel paths. After the geotextile sections were placed and over-
lapped 300 mm with adjacent geotextile sections, the rivet spacings were measured. Next Bison
coils were attached by duct tape to geotextiles SF and NP8 and a third coil placed at the top of
the subgrade in the control section (Figure 3).

A first lift of base course (thickness 300 mm) in the southbound lane and a first lift (thickness 150
mm) in the northbound lane were placed over the entire length of the test section and compacted
with a steel wheeled roller. The lift thicknesses were selected based on the minimum lift thickness
recommendations for construction on soft subgrade by WSDOT ( 300 mm ) and the minimum
lift thickness with geotextile estimated to be required to limit rutting to less than 50 mm during
construction as recommended by Steward, et. al. (1977). WSDOT personnel tested the surface
of the lift for density and field moisture content using a nuclear densiometer. After the first lift
of base course was compacted, samples were taken for moisture content and grain size distribution
determinations.

A traffic test was performed (referred to as Traflic 1) on the base course surface using a loaded
dump truck weighing 350 kN, having rear tandem axle with dual tires, passing over the entire 46 m
experimental zone. A total of 10 passes were made to simulate typical construction traffic. Follow-
ing passes 1, 2, 5 and 10, readings of the Bison gages and moisture/temperature sensors were taken
and rut depths measured. Ground response observations were recorded for each of the intermediate
passes. Two rut-depth measurements (one at the north side and one at the south side) were made
in both wheel paths in each test section except for the control (soil only) sections. In the control
section, only one rut depth measurement was made at the center in both wheel paths as this was
the location of the largest rut depth.

After the traffic test, a small test pit was excavated (referred to as Excav 1) down to the geo-
textile, or to the top of the subgrade in the control section. Grid patterns were measured and
visual observations of the geotextiles and subgrade conditions were recorded. Geotextile samples,
0.9 m by 0.9 m, were removed for laboratory testing to determine the extent of physical damage
and mechanical property change to the geotextiles. Soil samples were taken from the subgrade.

38 - Vancouver, Canada - Geosynthetics '93



6@7.62m

OB HOH HBOA @ow QO
SB Lane
HB NP4 SF Sail NP8
HB NP4 NP6 Soail NP8
NB Lane o o p i
AoR MAOA [AOm fAOR [AOH
Note: : Marker grid area O Instrumentation area

Figure 1: Locations of Geotextile and Instrumentation

South Bound Lane:

HB NP4 SF Sail NP8 NP6
v v - v v
Geotextile
North Bound Lane:
HB NP4 NP6 Soil NP8 SF
300
15 First
\ 4 v v v v v
Note: .
== : Bison Gage : Tensiometer

¥ : Moisture/Temperature Meter

Figure 2: Cross Section Showing Instrumentation Placement (dimensions in mm)

200 ; 200 Subgrade 200

Bison Gage Moisture/Temperature Meters Tensiometer

Figure 3: Vertical spacing of instruments (dimensions in min).

Geosynthetics '93 - Vancouver, Canada - 39



Geotextile patches were placed over the sample removal areas before the excavations were backfilled
and compacted.

The second lift of base course was placed and compacted. A traffic test was also performed
(referred to as Traffic 2). The second set of test pits was excavated (referred to as Excav 2) to the
fabric depth and observations were recorded. The same procedures were followed for the second lift
and associated activities as was completed for the first lift. Figure 4 shows a general view of the
second excavation in the southbound lane.

Due to time constraints, Excav 1 and Traffic 2 were not performed in the southbound lane.

Figure 4: General View of Field Test during Excav 2 in Southbound Lane

. To examine the improvement in the stiffness of pavement due
to the inclusion of geotextiles, WSDOT personnel performed FWD tests, 37 days before, and 49
days and 173 days subsequent to the placement of the geotextiles in the southbound lane. On each
test date, one FWD test was conducted on each section.

RESULTS AND DISCUSSIONS

Only a portion of the study results are presented and discussed herein. Additional study findings
will be reported in separate publications as additional data is obtained and analyzed.
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Figure 6: Shear Strength of Subgrade in the Northbound Lane using Hand Vane Tester.
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e First Southbound Traffic Test (300 mm base course)

The performance of the NP4 section was better than the HB section in that the NP4 section
had more elastic response and a lower magnitude of elastic deflection than the HB section. As
anticipated, based upon the FHWA design method (Christopher and Holtz, 1989), for this lift
thickness and the number of passes no plastic deformation occurred during any of the passes.
Section NP8 appeared to have the best overall performance.

o First Northbound Traffic Test (150 mm base course )

The NP4 section became a full mud wave at pass 7 and appeared to have the worst performance
than any other section in this lane. Due to the closeness of the wheel path to the fill edge,
lateral movement of aggregate was noted as the truck passed over the section having SF and
resulted in significant rutting in the first four passes. In contrast with the other sections, the
control (soil only) section and NP8 had better overall performance. At this time, there is no
obvious explanation why the control section had better performance.

Second Northbound Traffic Test (450 mm base course)

In this test, all sections had better performance than in the first traffic test in the same lane.
Section HB and Section NP4 had very similar behavior and had the worst performance; after
pass 5 both sections began undulating and waving. NP8 and the control section had the best
overall performance. Again, there is no obvious reason why the control section performed
better.

. All of the measured rut depths in Traffic 1 southbound (300 mm base course) shown
in Figure 7 were less than 40 mm. Figure 7 also illustrates that the control section had largest
rut depth, which was also less uniform than those in the sections having geotextiles.

300
250
——— Outside/North
——&— Inside/North
T 200
£ —{3—— Outside/South
§ 150 ——/——— Inslde/South
5
€ 100
50
0
HB NP4 SF SOIL NP8 NP6

Figure 7: Rut Depth after the Tenth Pass in Traffic 1 in the Southbound Lane.
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Figure 8 shows the measured rut depths in each section of the northbound lane in Traffic 1
(150 mm base course). The measured rut depths were relatively low, in the range of 19 to 87
mm, with the exception of NP4. Rut depths in the northbound lane were greater than those in
the southbound lane, despite the fact that the sections in the northbound lane had higher average
shear strengths. This difference is attributed to the thinner base course in the northbound lane,
which was 150 mm less in thickness. Section NP4 had the greatest rut depth (264 mm) in the
outside wheel path. This section was found to have failed after the first traffic test (Traffic 1). The
thicknesses of the base layer in sections HB and NP4 were found to be less than in any other four
sections. The large rut depths observed in Section SF may not reflect its true performance, since
these rut depths may have been influenced by the lateral movement of the base course aggregates in
the outer wheel path, which was observed during trafficking. Overall, NP8 resulted in the smallest
rut depth for this traffic test.

Figure 9 indicates that the rut depths in Traffic 2, northbound, (450 mm thick base course)
were very small (less than 25 mm), except in Sections HB and NP4, which had larger rut depths,
up to 64 mm. The subgrade of both these sections contained organic materials.

Figures 7 through 9 indicate that geotextiles did not reduce rut depths in comparison with
the control sections, probably due to the higher strengths of the involved subgrades; thus the rein-
forcing effect due to the presence of geotextiles was likely negligible. Hence, the contribution of the
geotextile to the reduction of rut depth is very limited if the subgrade has a modest shear strength.
In this case, geotextiles are expected to act as separators and drainage media only.

. Figure 10 shows the induced final strains after traffic tests and
the incremental strains during the traffic tests in the subgrade and in first lift in Sections SF and
NP8 and the control (soil only) section. The strains in the base were very small; therefore the con-
tribution of the geotextiles with respect to strain reduction could not be evaluated for the first lifts
of the base layer. A majority of the strains in the subgrade were measured during placement and
compaction of the first lift with much lower strains measured during the traffic tests. The control
(soil only) section had the highest final strains, 11% in subgrade and 1% in the base. During the
traffic tests, a strain increment of 1.1% was observed in the subgrade. The final measured strains
in the section having NP8 were 10% in subgrade and —1% in base. The negative strain in the base
may be due to the horizontal movement or a slight rotation of the Bison coils. A strain increment of
2.9% was observed in NP8 during the traffic tests (Figure 10). It should be noted that rut depths
were not measured at the exact locations of the Bison coils.

SF had the lowest final strains in the subgrade (1%) and in the base (1%). Thus, the reduction
of strain in the subgrade of Section SF was greater than in Section NP8. This may be due to the
relatively low modulus of NP8. The low strains in the SF section may have been the result of a
combination of high modulus and/or poor drainage observed in that section. Since the subgrade
had a lack of uniformity in water content and in shear strength, the differences in the induced
strains cannot be directly attributed to the presence of different geotextiles.
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Figure 8: Rut Depth after the Tenth Pass in Traffic 1 in the Northbound Lane.
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Figure 9: Rut Depth after the Tenth Pass in Traffic 2 in the Northbound Lane.
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Figure 10: Strains in Subgrade and Base in the Southbound Lane.

. Figures 11 and 12 summarize the measured strains found in the geotextile
surfaces when excavated. The results show that the induced strains in the cross lane direction in SF
and NP8 relatively low, about 2% for SF and 4% for NP8. No geotextiles had strains greater than
8% except NP4 in the northbound lane, which had a strain of 136%. The strains in the geotextiles
agree well with the measured rut depths; i.e. larger rut depths cause larger strains in the geotextiles.

. In the second excavation (southbound lane), all geotextiles
performed well. A high ground water table was observed in the test pits during this set of excava-
tions. The designed thickness of fill was 600 mm but the measured thicknesses were not uniform
in each section varying as much as 150 mm. SF was not flat and had some ripples (about 50 to 80
mm high) parallel to the lane direction. HB was not in tension and the subgrade was moist and
pliable, which is consistent with saturated soft clay conditions. Water ponding under HB existed.
NP6 was in tension and wet. NP8 appeared to have less strain. The soil under NP8 was relatively
dry compared with the other sections even though the original natural moisture content of the soil
was higher in this section indicating a possible influence from lateral drainage potential.

In the control (soil only) section, mixing of subgrade soil and aggregate occurred to a thickness
of about 130 mm. However, the intermixture was not observed in the sections containing geotextiles.

In the first northbound lane excavation, SE was in tension but not stretched tightly. Under

SF, the subgrade surface was saturated and ponding appeared to be developing. Similarly, NP8
experienced some tension, but was not tight. The soil below NPS appeared to be relatively dry.
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Figure 11: Strains in Geotextiles at Excav 2 in the Southbound Lane.
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Figure 12: Strains in Geotextiles at Excav 1 and Excav 2 in the Northbound Lane.
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NP4 was the only geotextile which did not survive construction. Several holes, which were punched
by stones, were found in NP4. This was not surprising considering the subgrade condition, the
minimal lift thickness, the amount of rutting observed and the relatively low survivability charac-
teristics of the geotextile. Clay below NP4 appeared wet and slippery. HB was loose as it spanned
over discontinuities. A mixture of aggregate and subgrade clay was observed in the control (soil
only) section.

In the second excavation (northbound lane), the thickness of fill was less than the design thick-
ness of 460 mm (330 mm for SF and 360 mm for NP8). Soil below NP8 was relatively dry and
NP8 appeared tight. Some soil migration was found on the top of the SF, and the surface of the
subgrade soil beneath was wet and slightly ponded.

SUMMARY AND CONCLUSIONS

This full scale road test was performed to evaluate the ability of different types of geotextiles to
stabilize a soft subgrade for a highway construction. Based on the results of the study, a number
of conclusions were drawn:

e The use of a geotextile was in all cases found to eliminate base/subgrade intermixing, if the
geotextile survives the installation and placement operations.

o The presence of a geotextile can result in more uniform rut depths, if the geotextile survives
the installation and placement operations.

o Rut depth cannot be reduced by geotextiles, if the subgrade has a modest shear strength.

o Compared with the other geotextiles used in this study, NP8 had the best overall performance
based on visual observations and rut depths.

e Strains in the subgrade soil appear to be reduced by the SI geotextile; however some pumping
of the subgrade may have influenced these results.

e The observations indicate that during construction the needle-punched nonwoven geotextiles
allowed unrestricted drainage of the subgrade while the other types tended to retard drainage.
The heavier weight needle-punched nonwoven geotextile appeared to enhance drainage.

This paper presents only the initial results of a planned long term monitoring plan. Although
the initial results primarily indicate an improvement, the actual benefits of using geotextiles as
separators in pavement systems can only be determined after long term monitoring and evaluation.
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ABSTRACT

Greenville County, South Carolina, constructs permanent paved surfaces on
approximately 20 miles of existing gravel roads each year. The County Engineer
sought to protect his new low-cost pavement from premature degradation and more
frequent maintenance by including an appropriate geotextile as a separator between
the subgrade and the pavement structure.

Three pavement cross-sections and three different types of geotextiles were
evaluated in an 8100-foot long trial section. The geotextile strength and
hydraulic properties necessary to survive construction and provide long-term
filtration and separation between the subgrade and the base aggregate were
evaluated based on testing of exhumed geotextile samples and visual pavement
condition surveys from a trial installation.

Like-weight geotextiles exhibited the same degree of construction
survivability, in terms of retained strength under 1like conditions. These
low-cost, light-weight geotextiles provide subgrade/base interface stability which

will generally increase the life of a pavement section without increasing
life-cycle costs.

INTRODUCTION

A trial installation was made on an 8000+ foot low volume county road. The
purpose of the trial was to determine necessary gseparation geotextile material
properties and to assess the relative performance of different pavement
cross-sections with and without separation geotextiles.

In order to assess the ability of the geotextile to survive construction,
numerous samples were exhumed from beneath the stone base before the surface
course was constructed. Testing indicated that, under comparable conditions,
like-welght woven and nonwoven geotextiles exhibit virtually the same degree of
construction survivability in terms of percent strength retained. Additionally,
the grade on which the installation was made has a significant influence on
geotextile survivability.
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The long-term performance of the installation was determined through periodic
inspections of the road surface. The road surface condition was characterized and
ratings were entered into the County’s Pavement Management System (PMS) for various
segments of the road. The PMS then dictates the timing of the maintenance of the
various road segments. This allows for the assessment of the ability to extend
maintenance schedules when geotextiles are used with low cost pavement structures.
The cost savings associated with extending maintenance schedules can then be
compared to the nominal additional cost of including a geotextile.

INSTALLATION LAYOUT

stockton Road, in southern Greenville County, South Carolina, was selected for
this trial installation because it had been surfaced with aggregate twice in the
preceding 18 months and was once again in need of additional surfacing. This was a
clear indication that the road subgrade was unstable when saturated and could
benefit from the installation of a stabilization geotextile.

The full length of the road, approximately 8100 feet, was gurfaced with
pavement sections as shown in Figure 1 and detailed 4in Table 1. The following
cross-sections were used on approximately one-third of the road each:

- 1" triple treatment surface course over 3" compacted stone base.

— 1-1/2" asphaltic concrete surface course over 3" compacted stone base.

— 2-1/2" full depth asphaltic concrete binder course.

Approximately 500 feet each of three different geotextiles, 4 and 6 oz/sy
needle-~-punched nonwoven geotextile and a 4 oz/sy slit film woven geotextile, were

installed between the subgrade and each pavement section. The remaining footage of

the road was to act as a control for the long-term evaluation of each pavement
section.

A heavier nonwoven geotextile (6 oz/sy) was used in areas involving steep
grades and poor drainage while the 4 oz/sy geotextiles were used in areas of more

uniform conditions +to facilitate more accurate performance comparisons of the
like-weight materials.

Typical properties of the separation geotextiles used are shown in Table 2.

Prior to the placement of the geotextiles or pavement systems, the road subgrade

was fine graded, surface saturated by water truck, and baseline cone penetration
measurements were made.

SITE DATA COLLECTION AND EVALUATION

To facilitate meaningful evaluation of long-term road performance, the
following information was obtained during the trial installation:

- Road centerline survey, including staking of stations at 50-foot intervals.

— Centerline plan and profile of roadway, including stations, fabric location
and I.D., and pavement location and I.D.

Saturated soil strength, as measured using the Cone Penetrometer Index.
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0+00 5+00
5+00 10+00
10+00 20+00
20+00 25+00
25400 30+00
30+00 35+25
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TABLE 2.

Construction

Weight, oz/sy

Grab 8trength, lbs
Grab Elongation, %
Puncture, lbs
Trapezold Tear, lbs
Mullen burst, psi
Water Flow Rage, gpm/sf
A.0.8., sleve size

TABLE 3.

50+00 to 81+00

11/2

3/4
1/2
3/8

16
30
50
100
200
PAN

52 - Vancouver, Canada - Geosynthetics '93

TYPICAL PROPERTIES OF SEPARATION GEOTEXTILES

ASTM
Method

D3776
D4632
D4632
D3787
D4533
D3786
D4491
D4751

100
92.5
79.9
69.7
63.1
52.7
45.7
37.9
30.0
19.5
10.7

5.7

A
PET
Continuous
Filament
Needlepunched

Nonwoven

4.2
135/110
70/85
60
60/50
210
140
70-100

100
200
PAN

PP

4.0

200/200

20/18
80
65/65
el: 1]
5
40

ROAD BASE AGGREGATE GRAIN SIZE ANALYSIS

25+00 to

Silt Film

Woven

50+00

100
96.9
90.0
76.8
69.2
56.7
47.8
39.0
30.5
19.6
10.7

5.5

C
PET
Continuous
Filament
Needlepunched
Nonwoven

6.0
205/175
75/85
90
80/75
315
130
70-100



Note: Readings were generally in the 150-180 range (¢ = 12 to 15 psi) at
depths of 1" - 2",

ILE INSTALLATION AND ROAD BASE CONSTRUCTION

With the road and edge drains fine graded for proper cross-slope and drainage,
installation of the geotextile began. Construction of very thin 1lifts of base
material with a substantial coarse fraction (see Table 3 for base aggregate grain
size analysis) were expected to produce a “worst case” condition on the
geotextiles. Lifts of 1~1/2" thickness were used in the triple treatment segment
while a single 3" lift was used in the asphalt surfaced segment.

Trucks dumping base aggregate were allowed to run and dump directly on the
fabric. This was considered a "practical" acceptance of the typical methods of
constructing these low-volume roads as well as providing a "worst case" evaluation.

A motor grader spread the aggregate to the desired depths and an 8-ton
steel-wheeled roller provided the compaction of the Dbase material.

Geotextile sampling for construction damage in section one and two was done

after the completion of the aggregate base, but before the construction of the
surface course.

The third pavement "segment consisted of full-depth asphalt binder to a
compacted thickness of 2 1/2". No geotextile sampling was done in this segment,
but some field observations were made.

The only unsatisfactory observations made during the construction of the
full-depth segment involved placement of the 2 1/2" of hot asphalt on the woven
slit film geotextile. Circular-arc shaped cracks appeared in the pavement as the
paver progressed up a very modest (< 1%) grade and once again when paving a
somewhat steeper grade. This is believed to be a result of slippage of the
pavement at the geotextile/pavement interface.

EXHUMING GEOTEXTILE SAMPLES

It was assumed that the most severe construction loadings occur during set-up
of the base aggregate and that construction of the ensuing surface course would
impose less significant stresses on the geotextiles.

Samples were exhumed by shoveling aggregate off areas every 50 feet and

cutting out geotextile samples. Patches were then "tucked in" to repair the
sampled area.

All samples were marked with the station number corresponding to the sampling
location and a note was made if aggregate thickness above the fabric varied
significantly from the desired 3 inches.

TESTING AND RESULTS

Ninety-nine field samples were exhumed--twenty-two of each geotextile in
segment one and eleven of each geotextile in segment two.

. To avoid extreme results, both Mullen burst and
puncture tests were set up to intentionally exclude obvious puncture holes. Five
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Mullen burst and five puncture tests were run on each sample and the results were
averaged.

The results, as could be expected, were widely scattered, but when averaged
for each sample and for each location (when two samples were exhumed from the same
location) the results appeared quite consistent.

As shown in Table 4, the 4 oz/sy fabrics wused in the low survivability
conditions performed similarly in terms of percent strength retained.

Table 5 gives interesting insight into the need for a more durable geotextile
when more demanding survivability conditions are experienced. The six ounce per
square yard needlepunched nonwoven geotextile experienced approximately 20% and 40%
strength loss in the two pavement segments built using aggregate base. This data
points out the importance of considering road grade and drainage when assessing
survivability conditions and would indicate that this geotextile may not have been
durable enough for the given moderate survivability conditions.

CONSTRUCTION SURVIVABILITY OBSERVATIONS AND RECOMMENDATIONS

Using retained strength as a guide, the following observations are made
concerning the construction survivability of geotextiles in low-cost, low-volume
pavement structures:

Like-weight woven slit film and nonwoven needlepunched geotextiles exhibit
the same degree of construction survivability, in terms of retained
strength, under the like conditions tested here.

The required level of survivability must include an assessment of 1lift
thickness of base aggregate and roadway grade, as well as saturated
subgrade strength and construction vehicle loading.

4 oz/sy geotextiles of all types are too light-weight to resist localized
puncturing when thin base course lifts are used.

Table 6 summarizes survivability conditions and suggested appropriate
geotextile mass per unit area (Cicoff and Sprague, 1991).

MONITORING PAVEMENT PERFORMANCE

In order to characterize the relative long-term performance of the various
pavement sections, it was necessary to periodically inspect the road surface to
track degradation. An independent visual inspection program was initiated. The
program included quantitative assessments of the pavement surface by trained
technicians performed on a periodic basis.

The quantitative assessments were entered into a computerized pavement

management system which could then project the long-term performance of each
pavement segment.

A comparative evaluation was made only of the road sections using like-weight

geotextiles (i.e., 4 oz/yd®) and the control sections since these sections had
comparable grades and drainage.
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TABLE 4. GEOTEXTILE STRENGTH RETAINED
LOW SURVIVABILITY CONDITIONS*

4 oz/sy Continuous 4 oz/sy 81lit Film
Filament Needlepunched

NONWOVEN
Mullen Puncture Mullen Puncture
% %
Triple treatment over 3" Base 80 80 77 100
1 1/2" Asphalt Surface over 3" Base 100+ 100+ a3 100+

*Heavy construction equipment operating on firm, dry, well draining subgrade. Road
grades are flat to slight.

TABLE 5. GEOTEXTILE STRENGTH RETAINED
MODERATE SURVIVABILITY CONDITIONS**

6 oz/sy Continuous Fllament

Mullen Puncture
Burst % %
Triple treatment over 3" Base 57 73
1 1/2" Rephalt Surface over 3" Base 77 79

**Hoavy construction equipment operating on poorly drained subgrade.
Road grades are moderate to steep.

TABLE 6. GEOTEXTILE SPECIFICATIONS FOR CONSTRUCTION
SURVIVABILITY IN LOW COST, LOW-VOLUME ROADS *, *k*
(after Clcoff and Sprague, 1991)

Survivability Base Course Geotextlle
Level Thickness **

Low Dry, firm, flat > 6" compacted 4 oz/sy

Moderate Water sensitive, flat > 3-4" compacted 6 oz/sy

High wWater sensitive, grade > 2% > 3-4" compacted 8 oz/sy

Ak

These recommendations incorporate the allowance for constructlon vehicles to run directly
on the fabric during aggregate base construction.

For base course 1lifts less than 3", required survivability should be increased one

level (i.e. low to moderate).

These recommendations expect minor puncture damage to the geotextile. The resulting greater
sensitivity to pumping is not considered critical in low volume installations. Required

survivability should be increased for higher volume roads to protect against puncture damage
to the geotextille.
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PAVEMENT CONDITION EVALUATION

Greenville County utilizes the American Public Works Association’s Micro Paver
Software for Pavement Management. This program was developed by the U. S. Army
Corps of Engineers-Civil Engineering Research Laboratories. The basic data entered
on the various pavement sections rely on surface distresses. Their quantity and
severity establish the overall quality of a pavement. The pavement condition
index, or PCI, is established on a ranking scale from O to 100. The various
qualitative descriptions and the relationship to the PCI numbers are shown on Table
7. Additionally, the various types of distresses identified in the pavement
evaluation for a PCI determination are noted at the bottom of Table 6. Each of the
19 distresses associated with asphalt pavements relates to a deduct value from the
top rank value of 100. Pavement condition information is entered into and
weighting, deduction and projecting calculations are expeditiously handled through
the computer software program.

For our purposes, it is assumed that a pavement can be allowed to deteriorate
to a PCI of 50 before resurfacing or other rehabilitative work would be required.
Pavements exposed to traffic loads and volumes significantly greater than those
experienced by the low volume roads being addressed here, should be maintained at
some greater level. The action level is established by local preference.

The PCI rankings of the pavement excluded distresses that are not related to
the overall structural performance of the pavement. For purposes of this report,
sample wunits without areas damaged by construction, utility work, and other
localized distresses were intentionally selected. Sample units within each test
section contained approximately 2600 square feet. The sample units selected were
typical of the pavement within each section.

The results of PCI evaluations on various segments on Stockton Road are shown
on Table 8.

PROJECTING RATE OF DETERIORATION

Micro Paver utilizes a fourth degree equation to simulate the PCI
deterioration curve. The pavement performance curve characteristic of
Greenville County roads was generated using PCI data on all 1372-miles of roadway
within the County‘’s inventory. (Reference Figure 2). A unique, Greenville
County-based, deterioration rate curve was selected which best fit the limited PCI
data through the first 4-2/3 years. This selected deterioration rate curve is then
used to project the expected pavement life (to PCI = 50) for each pavement section.
(Reference Figures 3-6). Subsequent evaluations of the roadway may demonstrate
variances from the form of the general deterioration curves.

TRAFFIC VOLUMES

Prior to the installation of the pavements, Stockton Road served five (5)
homes. The estimated Average Daily Traffic (ADT) was less than fifty (50) vehicles
per day. Lacking traffic count data, the general allowance of 10 vehicles per day,
per household, was initially used. The current actual traffic counts indicate
usage at station 0+00 to be 300 vehicles per day with 5 % truck traffic. At the
terminus of the project (Station 81+00), the traffic count is 300 vehicles per day
with 5 % truck traffic. The road currently serves a total of seventeen (17)
residences. It is interesting to note the drastic impact the paving of this
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roadway appears to have had on the development of the area. This rural area is
well removed from any area showing development trends.

FULL-DEPTH ASPHALT

Figure 3 shows the projected lives of the various pavement sections utilizing
2 1/2" of full depth asphalt. In terms of pavement life for the 2-1/2 thickness of
asphaltic binder, the performance of the 4 ounce non-woven fabric increased
pavement 1life 1.1 years. The slit film material itself, as well as the problems
associated with placing asphalt on its relatively slick surface, clearly proved to
be a detriment to a full depth asphalt pavement.

ASPHALT OVER BASE COURSE

The predicted PCI values for the 1.5 inch asphaltic wearing course over the
3_inch stone base contained far less deviation than the other types of pavements
and are shown in Figure 4. The 4 ounce woven and non-woven fabrics performed
equally, increasing projected life by less than 1 year.

TRIPLE TREATMENT OVER BASE COURSE

Figure 5 shows the projected lives of pavement sections using triple treatment
over base course. Where triple-treatment was provided over the 3-inch stone base,
pavement life was only estimated at 6.0 years. This is the lowest anticipated
life of any of the designs used. The four ounce slit-film fabric appeared to
out-perform the nonwoven material. It should be noted that the triple treatment

produces a relatively rough, coarse surface texture which is somewhat difficult to
evaluate.

COMPARING PAVEMENT TYPES

Despite the effort to provide a pavement that would have a projected life of
15 years, all sections performed below expectations by showing a rather rapid
decrease in quality during the first two (2) years. Figure 6 was developed to show
the relative performance of the three (3) basic pavement designs under the control
conditions. The best overall performance was achieved by using a 3" stone base,
with a 1-1/2" thick asphalt surfacing overlay. The full depth asphalt binder
material, which was expected to have equal performance characteristics, showed
approximately seven (7) years of projected pavement life. The porosity of the
binder material may have had an impact on the rapid initial deterioration. Had the
asphalt binder material performed better as an initial paving surface, it would
have been a more desirable structural base for future overlays.

Although triple-treatment provides an all weather surface and protects the
subgrade from moisture related failures, overall it performs very poorly as a
structural material. Being the most flexible of the three (3) designs, the rutting
currently observed will likely continue and develop significant problems.

CONSTRUCTION COSTS

Table 9 details the costs of constructing the pavements utilized in this
test. Comparable direct and contracted prices for similar installations are
currently being experienced. All hot-laid asphalt materials, as well as the fabric
and base under these materials, were placed in conjunction with the County’s
annual resurfacing program by a private contractor. The costs associated with
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II.

w/ 4 oz/sy NW
w/ 6 oz/sBy NW
w/ 4 oz/sy WSF

None

w/ 4 oz/sy NW
w/ 6 oz/sy NW
w/ 4 oz/sy WSF

None

w/ 4 oz/sy NW
w/ 6 oz/sy NW
w/ 4 oz/sy WSF

None

II.

III.

TABLE 9. STOCKTON ROAD, GREENVILLE COUNTY, SC, ROAD SURFACING COST DATDATA

$
.06
.06
.06
FABRIC
$
.06
.06
.06
FABRIC
LABOR MATERIAL
$ $
.06 .40
.06 .55
.06 .40

LABOR

$

23
23
23
23

$
40
55
40
FABRIC TAT.
$
.40
.55
.40
BASE
MATERIAL  EQUIPMENT
$ $
194 .49 -
1 94 .49 -
194 .49 -
1.94 .49

(1.3" actual)

3.50
3.50
3.50
3.50

ASPHALT(1.3" actual)

BASE
$ $
2.29 1.78
2.29 1.78
2.29 1.78
2.29 1.78
TRIPLE

$

MATERIAL  LABOR

$

TABLE 10. STOCKTON ROAD, GREENVILLE COUNTY, SOUTE CAROLINA
ROAD SBURFACING COSTS DATA WITH PROJECTED PAVEMENT LIFE-CYCLE COSTS

4 oz/sy Non-woven
Woven/Slit Film
Control/No Fabric

4 oz/sy Non-woven
Woven/Slit Film
Control/No Fabric

4 oz/sy Non-woven
Woven/S1lit Film
Control/No Fabric

INITIAL
COSTS

$/8Y

96
3 96
3 50

4.53
4.53
4.07

5.77
5.77
5.31

PAVING
LIFE
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EQUIVALENT
UNIFORM
ANNUAL COST

$/8Y

0.4618
0.9706
0.4615

0.4944
0.4854
0.4701

0.7252
0.6553
0.6439

3.96
4.11
3.96
3.50

4.53
4.68
4.53
4.07

5.77
5.92
5.77
5.31



construction of the triple treatment section reflect county labor, equipment and
materials.

EQUIVALENT UNIFORM ANNUAL COSTS

To account for varying pavement lives when comparing pavement alternatives an
annual cost comparison technique was chosen. The Equivalent Uniform Annual Costs
(EUAC) were calculated for each pavement test section using pavement lives
projected by the selected deterioration curves. The assumptions include an
interest rate of 7.5% and a restoration cost of $1.78/sy to provide an asphaltic
overlay once the PCI had deteriorated to 50. EUAC equations are described in

by Donald G. Newman, Engineering Press, 1977 Edition,
Page 104.

Table 10 summarizes the Equivalent Uniform Annual Costs for the various
pavements installed for this project. The 2-1/2-inch full depth binder
control pavement demonstrated equivalent annual costs equal to the pavement
section where 4 ounce non-woven fabric was used. The 4 ounce woven slit film
materials were not suitable for use under full depth pavement.

For the pavement section constructed of 1-1/2-inch asphaltic wearing surface
over a 3-inch stone base, the annual costs for installations utilizing fabric run
only slightly higher. This seems to indicate that, even in the relatively
short-term, the presence of fabric at the interface may pay for itself by even
modestly enhancing overall pavement performance. After long term performance can be
monitored, it will be seen if the presence of a fabric substantially increases
pavement life by providing protection of the subgrade through its separation
characteristics.

The performance of triple-treatment over the 3-inch stone base demonstrated a
near equal equivalent annual cost benefit when utilizing 4 oz/sy woven fabrics and
no fabric at all. The section with the 4 oz/sy non-woven produced a somewhat
higher EUAC.

CONCLUSION

Geotextiles provide subgrade/base interface stability which will
generally increase the life of a pavement section. Little is known about low
volume pavement design utilizing geotextiles. Principles of reduction in aggregate
base depths to offset costs of paving fabricse are not applicable to thin designs.

In most cases, life cycle costs for pavement with fabric were equal to or only
slightly greater than the costs associated with the control sections which did not
utilize fabrics. Local conditions still warrant the evaluation of life cycle costs
asgsociated with any project since the construction costs will vary with the
locality. Yet, in general it appears that the additional costs associated with
including a fabric do not significantly increase the life-cycle costs of the road.

Low volume pavement designs are very susceptible to accelerated deterioration.
Where average daily traffic is less than 500 vehicles per day, the pavement life is
significantly impacted by any increases in truck traffic. The presence of fabrics
may reduce the susceptibility to rapid deterioration.
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Fabrics may or may not enhance initial pavement performance, but as subsequent
overlays are placed, fabrics should continue to protect base courses from fouling
and therefore may enhance future pavement performance.

In conclusion, the short-term results of wutilizing fabric in low volume
pavement designs is promising but inconclusive. It is expected that future
evaluations will provide insight into the relationships between fabric weights,
construction survivability and pavement performance. Many questions remain
regarding long-term performance of these test sections. Most notably, will fabrics
prevent accelerated deterioration as cracking patterns allow water to pass through
the pavement and base material to the detriment of the subgrade.
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A Field Evaluation of Geosynthetic-Reinforced Haul Roads Over Soft
Foundation Soils

D.N. Austin
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ABSTRACT

Although geosynthetics have been used for several decades as effective tools to
rein t £ ry few well P ssist
the in economical r haul
road mu rch has been o 8 and
geot im rformance, o ull s have
been on improvements ics roads,
haul ot ow=volume ro cte

This paper presents the results of a full-scale field study conducted to evaluate

the ef tics the pr or in aggregate
layers . A t road ge test sections
was co ays. Each test section contained a different
geosynthetic, with t u
subbase of the test 0
and 260 mm thick. A nominal aggregate
anticipation of severe wheel rutting. By n
relationship between field observation 8
information/available technical literatur i
evaluation d the rs to develop data on the performance of geogr nforced
aggregate over subgrades and to compare the results to ac design
theories.
INTRODUCTION

Haul roads, temporary access roads and other low-volume roads generally demand an
economical efficient T gate temporary ro are
generally c¢ cterized by ely e , or ation traffic are
often constructed over poor (very soft) soil conditions.

eral

years t of a
weak P ents
lateral spreading of the aggregate from b y etic
reinforcement prevents the aggregate base material from punching into the soft
foundation soils. Because base "punching"” or localized shear failure is prevented,
this results in an improvement of the load distribution capability of the aggregate
base Therefore induced a subgrade underlying a
geosy -reinforced ill be 1 than the st 8 acting on a

subgr 1 underlying layer.
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Although laboratory testing of geosynthetic-reinforced granular layers over soft
goils has demonstrated the effectiveness of the concept, very few full-scale field
tests have been conducted to verify existing concepts and laboratory data. Since
beneficial effects of geosynthetic reinforcement are greatest when the construction is
over soft, cohesive soils having a California Bearing Ratio (CBR) below 2 percent, this
study attempts to evaluate the field performance of several different types of
geosynthetics placed below a temporary haul road constructed on very soft (a CBR of
about 1 percent) clay soils.

GEOTECHNICAL INVESTIGATION

The test road was located near Greenville, Mississippi in a large culvert storage
facility owned and operated by Caldwell Culverts, Inc. Originally, the area where the
test road was constructed consisted of grass and underbrush. The soil had not been
disturbed due to the soft nature of the surface. Approximately 300 mm of humus layer
was removed from a 10 meter by 100 meter strip located at the test site. This humus
layer was removed using a small dozer with low ground contact pressures to cause a
minimal amount of disturbance to the underlying soils. This excavation exposed a stiff
gray clay that was consistent over the entire excavated area.

A preliminary soils investigation was conducted in August 1991. This preliminary
investigation consisted of five soil borings in the vicinity of the proposed test road.
The results of this soils investigation revealed a subgrade with the properties shown
in Table 1.

Table 1. Results of Preliminary Soils Investigation
(August 16, 1991)

Bearing Ratio (CBR) 3% to 6%
Natural Water Content 27% to 40%
Liquid Limit 73% to 85%
Plastic Limit 23% to 33%
Plasticity Index 48 to 55
Undrained Shear Strength 48 kN/m? to 268 kN/m?
In-Place Dry Density 1220 kg/m3 to 1270 kg/nﬁ
Classification (USCS) CH

These initial soil strengths were too high for the desired field evaluation
conditions. The excavated test site was flooded with water and allowed to remain
exposed to the environment for nearly eight months in order to soften the soil. 1In the
Spring of 1992, the flooded test area was drained by excavating a small ditch around
the test pad and a final soils investigation was performed.

This final soils investigation included field bearing ratio tests, undisturbed
sampling of the near-surface soils, and dynamic cone penetrometer (DCP) testing in
selected locations. Field bearing ratio tests were used to determine the in-situ
strength of the subgrade while the undisturbed Shelby tube samples were used to
determine the undrained shear strength, natural moisture content and dry unit weight.
A summary of the preconstruction soils investigation results 1is presented in Table 2.
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Table 2. Results of Preconstruction Soils Investigation
(Rpril 9, 1992)

Measured CBR
Field Moisture Undrained Shear from
Test Station CBR Content DCP+
Number* (percent) (percent)
T-1 0 41.9 31.8
CBR-4 6.1 0.6 0.9
T-2 12.2 43,2 1220 32,1*%* 0.7
CBR-5 18.3 0.4 0.7
T-3 24.4 40.7 1250 24.7 0.8
CBR-6 30.5 0.7 0.6
T-4 36.6 39.2 1275 33.5%% 0.7
CBR-7 42.7 1.1 0.8
T-5 48.8 40.1 1240 16.1 0.7
CBR-8 54.9 0.6 0.9

Notes:
* npv denotes 75 mm Shelby tube undisturbed sample; "CBR" denotes field bearing
ratio test.
*% Results from unconsolidated-undrained triaxial test. Other results from
unconfined compression tests.
+ Estimated from DCP Index (DCPI) using WES correlation for top 300 mm of

subgrade.

The ( P
consisti e 8
driven i 8 d
an an 8
4 mm is
exert ing
either an 8 kg or 4.6 kg sliding hammer fr gth
soils encountered in this study, the 8-kg ing

a hexagonal set screw and removing the outer steel sleeve. Using the lighter weight
hammer, the cone penetration caused by one blow of the 4.6-kg hammer is approximately
one-half of that caused by one blow of the 8-kg hammer [1].

The depth of cone penetration was measured at selected drop intervals and the soil

shear strength reported in terms of the DCP Index (DCPI). T is ba on the
average penetration depth resulting from one blow of the 8-kg . For 4.6-kg
hammer in netration for each blow must be
multipl y tw ected DCPI value. I al DCPI values
were de ned were used to develop a soil strength versus
depth profile for the test location. (It should be noted that in high plasticity clay
goils such as those encountered in this stu rod begins
to effect the ion ce obt 300 mm to
400 mm. For on, Index 00 mm were

used for correlation with CBR.)
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Correlation of the DCPI with CBR is necessary since CBR is the soil strength value
generally used for designing and evaluating aggregate-surfaced roads. A data base of
field CBR verses DCP Index values has been collected from many sites and for many
different soil types by the US Army Corps of Engineers Waterways Experiment Station
(WES). Using this data, WES has developed a correlation between CBR and DCPI [1].
This relationship is shown in Equation 1 below:

log CBR = 2.46 - 1.12 (log DCPI) (1)
Where:
CBR = the measured field CBR value; and
DCPI = dynamic cone penetrometer index value.

GEOSYNTHETIC MATERIALS

Six different geosynthetic materials were chosen for the evaluation. These
materials included polypropylene geogrids, woven geotextiles and nonwoven geotextiles.
These samples were sent to a laboratory and tested in accordance with ASTM D4595 to
obtain their wide width tensile strengths. The geosynthetic materials utilized and
their respective tensile properties are summarized below in Table 3.

Table 3. Description of Geosynthetic Materials

Station Geosynthetic Wide Width Tensile Strength* Description
(kN/m)
MD CMD

3.05 Geogrid 1 15.5 20.9 Extruded
9.15 Geogrid 2 17.6 32.9 Sheet-Punched
21.35 Geotextile 1 39.3 44.5 Woven

33.55 Geogrid 4 26.5 26.2 Extruded Triplanar
45.75 Geogrid 1 & 15.5 20.9 Extruded

Geotextile 2 50.6 N** 50.6 N** Nonwoven
51.85 Geogrid 3 14.2 15.9 Extruded Triplanar
Notes:
* "MD" indicates machine (or roll) direction; "CMD" indicates cross-machine (or

perpendicular to the roll) direction.
** Indicates Grab Tensile Strength (ASTM D4632) reported in absence of actual
wide width test values.

CONSTRUCTION OF TEST ROAD

Each geosynthetic was deployed on the evaluated subgrade, carefully overlapping
adjacent sections in the direction of anticipated fill placement. A well-graded
crushed limestone (classified as GW according to Unified Soil Classification System)
was chosen as the aggregate subbase for its strength, availability and acceptance in
temporary access and haul road construction. The aggregate subbase, locally referred
to as "610 ", had the g size characterigtics s in 1. It had a
Standard Pr maximum dry ity of 2210 kg/m’ at an mum re content of
7.1 percent when tested in accordance with ASTM D698, Method D. Figure 2 presents a
plan along the constructed test road showing the location of the test and control
sections.
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Due to the soft subgrade soils underlying the test road, an attempt was made to
minimize construction traffic over the test sections, thereby minimizing the
disturbance to the subgrade. A staging area of the aggregate subbase was constructed
between Station O and the concrete access road to the test site. Dump trucks hauling
the aggregate subbase were backed onto the staging area and dumped near Station 0. The
aggregate subbase was then spread over the test road using a Caterpillar D4 dozer to
an initial depth of about 350 mm to 500 mm. No effort was made to compact the
aggregate subbase with equipment other than the small dozer. After the aggregate
subbase was walked-in with several passes of the dozer, the dozer was used to cut the
thickness to about 200 mm and the surface was back-bladed to provide some leveling of
the test section.

Each test section was approximately 6 meters wide by 6 meters long. All
geosynthetics were overlapped approximately 1 meter. Since the transition areas
contained two different reinforcement products, a data collection station was
established at the midpoint of each test section.

After the construction of the test section was complete, additional field testing
was performed using the dynamic cone penetrometer to provide an estimate of the CBR and
the actual thickness of the aggregate subbase. In addition, a nuclear moisture-density
gauge was used to determine the in-place dry density and natural moisture content of
the aggregate subbase. This data is presented in Table 4 and is representative of the
conditions that existed at the start of the traffic tests. Therefore, this information
will serve as the data to be used in the final analysis. Figure 3 presents a profile
of subbase and subgrade strengths as determined from this post-construction soils
investigation. Photograph 1 presents an overall view of the completed test road, prior
to the application of the test road.

Photograph 1. Completed Test Road
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Table 4. Results of Post-Construction Soils Investigation
(April 13, 1992)

Subarade tea Subbasge
CBR CBR Coefficient

from from of Moisture

Station DCP+ Thickness DCP+ Variability*#%* Content

(percent) {mm) (percent) (percent) {percent)
0 0.9 205 20 38.4 2110 2.9
3.05 0.8 265 14 34.8 2130 4.1
6.1 0.9 220 12 7.2 2020 3.9
9.15 0.9 225 15 13.3 2020 4.0
12.2 0.7 190 21 37.8 2060 3.0
15.25 0.6 225 14 68.6 1960 3.2
18.3 0.7 210 18 41.6 2000 3.7
21.35 0.5 250 16 51.4 2070 2.4
24.4 0.8 225 11 57.0 2130 3.0
27.45 1.0 210 8 45.4 2110 7.8
30.5 0.6 180 19 21.5 2100 2.6
33.55 0.6 175 20 39.3 2080 2.8
36.6 0.7 215 18 37.1 1960 3.2
39.65 0.9 200 18 50.6 2020 3.2
42.7 1.0 215 14 43.5 1990 3.8
45.75 0.9 215 13 39.3 1950 3.5
48.8 0.7 225 10 26.2 1930 2.6
51.85 1.0 260 15 41.1 2050 2.8
54,9 0.9 280 12 40.7 2070 3.2

Notes:

+ Estimated from DCP Index (DCPI) values using WES correlation [1].

*x* Coefficient of variation ([Std. Dev./Mean] X 100) of estimated CBR through
depth of base course. Provides indication of variability in compaction: the
lower the C.V., the less variation in the base strength (i.e. the more
uniform the compaction).
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Figure 3. Profile of Soil Strengths in Test Road

FIELD TEST PROGRAM

The test vehicle used in this study was a two axle dump truck with the rear
axle loaded to approximately 80 kN using corrugated flat steel. The wheel/axle
configuration and other pertinent data for the truck is shown in Figure 4. The tires
were inflated to 550 kPa and the axle load was checked at the beginning and end of each
day at a truck scale located at the plant. Photograph 2 presents an overall view of
the loaded truck.

Axle Load

25.1 kN

385 m

81.4 kN

106.5 kN
243 m

Figure 4. Test Vehicle Configuration
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Photograph 2. Loaded Test Vehicle

An initial cross section at each data collection station was obtained at the zero
pass level. At selected pass intervals, or at the failure of any test section, the
cross-section at each data collection station was measured. Observations made during
traffic operations and rutting characteristics were also recorded. The test road was
trafficked with the test vehicle until a 75 mm rut occurred or traffic over the section
was no longer possible. This rut depth was considered to be failure and the
observations made during the testing were documented.

PERFORMANCE OF TEST SECTIONS

All failed sections exhibited similar characteristics of severe rutting with
adjacent upheaval. Contamination of the granular subbase by the soft subgrade clay was
evident in those sections not containing a geotextile separator. The degree of this
contamination varied in each section. However, the rutting, upheaval and contamination
observed in all test sections were consistent with shear deformation and failure of the
subgrade.

Table 5 presents a summary of the test results showing the number of observed
passes to failure. The number of observed passes were converted to equivalent standard
axle load (ESAL) passes using a conversion of 1.13 ESAL passes per 1.0 actual passes

(21.
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Table 5. Summary of Test Results

Station Geosynthetic Failure ESAL Passes To Failure++
50 mm 75 mm End* 50mm  75mm  End*
3.05 Geogrid 1 53 63 75 60 71 85
9.15 Geogrid 2 31 43 51 35 49 58
15.25 Control 1 16 20 20 18 23 23
21.35 Geotextile 1 52 59 60 59 67 68
27.45 Control 2 4 12 19 5 14 21
33.55 Geogrid 4 - - 29%* - - 33%%*
39.65 Control 3 2 6 10 2 7 11
45.175 Geogrid 1 & 30 45 45 34 51 51
Geotextile 2
51.85 Geogrid 3 21 45 45 24 51 51
Notesg:

* End of traffic in that section.

** Traffic stopped at 40 mm rut depth due to failure at transitions.

++ Equivalent Single Axle Load (80 kN Single Axle Dual Wheel) calculated as 1.13
ESAL passes per 1.0 pass of test vehicle using Corps of Engineers Procedure

(21.

Results of the cross-sections obtained at selected pass levels were used to
develop a plot of rut depth versus number of ESAL passes for each of the test sections.
This data is presented in Figures 5 and 6. Figure 5 presents rut depth versus ESAL
pass data for Geogrid 1, Geogrid 2, and Geotextile 1. Figure 6 presents rut depth
versus ESAL pass data for Geogrid 3, Geogrid 4, and Geogrid l1/Geotextile 2 combination.
Additionally, the average rut depth determined from the cross section data was plotted
along the length of the test road to produce a profile that indicates the relative
magnitude of the rut depths within each test section. This profile is presented in
Figure 7.

A [4
|4 e s
R -20
4
g -40 \\
.Z -60 A
T oo SENE\N
N

g-wo \ \ \ *
P
T
H -120
m

-140
m 0 20 40 60 80 100

ESAL PASSES

REINFORCEMENT TYPE
—E- Control 1 —9— Control 2 —%= Control 3
~B- Geogrid 1 —2— Geogrld 2 —9— Toxtlle 1

Figure 5. Average Rut Depths
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Upon completion of the test fic, fic lanes
and immediately adjacent the tr lan tigation.
Excavation of the geogrid sections reveale aggregate
subbase r in th the apertures of the rid. The
aggregat s with the cohesive subg soil for
thicknes a ab o about 190 mm above the original subgrade
elevation. Excavation of the geotextile sections indicated no contamination of the
aggregate . The geote did form their function as separators and there
was no e of actual e f re. However, it was evident that the

geotextiles were in tension.
Table 6 presents the results of this post-traffic soils investigation that

evaluated the in-place subgrade properties and estimated the amount of aggregate
subbase contamination and intrusion into the subgrade.
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ANALYSIS OF RESULTS

After reducing the data gathered from the field evaluation, several possible
relationships were analyzed to determine the relevance and appropriateness of the

resul . Figu 5, 6, and 7 clearly sho e r e in the performance of the
test ad when osynthetics are used to fo e e subbase placed over soft
subgr e soils However, by themselves, e u c not quantify the amount of
improved performance attributable to the ge ics. o) ce was
quantified by normalizing the ESAL passes to for a t by the

ESAL passes to failure of the corresponding control section.

The improved performance of the reinforced sections of the test road was calculated
at rut depths of 50 mm and 75 mm. This i
of actual passes over the reinforced secti
by the nu of p 8 over the corre
same rut h. the purpose of
"performance factor". Table 7 presents t
section along the test road at rut depths of 50 mm and 75 mm.

Table 7. Performance Factors from Test Road

Geosynthetic Control
Geogrid 1 Control 1 3.3 3.2
Geogrid 2 Control 1 1.9 2.2
Geotextile 1 Control 1 3.2 3.0
Geogrid 4 Control 3 1,3*%%*
Geogrid 1 & Control 2 4.6 4.4+
Geotextile 2
Geogrid 3 Control 1 1.4 2.2

* Performance Factor =

Pagses over control section
*%* Calculated at 40 mm rut depth
+ Calculated at 60 mm rut depth

The data in Table 7 clearly demonstrates that sections containing geosynthetic
reinforce d in those ions carrying between 1.9 times and 4.6 times the
number of as the unr rced sections for a 50 mm rut depth. Furthermore,
these sections were able to withstand between 2.2 times and 4.4 times the number of
passes for a 75 mm rut depth. A similar trend of the improved performance of the

geosynthetic-reinforced se over the unreinforced (control) sections is also seen
in the deflection profile in Figure 7.

These performance factors were also used to establish possible relationships with
the initial fi evaluation par k soil pro es, and the physical
properties of geosynthetic t in the road. The tensile
characteristic the various g cs used in this study were determined from
laboratory tests and are presented in Table 3. The wide width tensile strength was
plotted against the e sa th sho n seen
from this figure, w a to a inc e with
increagsed geosynthetic strength, the da a ient such

conclusion. This indicates that this measure of performance is somewhat independent
of the geosynthetic tensile properties and the specific manufacturing process.
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HAUL ROAD DESIGN

The results of this field evaluation of a geosynthetic-reinforced test road built
over goft soils were compared to analytical work and theoretical design procedures
proposed by Giroud, Ah-Line and Bonaparte [3]. The purpose was to determine the
consistency of these results with theoretical design procedures for unreinforced and
geogrid-reinforced, aggregate-surfaced roads built over soft soils. The results of
this comparison are presented in Figure 9. It appears that the results of this field
study correlate fairly well with this previously published theoretical design
procedure.

The theoretical aggregate subbase thickness requirements for 80 kN ESAL passes
operating on unreinforced aggregate subbase was calculated using the Giroud, et al
procedure (3] and plotted as dashed lines in Figure 9. This is presented specifically
for a subgrade with a CBR of 0.6 and 1 percent, respectively. The solid line is
repres of the the s requirements for an unre rced subbase
over a having an value of 27.6 kN/m°, which actually the
average cohesion of the subgrade at the time of this field test.

The results of the three control, or unreinforced, sections were plotted in Figure
9. The number of passes required to reach a 75 mm rut depth for the initial subbase
thicknesses are shown as points on the graph. These data points demonstrate reasonable
agreement with the theoretical aggregate subbase thicknesses for an unreinforced
subbase that is shown as dashed lines. Therefore, our results indicate that this
theoretical procedure can be used with reasonable results to calculate the required
thickness of an unreinforced aggregate subbase over soft subgrade soils [3].
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The theoretical thickness for a geosynthetic-reinforced aggregate subbase over

soft subgra a
Figure 9. ot
similar to ei
requirements for a -reinforced
calculated over a s having an a

in fact the average cohesion of the subgra
shown in Figure 9 as a solid line.

The results of the six geosynthetic-reinforced sections were also plotted in

Figure 9 as the of p ired to cause 75 mm of rut depth as a function of
the actual init base in th¢ test section. In this case, there is not
a definitive agreement between the actual and the theoretical thickness. The thickness
of geosynthe g ase calculated the theoretical
procedures is t installed in this to reach the same
number of pas o t section.

It is our opinion that this inconsist is due to the di in subbase
strength een the al mpt and the actual ved during
construct The th de e

test sections ranged from a CBR of 8 to 20

1 strength
1 subbase
strength achi in th d test sect ggregate
thickness in r to the number oretical
procedure [3].
o/
4 Giroud,” Ah-Line & Bon:sart (1984)
For Average Subgrade I, = 27.6 Kn/m?
‘ reinforced Subbase
N
&/
oud et al
/// = 0.6 Reinforced
/ /
E / ,/
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Figure 9. Haul Road Design Comparison
Giroud, Ah-Line and Bonaparte [3]
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CONCLUSIONS

Conclusions developed from this full-scale field evaluation of geosynthetic
reinforced haul roads are as follows:

1. Geogsynthetics are an effective way of reinforcing and stabilizing an
aggregate-surfaced haul road constructed on soft cohesive soils having a CBR of
less than 1 percent.

2. The performance factors calculated with the test data from this field
evaluation indicate that 2 to 3 times the number of ESAL passes were carried by
the reinforced sections than the similar unreinforced (control) sections.

3. Limited data from this field evaluation indicates that the performance
of polypropylene geogrid-reinforced haul roads constructed on soft soils
seems to be independent of the tensile strength and the process used to
manufacture the products.

4. The use of a nonwoven geotextile separator together with a polypropylene
geogrid reinforcement at the aggregate/subgrade interface resulted in increased
performance of haul road when evaluated with calculated performance factors.

5. The number of axle load passes actually achieved for a given thickness of a
geosynthetic-reinforced aggregate subbase over soft subgrade soils is less than
the expected number of passes calculated based on the design procedure developed
by Giroud, Ah-Line and Bonaparte [3). It is believed that this difference is due
to the fact that higher in-place aggregate strengths are assumed in the
theoretical design procedure than those actually achieved during the construction
of haul roads.
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ABE Airport Sinkhole and Subgrade Remediation, Allentown, Pa.

P.E. Gauffreau
NTH Consultants Ltd., USA

C.E. Reynolds
The Reinforced Earth Co., USA

ABSTRACT

Sinkholes and soft subgrade soils have contributed to progressive failure of the
taxiway pavementsg at Allentown-Bethlehem-Easton (ABE) International Airport. A
comprehensive subsurface investigation defined the existing conditions and the extent
of severe subgrade damage. A cost-effective subgrade stabilization system featuring
structural geosvnthetics was chosen from among several alternatives. The lavered
design, which includes geotextiles, compacted soil, and geogrids, serves two purposes:
support of the pavement section over a weak foundation and support of an aircraft load
over a sinkhole void. Generic testing methods for the geosynthetics were specified to
permit competitive bidding among qualified manufacturers. Construction experiences
also provided lessons for future geosynthetic designs.

INTRODUCTION

ABE Airport. Allentown-Bethlehem-FEaston (ABE) International Airport is located in
Hanover Township, Lehigh County, Pennsylvania. Originally a municipal airfield, ABE
Airport has grown rapidly into a moderately sized commercial facility serving the
Lehigh Valley and the surrounding region. Six major passenger airlines and two major
shipping companies currently operate out of the airport while several corporations, a
commuter airline, and numerous general aviation aircraft have hangar facilities there.

Future expansion plans for the airport include doubling the size of the passenger
terminal, extending the length of the main runway to 10,000 feet, and building a nev

parallel 6,000-f T Y. t step of this program, however, was to improve
the airfield's st in ure, particularly the deteriorating taxiway

pavements., A significant contributor to this problem were the sinkholes which had
plagued the airport for vears.

Sinkhole Formation. Sinkholes are common phenomena in the limestone regions of

lvania. Limestone is a carbonate rock which is prone to aggressive
solutioning. Water leaching through the soil causes the carbonate bedrock to weather
(solution) along planes of weakness (fractures, joints, etc.) which results in the
formation of voids or cavities within the rock mass and at the rock surface. As these
voids grow, the unsupported soil washes or collapses into them, creating voids at the
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soil overburden-rock interface and resulting in the soil overburden arching over the
voids. As the soil arches relax, the soil matrix loosens. If this condition persists,
the arches collapse into the void and the process is repeated as the cavity propagates
to the ground surface as a sinkhole. (See Photo 1).

Photo 1. Typical Sinkhole in Taxiway Subgrade Soil

Such solutioning activity results in a loss-of-support condition for the pavement
subgrade soil which threatens the load-carrying capacity of the soil. The potential
for loss-of-support conditions at the soil overburden-rock interface and/or sinkhole
formation is directly related to the depth of the seamy, cavernous limestone from the
ground surface. Shallow limestone with less soil overburden cover is exposed to
greater volumes of infiltrating surface water and, as a result, is typically degraded
to a higher degree (with more seams and cavities) than the deeper limestone.
Furthermore, there is less overburden soil in such cases to arch over a growing void.
Therefore, a higher potential for sinkhole development is present when limestone is
shallow.

Investigation. Several techniques were employed to located and isolate the zones of
weakened subgrade soil, advanced solutioning activity, and sinkhole formation beneath
the existing taxiways. The first technique was non-destructive deflection testing
(NDT) of the asphalt pavement.. NDT is used to estimate the modulus of elasticity
(resilient modulus) of the various pavement layers, including the subgrade soils, and
was successful in identifying pavement areas with a weakened subgrade.

The second technique involved television inspection of the stormwater lines
beneath and adjacent to the taxiways. The videotape records clearly showed sags in the
pipelines as well as miscellaneous structural damage which indicated a loss of support
from the underlying soils. The locations of these loss-of-support conditions generally
coincided with the locations of the weakened subgrade identified by the NDT.
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Once the suspect areas had been delineated, a test boring program was performed
to define the subsurface conditions. The test borings encountered a typical limestone
weathering profile consisting of residual silty clay over intact rock. Advanced
solutioning activity was identified when the residual soil became more soft and moist
with depth. Some test borings encountered particularly soft soil and even some voids
immediately beneath the taxiway pavement which posed significant danger to the
aircraft.

DESIGN OF SUBGRADE STABILIZATION

Once the z of subgr 1 and le
elineated, a od lizati requi a
stabilization method would have to restore a upport paveme i 1d

have normally been provided by stable residual soil. Furthermore, the method would
have to provide reasonable security against future sinkhole collapses. Three methods
were considered and judged on the basis of risk mitigation versus construction costs
and durations.

The first method would have consisted of the excavation and replacement of the
weakened subgrade soils, including the plugging or repair of limestone seams or
cavities. This method was rejected because the tremendous volume of soil to Dbe
excavated and the extreme variability in the depth to intact limestone would have
resulted in prohibitive construction expenses.

The second method would have involved several stages of grouting to plug
subsurface seams and cavities and to recompact loosened subgrade soils. This method
was also rejected because of the relative uncertainty associated with grouting under
such conditions as well as the potential for excessive costs.

The third method would involve the construction of a subgrade system that would
support the pavement over the weakened residual gsoils, including potential sinkhole
voids of a finite size. The subgrade could be modeled as both an "embankment" on a

weak fou S cted system
would co in (subgrade)
soils to nt the airport

facilities, it was believed that this method was relatively simple to construct and,
as a result, economical. Furthermore, since the geosynthetics were designed to undergo
some strain prior to failure, the system is believed to be capable of providing a
visual "early warning" mechanism if sinkholes develop in the future beneath the
pavement in the areas of subgrade remediation.

The selected subgrade stabilization method, consisting of alternating
horizontal layers of geosynthetics and compacted soil, would perform two tasks. First,

it would of r the
weakened WO n soils
over the th ories
developed ry s 1y in

the landfill industry.

Reinforced Embankments Over Weak Foundations. The primary design concern with an
embankment on weak foundation soils is localized vertical shearing or slip surface
failure under the applied load. Horizontal tensile reinforcement, as provided by
geosynthetics, decreases the average shear stress and shear strain magnitudes and the
extent of the plastic zone in the foundation (Bonaparte and Christopher, 1987). The
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reinforcement stiffens the embankment so that it behaves as a semi-rigid mass.
However, since the reinforcement does nothing to increase the strength of the
foundation soil, the foundation soil must have adequate strength to support the entire
reinforced embankment. Therefore, the reinforcement simply reduces the critical
failure mechanism to one of bearing capacitv under the transmitted uniform load.

The design objective is to determine the required tensile strength per unit
width, T, for the geosynthetic reinforcement to support an embankment of height, H.
Simplified design charts based on limit equilibrium analyses have been developed for
embankments built on saturated clav foundations. The chart presented in Figure -1
provides a conservative estimate of T to obtain a state of limit equilibrium (FS=1).
Larger factors of safety may be applied by using factored soil strengths. These charts
were developed on the basis of (a) moment equilibrium along the critical circular arc
through the foundation and the Conlomb wedge through the embankment, and (b) horizontal
force equilibrium along a critical mulipart wedge (Milligan and Bushridge, 1983). The
latter equilibrium condition was found to control for ratios of foundation depth (depth
to an intact surface), D, to embankment height, H, of less than about 0.5.

20
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Figure 1. Stability chart for the design of embankments on weak
foundationg (after Milligan and Bushridge, 1983).

Excavating, repairing, and backfilling

vanced solutioning does not eliminate the

potential for future sinkholes, It is prudent to expect and to prepare for such
occurrences, A geosynthetic layer placed at the base of the embankment soils may be
designed to provide support over a potential void of a finite diameter. After a void
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has developed, the geosynthetic will deflect into the opening under the weight of the
embankment soil and the applied load. The deflection mobilizes two support mechanisms:
bending of the embankment soil and stretching of the geosynthetic (Giroud et al, 1990).

The bending of the embankment soil generates arching in the soil, which transfers
a portion of the applied load away from the void area (see Figure 2). As a result, the
vertical stress, o,, over the void area is smaller than the average vertical stress,
yH+q. The stretching of the geosynthetic mobilizes a portion of the geosynthetic's
strength. Consequently, the geosynthetic acts as a "tensioned membrane" and is able
to support a load applied normal to its surface.

SRS NNy

SOIL LAYER(y)—

— Oy2a+¥H

O Oy<a+oH Oy = a4 4

LLLLll

Figure 2. Effect of soil arching on load distribution
(after Giroud et al, 1990)

These two mechanisms are considered separately for conservative design purposes,
resulting in a two-step approach. First, the behavior of the embankment soil 1is
analyzed using classical arching theory, which yields the vertical pressure, P, heing
applied to the geosynthetic over the void. For a circular void and an embankment soil
with an angle of internal friction, @, greater than 20°, P may be approximated by

P o= 2yr (1-e8Hr) 4 qetdir o
where y, r and H are defined in Figure 2 (Giroud et al, 1990).

Second, the required horizontal geosynthetic tension per unit width, T, may be
determined using tensioned membrane theory. For a circular void, the average value of
T may be approximated by

T=PrQ (2)

where O is a dimensionless factor related to strain in the geosynthetic as shown in
Figure 3 (Giroud et al, 1990). Equation (2) is only valid for a geosynthetic with
uniform tensile properties in the two principal directions.

Equations (1) and (2) are combined in the design chart presented in Figure 4.
A typical design problem may have any one of the four variables: geosynthetic tension
per unit width (T), embankment soil height (H), void size (r), or vertical pressure
(Py. TIf three variables are known or assumed, Figure 4 may be used to solve for the
fourth. Otherwise, if two or more variables are unknown, several combinations of
assumed values may be evaluated to determine the most economical design.
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Figure 4. Design chart relating pressure on and tension in the
geosynthetic over a void (after Giroud et al, 1990).
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Desiqn Assumptions. Since little information regarding similar applications were
available to the authors at the time, several assumptions were made prior to beginning
the design of the subgrade stabilization. First, since the subgrade stabilization
would serve two purposes (support of an embankment over a weak foundation and support
of an embankment over a sinkhole void), the designs would be performed separately.
Furthermore, the authors believed that two geosynthetic components should be designed
to avoid overstressing a single geosynthetic layer performing a dual role. Second, the
geosynthetic layers should he separated by a soil layer to encourage independent
action. Third, the upper geosynthetic layer should be separated from the pavement
section by a similar soil layer to insulate the pavement from the horizontal stresses
that may develop in the geosynthetic. These soil layers, consisting of compacted
clayey backfill, would comprise the embankment supporting the pavement loads. Fourth,
the geosynthetic layer designed for support over a void would be placed at the base of
the embankment directly on the weakened subgrade soil.

The asphalt pavement and subgrade cross-section for ABE Airport is shown in
Figure 5. Since the geotechnical investigation had determined the allowahle bearing
capacity of the weakened subgrade soil to be about 71.8 kPa (1,500 psf) (CBR=3.5), the
pavement section was designed to transmit a vertical load of less magnitude to the

subgrade. Therefore, the applied vertical load, q, at the subgrade elevation,
including both the w of pavement section [q,,, = 19.15 kPa (400 psf)] and the
maximum transmitted ess stress from the landing gear of the design aircraft

(Boeing 727) at rest [q', = 47.88 kPa (1,000 psf)], was about 67.03 kPa (1,400 psf).

9o
0.10m (4") BITUMINOUS SURFACE COURSE . 22.0 kN/m® (140pcf)
0.10m (4") BITUMINOUS BASE COURSE

3

0.5 m (6') AGGREGATE BASE COURSE y  20.4 kN/m? (130pcf)
SUBBASE

2 3

' ™ y 2.2 kN/m® (135pcf)

Q= 9o t Q pmt

COMPACTED SUBGRADE SOIL
- 19.9 kN/m3 (127pcf)

¥s
T

¢ = 86.2 kPa (1800psf)
¢ = 28°

WEAKENED

RESIDUAL qQy = 7.8kPa (1500pcf)

L
S0 (voiD) Cy = 12.0kPa (250pcf)

Figure 5. Pavement and subgrade cross-section, ABE International Airport.
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The height of the embankment, H, was
assumed to be 0.46 m (1.5 feet) [two 0.23 m (9-inch) soil layers]. The applied
vertical load, q, was transformed into an equivalent embankment soil height, resulting
in a total theoretical height, H, of 3.81 m (12.5 feet). Using the data shown in
Figure 5 and assuming the depth of intact rock, D, to be about 3.05 m (10 feet), the
required geosynthetic ile stre per unit width, T,,,, was determined from
Figure 1 to be about 2 kg/m [2, 1b/ft]). Then, partial factors of safety for
installation damage, durability, and creep deformation (GRI GG4, 1991) were applied to
establish the required ultimate tensile strength, T, which was product dependent.

Geosynthetics undergo significant strain prior to ultimate failure. A_normal
stress-strain curve for a given material indicates that progressively increasing load
levels will result in progressively increasing strains. Therefore, the required
ultimate unit tensile strength must be specified with a corresponding allowable strain.
Since no data relating geosynthetic strain to vertical deformation of the embankment
was available to the authors at the time, a horizontal strain of 5 percent in the upper
geosynthetic layer was assumed to be allowable prior to the potential for damage to the
asphalt pavement,

Desiagn of the Embankment Over a Sinkhole Void  The applied vertical pressure, P, on

the lower geosynthetic layer at the base of the embankment was conservatively assumed
to be 67.03 kPa (1,400 psf). A typical sinkhole void diameter (2r) of 0.92 m (3 feet)
was also assumed. The embankment height, H, had previously been established at 0.46
m (1.5 feet). A strain of 10 percent in the geosynthetic was assumed to result in a
vertical deflection into the void which, when transmitted through the embankment soils
and the pavement section, would be noticeable at the pavement surface but would not
result in damage to the asphalt pavement. Figure 3 was then used to determine that Q
= 0.73. The data was entered into Figure 4, resulting in a required geosynthetic
tensile strength per unit width, Tiesinr OF 1,637 kg/m (1,100 ). ying
similar factors of safety as for the emb t over weak found des the
required ultimate unit tensile strength, T, was determined.

GEOSYNTHETTIC SELECTION AND SPECIFICATION

The upper geosynthetic layer was designed to support the
pavement structure and embankment soil over the weakened subgrade (foundation) soil.
The required design tensile strength was determined to be 2,976 kg/m (2,000 1b/ft) at
a strain of 5 percent. The geosynthetic products which achieve this strength at such
a relatively low strain are typically limited to uniaxial geogrids. Uniaxial geogrids
are high-strength polymer grids which exhibit tensile strength primarily in the machine
(principal) direction. The geometry of the geogrids also permits contact and, as a
result, continuity between the soil layers.

The required ultimate unit tensile strength at a given strain must be specified
in terms of a test method. Two test methods are generally accepted for geogrids:
"Tensile Properties of Geotextiles by the Wide-Width Strip" (ASTM D 4595) and "Tension
Creep Testing of Stiff or Flexible Geogrids" (Geosynthetic Research Institute Test
Method GG3A & GG3B). ASTM D 4595 is a constant strain rate test performed over a
relatively brief period of time which is representative of an elastic response to
loading and unloading cycles. GG3 is a constant load test performed over 10,000 hours
which is representative of a plastic response (creep) to a sustained load. For the ABE
Airport case, the specification was based on ASTM D 4595 to model short-term transient
and repetitive aircraft loadings as well as GG3 creep data to account for long-term
effects.
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Lower Geosynthetic Laver. The lower geosynthetic layer was designed to support the
pavement structure and embankment soil over a circular sinkhole void. The required
design tensile strength was determined to be 1,100 1b/ft at a strain of 10 percent.
Since the void would be circular, a biaxial geosynthetic was required. A biaxial
material is capable of providing stremgth in its two principal (machine and ¢cross)
directions. High-strength woven geotextiles are a primary type of geosynthetic product
which provides the biaxial strength required. Also, a geotextile would limit any
erosion of the embankment soils into the void. Using reasoning similar to that for the
geogrids, the wide-width tensile test (ASTM D 4595) was used to specify the geotextile
tensile strength.

Since the geotextiles are biaxial, the seams ween ad t ?anels must bhe sewn
to transmit the loads. It is not possiblz, howe to mal 1 100 percent of ‘the
geotextile's tensile strength across a sewn seam. Manufacturer's techniques and
performances but 70 percent is reasonable to expect. The engineer must
determine, th re, the minimum acceptable percentage of the design strength which

the seam should transmit. The manufacturer will use this figure and the performance
data for the chosen sewing technique to determine the required tensile strength of the
geotextile panels. For example, 90 percent of the ultimate tensile strength was
specified for the sewn seams for this project. If the manufacturer's sewing technique
can only transmit 70 percent of the panel strength, the manufacturer must provide
geotextile panels with a minimum tensile strength which is 128.6 percent (0.9/0.7) of
the specified ultimate tensile strength. All sewn seams should be tested in accordance
with ASTM D 4884. Another way which has become widely used, and which geotextile
manufacturers recommend, is for a designer to specify a seam strength. From this the
manufacturer can chose the sewing method and fabric to meet this seam strength.

Final Cross-Section., The final design cross-section for the subgrade stabilization is
presented in Figure 6.

PROPOSED PAVEMENT ELEVATION

PROPOSED
PAVEMENT
SECTION 0.89m (35 )
PROPOSED SUBGRADE ELEVATION
EMBANKMENT GEOGRID 0.23m(9 )
soiL
GEOTEXTILE o.iz, m(9

[R{ETRN (1% 738) WARAM Wi\ [LUE-XRY

S~ WEAKENED RESIDUAL SOIL

Figure 6. Subgrade stabilization cross-section, ABE International Airport.
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CONSTRUCTION EXPERIENCES

One of the attractive aspects of this subgrade stabilization option was the
relative ease of construction. However, the inexperience of the earthwork contractor
with geosynthetics and a loosely written installation specification contributed to some
difficulties and delays which could have been avoided. All of these experiences
related to the installation of the geotextile.

The generic specifications permitted the contractor to obtain competitive prices
for the geosynthetic products. They also did not prevent the contractor from having
the geotextile panels pre-sewn at the manufacturer's plant prior to shipment. The
geotextile sheets, some as large of 200 feet hy 120 feet, were folded at the plant and
shipped in large sacks. Unfortunately, the extremely heavy sacks were shipped in
closed trailers with no lift hooks and no markings regarding the size of the enclosed
sheet. These problems combined with only rudimentary unfolding instructions, resulted
in a trial and error process for the contractor to position the sheets. (See Photo 2)
Since the geosynthetic manufacturers have a significant stake in this industry, the
authors suggest that they offer more direct assistance and support to contractors
during the installation operations.

Photo 2. Pre-Sewn Geotextile Sheet In-Place.

The large and heavy geotextile sheets were too unwieldy to maneuver properly.
As a result, the slack in the sheets was never completely eliminated. Also, while the
sheets were being backfilled, a wave of slack preceded the advancing pile of soil.
Eventually, the soil overran the wave and a fold was formed in the geotextile.
Tdeally, therefore, the geotextile panels should not be pre-gewn. Adjacent panels
should be unrolled in their proper position and sewn together in the field. Then,
after the outside panel has been backfilled, the next panel can be stretched to remove
the slack. This sequence should be repeated across the subgrade to ensure a taught
geotextile layer.
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Another problem involved the joining of adjacent, pre-sewn geotextile sheets.
The giant sheets were still required to provide bi-axial tensile strength across the
entire subgrade, so they had to be field-sewn together. A portable machine was used
by the manufacturer's technician to sew a double-stitched butterfly seam perpendicular
to the pre-sewn panel seams. (See Photo 3) The cold and wet weather made this task
extremely slow and frustrating. Also, since the adjacent geotextile sheets had already
been backfilled, the slack along the perpendicular seam could not bhe removed. The
authors believe, therefore, that such perpendicular seams should be minimized if not
eliminated whenever possible. If they are still necessary, at least one of the
geotextile sheets sh not be backfilled so that the slack at the seam may be pulled
taught. Finally, a substantial sewing device is required for such purposes.

Photo 3. Attempting to Sew Perpendicular Seam Between Geotextile Sheets.

An additional difficulty relating to construction damage was also encountered.
The geotextile, in one instance, was placed directly on the pavement suhgrade over

several rounded, slightly protruding limestone knobs. The first 8-inch 1lift of
pavement sub consis of a e-graded crushed aggregate, was placed
directly on e and ¢ cted heavy-duty, vibratory rollers. This
operation severely damaged the geotextile over the rock knobs. The manufacturer's
recommended 1ition was to place geotext es on top of first ase lift
over each d ed area. FEach patch was far enough ( ut 3 f in each

direction beyond the area to develop a tensile bond with the underlying geotextile
sheet (see Figure 7). This simple remedy helped keep the project on schedule.
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Figure 7. Repair detail for damaged geotextile.

Contrary to these difficulties with the geotextile, the geogrid installation went
smoothly. (See photo 4) The geogrids were delivered in individual rolled panels which
could be easily maneuvered. The light and flexible characteristics of the geogrid are
attributed to its polyester fibers. Adjacent panels were joined by plastic ties placed
at 10-foot intervals since the biaxial strength component was not required. To
preserve the uniaxial strength, however, consecutive geogrid panels were joined at
their ends using a smooth galvanized rod connector.
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Photo 4. Installing and Backfilling Geogrids.

CONCLUSTIONS

The persistent sinkhole problem at ABE Airport presented a unique engineering
challenge. A cost-effective solution which would provide a reasonable measure of
security against a catastrophic collapse of the taxiway pavement was required. Such
a solution wonld have to be confined to a relatively small area, be constructed quickly
and simply, and require little or no maintenance.

Three unrelated investigative techniques were combined successfully to isolate
the zones of advanced solutioning and sinkhole formation. Two distinct design theories
were used to develop an innovative subgrade stabilization system. This system,
consisting of alternating layers of compacted soil and geosynthetics, did not require
excessive excavation, construction time, or disturbance to the airport facilities.
Furthermore, it should provide an early-warning mechanism which would permit repairs
to be made to a sinkhole prior to the collapse of the pavement.

The unique properties of such structural geosynthetics as geogrids and high-
strength woven geotextiles made this design possible. The structural geosynthetic
industry is still relatively young with new product developments and applications being
made reqularly. The geosynthetic manufacturers have taken a lead role in the industry
as they attempt to educate the design engineering community. However, gince the
industry is not evenly regulated, the engineer must be wary of misleading product data
or proprietary design methods. Manufacturers' 1literature should be compared to
understand the differences between and the purposes of their products. Most
importantly, the engineer must be familiar with the meaning and purpose behind the
testing methods being developed by such unbiased agencies as ASTM and the Geosynthetic
Research Institute (GRI). Proper specification of these test methods will permit
competitive bidding among the manufacturers and verification of the product being
supplied.
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Installation of these structural geosynthetics is a relatively simple procedure
that can be accomplished by most contractors. The engineer should provide installation
specifications, however, which address aspects such as material handling, field
seaming, and slack. Geosynthetic manufacturers should also provide installation
support and guidance along with their products. This type of teamwork is the best form
of promotion for the geosynthetic industry.
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Pavement Test Section to Determine the Effect of Geotextile on Frost Heave

K.S. Henry
U.S. Army Cold Regions Research and Engineering Laboratory, USA

B.R. Christopher
Polyfelt Inc., USA

ABSTRACT

A pavement test section was constructed on U.S. Rte. 3 in Pittsburg, New Hampshire, an area
known to be extremely susceptible to frost damage. The test section was subdivided into 10 smaller
sections. A 400-g/m2 (12-0z/yd?), needle-punched, polypropylene geotextile, with an AOS 0f 0.105
to 0.15 mm, was installed at the subgrade surface in two test sections at a depth of 0.66 m (26 in.),
in one section at 0.96 m (38 in.) and in two sections at 1.27 m (50 in.). Five control areas were
included—four on the ends and one in the center of the test section. Subsurface instrumentation
included thermocouples and soil moisture sensors. Frost heave was measured by level survey.
Results of the first freezing season show that the geotextile reduced frost heave, but not as much as
in laboratory tests used to select the optimal product.

INTRODUCTION
tory shown rtai  otex re wh d
the e in sol les are en the n
(Henry, 1990 and 1991). In September 1991, a pavement test section was constructed on U.S. Rte.
3 in Pittsburg, New Hampshire, by the U. S. Army C egio and En L a
tory, Polyfelt, Inc., and the State of New Hampshire t the sofag n c-
t heave. There of the chde in this p sto
ne whethera g tored inas soilina test

actually does so in a field installation. The second is to study the effect of depth of geotextile place-
ment in reducing frost heave. This paper briefly describes the design and construction of the test sec-
tion, and summarizes and discusses experimental data collected during the 199 1-92 freezing season.

The test area is located in the town of Pittsburg, Cods County, in
northern New Hampshire. Figure 1 shows the general location of the test area. It is 30.5 m (100 ft)
long, and 6.7 m (22 ft) wide, extending from State of New Hampshire survey station 224450 to
225+50, on a relatively flat section of the road; the First Connecticut Lake is approximately 31 m
(100 ft) east of the pavement edge. The research project was in 0 struction of
an 8.4-km (5.2-mile) section of U.S. Rte 3. The reconstructi d of the poor
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Figure 1. General location map for geotextile test section.

condition of the pavement, which was probably caused by heavy loading, poor drainage and frost-
susceptible soils (Jaworski Geotech, Inc., 1988). The U. S. Department of Agriculture Soil
Conservation Service (in preparation) reports that this soil has severe limitations for building sites
because of wetness and frost susceptibility.

PREVIOUS WORK ON USE OF GEOTEXTILES TO REDUCE FROST HEAVE

The earliest published investigation regarding the potential use of geotextiles to reduce frost
damage inroads was Hooveretal. (1981). Laboratory investigation showed that one horizontal layer
of geotextile reduced frost heave slightly and two layers reduced frost heave significantly in frost-
susceptible silty clay. The authors suggested that “the lower heaving observed with the fabric-
layered specimens may have resulted from a partial cut-off by the fabric of capillary water to the
remainder of the specimen” (Hoover et al., 1981).

In another laboratory investigation, Allen et al. (1983) observed that hydrophobic (e.g.,
polypropylene) geotextiles placed in soil above the water supply in open system freezing tests (i.e.,
water freely available at the base) reduced frost heave, while a hydrophyllic geotextile increased
heave. The “hydrophobicity” of the geotextiles was noted through casual observation of the behavior
of the fabric in the presence of water. The capillary equation shows the influence of both pore size
and wetting angle on the capillary rise of water in a cylinder (Holtz and Kovacs, 1981):

he=

where £, = height of capillary rise in the tube
T = surface tension of liquid
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R = radius of tube
Y = unit weight of the liquid
o, = contact angle between the liquid and the tube.

Thus, both pore size and wetting properties (i.e., degree of hydrophobicity) are expected to
influence the capillary rise of water in soils.

In addition to capillary rise, unsaturated flow of soil water is induced by other means. In frost-
susceptible soils, water flow to the freezing front is caused by a gradient in chemical potential, which
is related to temperature and pressure changes (Gold, 1985). In a recent laboratory investigation,
Henry (1991) concluded that geotextiles limit frost heave in soil when placed above the water table
and below the depth of freezing by limiting unsaturated water flow to the zone of freezing.

PRELIMINARY INVESTIGATION

The test location selected had sustained some of the worst damage owing to frost
action and/or poor drainage conditions over the entire length of road to be rehabilitated. This site also
had no complicating geometries such as culverts, wasrelatively flat, and would not require fill during
reconstruction. Thus, the subgrade would consist of in-situ, frost-susceptible soil.

The field investigation indicated that the subgrade consists of silty, clayey sands of medium
stiffness and low sensitivity. Unconfined compressive strengths of the subgrade material ranged
from 70 kPa (10 psi) to 202 kPa (29 psi). Representative grain size curves are shown in Figure 2.

During the preliminary investigation, a perched water table at a depth of 0.45 t0 0.61 m (1.5 to
2.0 ft) was observed in two of the drilled holes on the west side of the test section. Seasonal streams
on the slope adjacent to the west side of the road were also noted. Furthermore, the west lane of the
road was significantly more damaged than the east lane at the time of the site visits.

Frost groups of the subgrade and base course soils were determined
using the U.S. Army Corps of Engineers (USACE) Frost Design Soil Classification System. The
subgrade soil belongs to the F3 category, indicating potentially high frost susceptibility, and
requiring a maximum base course and pavement thickness in road design (Berg and J ohnson, 1983).
The base course gravel belongs to either the F1 group, frost-susceptible gravelly soils, expected to
show higher bearing capacity during thaw than other frost-susceptible soils, or to the possibly frost-
susceptible group—requiring a laboratory test to determine frost category.

A laboratory investigation was conducted to select a geotextile for use in
the test section and to further quantify the frost susceptibility of the subgrade soil.

Tw we g dar fros (Ch andC
1981). are 3 on s of the (12-0
of 0.105 to 0.15 cte in e test section, since
an average of 2. 63 ry eotextile to remove

surfactants that may influence wetting properties had no influence on its performance.
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Figure 2. Grain size distribution curbves from Pittsburg, New
Hampshire, test section subgrade and base course soils.

The results of the tests are listed in Table 1. Two of three soil reference samples tested resulted
in a “high” frost-susceptibility rating of the subgrade, while one soil sample resulted in a medium
frost-susceptibility rating.

The AOS of the most effective geotextile, although slightly smaller than the AOS of the other
geotextile, is about 200 times larger than the “effective pore diameter” of the soil. The effective pore
diameter (0.20 D) is about 0.0006 mm. This soil parameter is used to estimate the height of
capillary rise in soil (Holtz and Kovacs, 1981). It is likely that the greater thickness of the better
performing geotextile was a significant factor in the observed difference.

TEST SECTION DESCRIPTION

The test section consists of 10 smaller test sections, each containing either no
geotextile, or a geotextile at a depth of 0.66, 0.97, or 1.27 m below the asphalt surface. Figure 4 is
a typical design cross section of the rehabilitation project and Figure 5 is an as-built plan of the test
section, showing geotextile and instrumentation locations. It was designed to be able to account for
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Figure 3. Results of laboratory frost heave tests using a constant freeze rate of approximately

12.5 mm/day.

Table 1. Frost-susceptibility determination of Pittsburg, New Hampshire, geotextile
test section soils and soils containing a geotextile layer.

Test series

and procedure  Sample

PITTS 1

PITTS 2

* D.C. = dry cleaned.

B WN =

AW =

Frost heave rate

Geotextile (mm/day) Frost
treatment first cycle susceptibility

4.5 High

4.2 High
400 g/m? 2.0 Low-Medium
D.C.* 400 g/m? 1.5 Low

3.3 Medium
400 g/m? 1.0 Very Low-Low
200 g/m? 3.8 Medium
200 g/m? 3.8 Medium

Average heave rates: no geotextile = 4.0, 400 g/m2=1.5
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Figure 4. Typical pavement design section for U.S. Rte. 3, Pittsburg, New Hampshire, rehabilitation.
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Figure 5. As built plan view of Pittsburg, New Hampshire, geotextile test section.
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the effects of location on frost heave so that the response to geotextile presence at the 0.66-m and
1.27-m depths would be clear.

Change in elevation was the primary variable measured and analyzed since it
directly measures frost heave. Other variables determined to be useful in the analysis of the test
section behavior were temperature and soil moisture content. Thus, the instrumentation included
thermocouple strings and soil moisture sensing devices. Four well points were included inthe design
at the corners of the test area to monitor water table.

Two types of soil moisture sensing devices were selected. Both types were connected to data
logging systems, and recordings were automatic. Neither type of sensor gives reliable information
when the soil is frozen, however, and can only be used when the soil is above 0°C.

TEST SECTION CONSTRUCTION

A typical cross section of an individual test section is shown in
Figure 6. During construction, all soil layers were removed to a depth of 1.22 m (4 ft) below the base
course surface. The entire test area was excavated to this depth to produce uniform treatment of the
subgrade. Once the level 1.22 m (4 ft) below base course was reached, a roller compactor made one

pass over the s and the test section began, using the subgrade material that
had just been d. I locatc d below this depth was then installed. In the
E.P. £
1.07m
76m

Pavement Surface

Senso

Subgrade

Figure 6. Cross-section view of test section 5 from Pittsburg, New Hamp-
shire, geotextile test section.
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appropriate two test sections, the deepest geotextile was placed on this surface. Then in all sections,
the first 0.305-m (12-in.) lift was placed and compacted. Instrumentation was installed in the first
lift, the geotextile was placed in the appropriate test section on top of this lift, and the second 0.305-
m (12-in.) subgrade lift was placed over the entire test section. This process was repeated for the next
elevation and the shallowest geotextile layer. The base course material was placed above that level.

Geotextile and Instrumentation Installation. The subgrade at each lift level was shaped so that it
sloped toward the right shoulder to avoid potential ponding problems during the life of the pavement.
The north and south edges of the geotextile were supported by stakes such that these ends stood
vertically for approximately 0.3 m (1 ft). (The geotextile edges on the east and west were laid on the
surface with no edges.) This allowed the ends to be wrapped, so each test section was isolated from
the adjacent ones. Soil was end-dumped next to the geotextile, then carefully pushed onto it. Once
there was a 0.15-m (6-in.) layer of soil on the geotextile, soil was dumped directly onto it.

Prior to construction, all instrumentation leads were placed into appropriately sized conduits for
protection during and after construction. Instrumentation below the base course was installed by
using a hand auger. Thermocouples were placed on the gravel layer just prior to asphalt placement.
They were located so that the reading would indicate temperature at the base of the asphalt layer.

After paving, a grid was set into the test section by driving 6.4-cm (2.5-in.) decking nails into
the pavement at a spacing of 1.52 m (5 ft). Three benchmarks were used to provide good control and
to evaluate relative benchmark movement during the winter.

SUMMARY OF DATA COLLECTED DURING 1991-92 FREEZE-THAW SEASON

The reference temperature data from the thermal conductivity sensors show that
the freezing season lasted from 27 November 1991 to 26 March 1992. Temperatures as a function
of time at various depths for test section 1 are shown in Figure 7. The other test sections show similar
variations of temperature with time.

Twelve level surveys were done to measure frost heave between 17 December 1991
and 1 May 1992. Average frost heave for each test section on each date is contained in Table 2. A
statistical technique was used to estimate whether the frost heave of various sections was greater than
the frost heave of others. The technique, described in Natrella (1963), tests whether the average of
a product A is greater than the average of a product B, when both variances are unknown. The
significance level chosen was 0.05; i.e., there is a 5% risk that the hypothesis will be incorrect even
when it is accepted.

The center control section, TS 6, consistently heaved significantly less than all other test sections
throughout the winter; this was most likely caused by a drainage situation inadvertently created in
this area, which will be discussed later. The heave of all other test sections varied in a similar manner
and was consistent, with expectations based on site conditions and theory. For these reasons, TS 6
was excluded from being used as a control section, and was evaluated as a “treated” section. The end
sections (1, 2, 9 and 10) were used as controls.

Soil Moisture Data. Soil moisture datarecorded automatically from the thermal conductivity sensors
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Figure 7. Variation of temperature with time for thermocouples at
various depths in test section 1 of the Pittsburg, New Hampshire,
geotextile test section.

Table 2. Average frost heave (mm) for Pittsburg, New Hampshire, test sections for 1991-
92 freezing season.

Test section
Date 1 2 3 4 5 6 7 8 9 10

17 Dec 91 68 130 110 110 119 7.6 104 119 107 183
3 Jan 92 244 267 216 223 201 180 201 220 206 259
27Jan92 412 442 341 366 351 320 381 369 404 472
10Feb92 51.1 51.8 424 427 424 375 460 415 472 503
18Feb92 655 640 573 552 573 463 604 497 633 572
24Feb92 709 693 59.1 576 613 494 643 536 671 579
28 Feb92 754 709 658 610 652 536 683 576 716 648
11Mar92 785 732 695 61.6 692 530 722 558 747 564
17Mar92 884 823 79.6 725 80.8 631 832 631 846 6438
24 Apr92 709 640 640 53.6 674 452 71.6 43.6 716 488
199May92 23 99 76 58 82 67 88 88 84 99
8 Jun 92 08 84 27 06 27 1.2 24 24 23 9.l
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Figure 8. Percent reduction of frost heave due to geotextile presence.

Table 3. Depths of frost penetration, average frost penetration rate and average rate of frost heave for survey
dates.

Frost Average rate of Average rate of
penetration frost penetration Frost heave frost heave
Date TS no. (m/in.) (mm/day) (mm) (mm/day)
18 Dec 1991 1 1.031/41 16.8
2 0.884/35 13.0
8 0.582/20 119
9 0.813/32 10.7
10 0.658/26 18.3
3 Jan 1992 1 1.534/60 31.4 244 0.48
2 1.252/49 23.0 26.7 0.86
8 0.968/38 24.1 21.9 0.63
9 1.336/53 32.7 20.6 0.62
10 1.107/44 28.1 25.9 0.61
27 Jan 1992 1 frozen 41.1 0.70
2 1.880/74 26.2 44.2 0.73
8 1.646/65 28.3 36.9 0.63
9 frozen 40.4 0.83
10 1.539/61 18.0 47.2 0.89
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were very difficult to interpret for a number of reasons, and are not included in this paper. Eighteen
sensors were installed, and only eight gave reasonable values for at least part of the winter.
Furthermore, values recorded from some sensors are unstable after dates in which a neighboring
sensor began to give erroneous information. The electrical resistance sensors utilized in this project
were not calibrated at the time of writing this report, and this information is not yet available.

DISCUSSION

Experimental results show that the geotextiles reduced frost heave. The test sections containing
the geotextiles heaved less than the end control sections. Frost heave was evaluated two ways—
percentage reduction in frost heave and the total difference in elevation.

Figure 8 shows percentage reduction in frost heave due to geotextile presence on the survey dates
for which there was a statistical difference in heave. The geotextiles at 0.66 and 1.27 m show a
maximum influence on frost heave early in the season, when freezing temperatures have yet to
significantly penetrate the level at which they are placed (see Table 3 for frost penetration). On the
first survey date, the shallowest geotextile (0.66 m) exerts the most influence with a 27% reduction
in frostheave. After 27 January 1992, the test sections containing geotextile at 1.27 m had the greatest
reduction in heave, followed by test sections with geotextile placed at 0.96 and 0.66 m, respectively.

Figure 9 is a graph of the difference in frost heave between the control sections and the geotextile
sections (0.66- and 1.27-m geotextile sections). It shows that early in the season, the heave of the

12

1.27 m Geotex

0.66

Control Section Frost Heave
Minus Treated Section Frost Heave (mm)

0
17 Dec'91 27 Jan'92 18 Feb 28 17 Mar 24 Apr

Figure 9. Difference in frost heave between control sections and
geotextile treated sections.
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test sections containing geotextiles was similar, and then they began to separate at approximately
27 January 1992. The maximum total difference in heave for the sections containing the 0.66-m
geotextile occurred on 28 February 1992, with a difference of 6.1 mm (0.24 in.) or a 9% reduction
infrostheave. The maximum total difference for the deeper geotextile occurred on 3 April 1992, with
a difference of 11.0 mm (0.4 in.) or a 14% reduction.

On the first survey date (17 December 1991), freezing temperatures had just begun to penetrate
the 0.66-m depth, the depth of the first geotextile layer (see Table 3). On 3 January, frost was near
the 1.27-m level, and on 27 January, it had penetrated well beyond the 1.27-m depth.

The total difference in frost heave due to the presence of the 0.66-m geotextile increased from
3 January, the time at which freezing temperatures were at this level, to 27 January (Figure 9).
Likewise, the difference in heave due to the 1.27-m geotextile continued to increase from the date
at which frost penetrated that level, 27 January, until 24 February. Thus, the geotextiles reduced frost
heave long after freezing temperatures had penetrated them. Figure 8 indicates that they did so;
however, this happened by increasingly smaller percentages until there was no statistical differ-
ence in elevation.

These results suggest that a “properly designed” geotextile could reduce frost heave for a sig-
nificant portion of the freezing season, even after frost has penetrated the level at which it is placed.
Furthermore, they indicate that frost heave occurred in a large portion of the soil above the “freezing
front.” This gives good reason to try a “layering” of geotextiles to optimize frost heave reduction.

The center control section, test section 6, heaved significantly less than the two control sections
on the east side of the road, as well as less than the sections containing geotextiles that lie on either
side of it. This result is most likely explained by the fact that all of the test section instrumentation
exited the base and subgrade layers under this section, creating a well-drained area. The wire leads
were housed in conduit, and some were laid in an improvised trench of geotextile during construction
so that they would be easy to find and splice at later dates. Water was draining from this “trench”
shortly after the construction season, and was noted to be draining on 24 April 1992, the first site visit
date when snow was absent from the site.

Table 3 shows that the frost penetration rate in the field from 19 December 1991 through 27
January 1992 ranged from 1 1/2 to 2 1/2 times that of the 12.5-mm/day frost penetration rate in the
laboratory. The frost heave rates were much lower, however, ranging from 0.12 to 0.23 times those
produced in the laboratory. A plot of field data of frost heave vs. frost penetration rate was made, and
least squares fit of a line through the data shows the trend that frost heave rate increased as frost
penetration rate decreased. Extrapolating this line, the laboratory 12.5-mm frost penetration rate
would correlate with a frost heave rate of about 1.3 mm/day. This is about 1/4 that of what was
observed in the laboratory, and suggests that field conditions result in significantly less frost heave
than that in the laboratory. Furthermore, the geotextiles reduced frost heave by smaller amounts in
the field than in the laboratory. From 17 December 1991 through 3 January 1992, the geotextiles at
0.66- and 1.27-m depths reduce the rate of frost heave by 5%; and from 3 January through 27 January
1992, they reduced the rate of heave by 15 and 27%, respectively. However, geotextile presence
reduced the rate of frost heave in the laboratory by an average of 60%.
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It is worthwhile to consider differences between laboratory and field conditions. The overburden
pressure that frost heave must overcome in the field increases as the frost penetration increases. In
contrast, the laboratory is set up to include a surcharge of 3.5 kPa to simulate a 15-cm pavement and
base overburden at the beginning of the test, and this increases by only 15 cm of soil when the sample
is completely frozen. Another condition that is different is the presence of confining pressures
around the heaving soil in the field as compared to a frost heave mold that was designed to counteract
the effects of side friction to allow free heaving. Water flow in the field during freezing is not
restricted to move vertically, and may move horizontally. Soil adjacent to that under the road is
probably not frozen as deep as that under the road due to the insulating effect of the snow. This
unfrozen soil could act as a source or sink of water during freezing and thawing.

CONCLUSIONS

Based on the research described in this paper as well as past work, the following conclusions are
made:

1. Certain geotextiles continue to show promise in reducing frost heave in soils when placed
above the water table. Test sections containing geotextiles heaved less than control sections
without geotextiles on Rte 3, in Pittsburg, New Hampshire, during the 1991/92 freezing
season.

2. Geotextiles in this study continued to reduce frost heave for a considerable time after freezing
temperatures penetrated them, although the percentage of reduction decreased after frost penetra-
tion. Thus, they may be effective when placed above the greatest depth of frost penetration.

3. Laboratory conditions under which this function of geotextiles have been tested differ
significantly from the field conditions during the 1991/92 freezing season. In the laboratory, rate of
frost heave and effectiveness of the geotextile is greater.

4. A control section that heaved less than all other test sections probably did so because of
drainage unintentionally created where instrumentation exited the pavement section beneath it. For
the first freezing season of this test section, providing good drainage was the most effective way to
reduce frost heave.

Based on the conclusions made and various observations described above, the following
recommendations are made:

1. Future study of this function of geotextiles to reduce frost heave should include a means of
correlating laboratory results to results expected in the field.

2. Field studies of geotextiles to reduce frost heave should include the use of more than one layer
of geotextile to reduce frost heave.

3. Caution should be exercised when designing future test sections to avoid or control a situation
that would result in a condition which, in itself, would reduce frost heave.
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The results of this study represent only the initial monitoring phase for this test section. The actual
significance and benefits of using geotextiles to reduce frost heave as related to the long-term
pavement performance can only be assessed after completion of the long-term monitoring program.
However, the initial results are encouraging and indicate an improved corndition that should translate
into a longer design life for the roadway section.
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Using Geogrids to Limit Longitudinal Cracking of Roads in Interior Alaska

T.C. Kinney
Shannon & Wilson Inc., USA

ABSTRACT

Many roads in Interior Alaska experience lateral spreading resulting in
longitudinal cracking of the surface. The lateral spreading is generally caused by
thawing permafrost but can be caused by other factors. The rate of spreading can
exceed 25 mm per menth and many roads require extensive patching several times per
year to keep them passable. Several field and laboratory tests have been performed
to verify the validity of using geogrids to reinforce laterally spreading roads.
This report presents a summary of the design methodology developed and the
experimental verification. The results of the study demonstrate that commercially
available geogrids can be used cost effectively to reduce maintenance costs in
areas where longitudinal cracking is a serious problem. This design methodology is
currently being used on roads in Interior Alaska and has been considered for roads
over slide areas in other parts of the country. The results appear to be
excellent.

INTRODUCTION

Longitudinal cracking of roads in Interior Alaska is a serious problem.
Measurements on Farmers Loop Road near Fairbanks indicate that the rate of lateral
spreading can exceed 25 mm per month in the spring, summer and fall and extensive
patching was necessary several times per year to keep the road passable (Kinney
1992a). Although this is an extreme situation, many roads in Interior Alaska have
lateral spreading rates on the order of 25 mm per year Or more and require patching
at least once a year to keep them safe for the driving public (Kinney 1991).
Photograph 1 shows the longitudinal cracking on Farmers Loop Road.

Lateral spreading can be caused by a number of factors including thawing
permafrost, creep in the subgrade, and slope instability. Although the mechanism
is different for each, the result is the same in that the subgrade spreads
laterally leaving cracks in the embankment, base and surfacing material.

One method that is being considered to alleviate this problem is to reinforce
the upper portion of the roadbed with a geogrid to keep it from spreading along
with the materials below. This report presents a summary of the design methodology
developed and the test results used to verify its validity.
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Photograph 1 - Longitudinal Cracking on Farmers Loop Road

BACKGROUND

In the spring of 1987 a technique for using geogrids to limit longitudinal
cracking was suggested by the author to the Alaskan Department of Transgportation
and Public Facilities for the reconstruction of the southern 30 miles of the Tok
cutoff in Interior Alaska. It was necessary to prove the technology before it
could be specified hence a large scale field test was constructed in the summer of
1987 to demonstrate that the technology wasg viable and economically advantageous.
A short section of road was constructed with one lane placed on a series of wooden
platforms. The platforms were pulled away from the centerline of the road to
simulate the subgrade cracking. A crack up to one meter wide was created and a
fully loaded dump truck was used to traffic the road with one wheel path directly
over the cracked subgrade. Photograph 2 shows a cross section of the test section
after trafficking. The time from inception to the finish of the test was on the
order of three weeks. The viability of the technology was established and the road
was designed and constructed using the technology (Kinney and Savage 1989).

The test was valuable but very limited in scope. In the spring of 1988 a
test section on Farmers Loop Road near the University of Alaska Fairbanks was
chosen for a full scale test. The road had been experiencing longitudinal cracking
at the rate of about 25 mm per month and was badly cracked and patched as shown in
Photograph 1. The upper 1.4 m of the road was excavated for a distance of about 50
m and reconstructed. The test consisted of a control section at each end that was
minimally disturbed with two geogrid reinforced test sections and one unreinforced
control section in the reconstructed area The test showed that the geogrid
dramatically limits the longitudinal cracking, improves serviceability, and reduces
the maintenance intervals (Kinney 1992a). Photograph 3 shows the area after three
years. The photograph shows one test section with control sections on each end.
The control sections have been patched several times to make the road serviceable.
The entire section was repaved once to smooth out the patched sections.
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Photograph 2 - Cross Section Through the 1987 Field Test

Photograph 3 - Test Section on Farmers Loop After Three Years

A second large scale field test was constructed during the fall of 1989 to
test different geogrids in different configurations. This test resembled the 1987

test but with significantly more sophistication in the data collection and over
twice as many different conditions being tested. This test gseries demonstrated
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clearly that some geogrids perform better than others and that the design
methodology was valid. Photograph 4 shows the test sections after trafficking.

Photograph 4 - 1989% Field Test Sections After Trafficking

Two large scale laboratory test series were constructed in the fall of 1988
to further define the design constraints (Savage 1990 and Neogl 1991). These tests
were constructed in a box that was 7.3 m long, 1.2 m deep and 0.6 m wide which was
made to represent a thin slice out of a two lane road. One half of the bottom of
the box was pulled away from the centerline to simulate the crack development in
the subgrade. The results were interesting but not particularly applicable since
the material placed over the geogrid was not the same as used in real roads and
there were significant edge effects.

Additional laboratory work has been done in the summer of 1990 at the U.S.
Army Cold Regions Research and Engineering Laboratory to further refine some of the
design parameters.

This report presents the design technique developed as a result of all of
these activities.

THEORETICAL DISCUSSION

An embankment will go through two independent stress-strain conditiomns during
development of longitudinal cracks. The first takes place when the subgrade is
being stretched and cracking occurs; the second takes place when the traffic load
is applied over the stretched embankment. In roads, these two mechanisms take
place simultaneously, whereas in the test situations the subgrade was stretched and
then the loading was applied. The two mechanisms are discussed separately below
because that is the way the tests were performed and therefore that is the way the
tests have verified the validity of the theory.

. The field tests were designed to
represgent a short section of road. One side of the road was constructed on a silt
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subgrade while the other side was constructed on wooden platforms as shown in
Figure 1 and Photograph 5. The wooden platforms were pulled out from under the
road simulating the condition where one-half of the subgrade was gsliding out away
from the centerline as shown in Photograph 6. This represents a condition which is
common in Alaska over permafrost terrain and exists throughout the world in slide
areas.

Photograph 5 - Wooden Platforms Under One Side of the 1989 Field Tests

The 1989 test consisted of five test sections each 2.5 m long. The subgrade
was compacted and the platforms were constructed to an elevation of 300 mm or 450
mm below final grade. Fifty mm of sand and gravel were compacted over the width of
the road and a geogrid was placed over the compacted sand and gravel. A standard
paved road section consisting of base, subbase, and asphalt was constructed over
the geogrid. One test section had two layers of geogrid at depths of 150 mm and
300 mm, respectively. The road was positioned off-center so that 3.4 m of the road
surface was over the platforms and 4.0 m of the road surface was over the silt
subgrade as shown on Figure 1. This was done so that the end of the geogrid under
the outside edge of the pavement over the silt subgrade would not move when the
wooden platforms were pulled out creating the void.

The mechanism creating the stresses and strains during stretching in the test
is straightforward. When the platforms are pulled out, resistance to lateral
spreading of the road is developed through the geogrid to the other side of the
road. The platforms were moved far enough to get complete slippage between the
s0il on the platform and the geogrid immediately above. The geogrid was shorter
over the platforms than it was over the other side, hence the end of the geogrid
farthest from the platform never moved. The conditions that existed are discussed
below starting with the simplest system and progressing with more complexity until
each of the conditions encountered in the test are discussed. Please note that the
following discussions consider a two dimensional system. In the analyses of the
tests the end effects on the test sections were considered.
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Single Layver of Geogrid without Restraint above Geogrid
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Photograph 6 - Wooden Platforms Being Pulled Out From Under the Road in the 1989
Large Scale Field Tests

gsingle Laver of Geogrid without Restraint above Geogrid. There are several
limiting conditions that exist in this scenario. If there is no tension member
above the geogrid, then there can be no tension in the materials above the geogrid
and therefore no shear stress can be created on top of the geogrid. There isn't
any way to get the resistance needed above the geogrid for shear stresses to
develop. Given that all of the shear stress on the geogrid will come from below,
the maximum shear stress that can be developed is the shear strength at the
boundary between the geogrid and the soil. Since the geogrid openings were large
in relation to the particle size and the soil was compacted over the geogrid, it
would be reasonable to assume that the shear strength at the boundary would
approximate the strength of the soil. If more detailed information were available,
it could be used. With the shear stress known, the tension, strain and elongation
of the geogrid can be determined mechanistically with the help of Figure 1.

It is easiest to back into the analysis by plotting a generic set of graphs
based on expected trends, calculating the coordinates that are known directly and
then calculating the coordinates of other points from the known points on that and
other graphs. Assume a shear stress distribution on the geogrid as shown on Figure
1b. Tt is convenient to assume that there is full shear stress developed over a
given distance from the edge of the void and no shear stress elsewhere, however
there is no requirement in the procedure to do this. The agsumption of full shear
stress and no shear stress is quite good in situations where a low modulus
geosynthetic is used and a small amount of relative displacement between the
geogrid and the soil below will create full shear stress. Even though these tests
were performed with a high modulus material and something on the order of 3 mm of
relative displacement was probably required to develop full shear stress in this
test, the assumption still leads to reasonable results and the error introduced by
assuming an abrupt change from full to no shear stress is small. This assumption
could be completely eliminated in a second iteration if the mechanical properties
of the system were known in sufficient detail to warrant the added sophistication.
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The tension in the geogrid, Figure lc, is calculated from the stress on the
geogrid by integrating the shear stress over the area of the geogrid starting with
no tension at the end of the zone where shear stress is present nearest the edge of
the road. Knowing the tension in the geogrid, the strain in the geogrid, shown on
Figure le, is calculated from the tension-strain relationship for the geogrid shown
on Figure 1d. It is convenient, and frequently reasonably accurate, to use a
linear relationship for the temsion versus strain but there is no requirement for
that in the procedure. Once the strain in the geogrid is known it is a simple
procedure to determine the elongation of the geogrid as shown on Figure 1f.
Simply integrate the strain over the length starting at the point in the geogrid on
the stationary side of the road where there is no strain. The maximum elongation
in the geogrid is the amount that the platform was moved up to the point where
complete slippage had occurred.

This procedure can be redone for other shear stress diagrams, Figure lb. It is
then straightforward to draw relationships between the behavior of the geogrid and
the amount the platform is moved. Once the platform has been moved far enough to
create full shear stress on the entire length of geogrid over the platform the
analysis is essentially over. Further movement of the platform only changes the
conditions in that there is no shear stress over the void and the length of the
geogrid over the platform gets shorter as the void gets wider.

Note that, without any ability to carry tension, the materials over the
geogrid must expand and move with the geogrid. The expansion should loosen the
material and cause some thinning of the fill.

Effect of Asphalt. Adding asphalt to the surface has two effects. First it
acts as tensile reinforcement and second it may show the results of the stretching
more than the soil.

Asphalt is a viscous material and as such will relax if put into tension.
The resistance of asphalt to tension is a very complicated function of stress,
strain, time and temperature. In general, the tensile strength of asphalt is
several hundred kPa which would result in a maximum tension of several thousand
Newtons per meter. The actual tension is limited by the shearing resistance along
the bottom of the asphalt and therefore the maximum actual tension will be on the
order of several hundred Newtons per meter. Therefore, the asphalt should slide
along the soil surface and not break. The asphalt will break 1if the tensile
strength is low which can result if the asphalt is cracked by other phenomenon such
as fatigue, temperature or vertical deformation. The amount of relaxation of
asphalt is more, and hence the tension is less if the asphalt is new, strain rates
are slow, temperatures are warm and/or there is increased traffic during straining.

If the asphalt has a high tension modulus in relation to the geogrid and the
gsoil has a high shear modulus, then virtually all of the shear stress on the bottom
of the asphalt will be transmitted to the top of the geogrid. This shear stress
could be added directly to the maximum shear stress that will develop on the bottom
of the geogrid as discussed before. The shear modulus of the compacted crushed
rock base course used in these tests is expected to be large enough to behave
rigidly for purposes of these calculations. Cured asphalt at low temperatures
would have a very high modulus in relation to the geogrid. This test was done
within a few days of placing the asphalt and its modulus may have been very low
resulting in virtually no additional tensile stress, and subsequently wvirtually no
added shear stress was transmitted to the geogrid.

The following guidelines are used to create the
shear stress, tension, and elongation diagrams for a two layer system.
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a The lower layer of geogrid is elongated because the platform is moved
outward.

b The shear stress on the bottom of the bottom geogrid above the platform is
the same as it was without an upper geogrid layer.

¢ The upper layer of geogrid will be stretched because the lower layer of
geogrid is stretched.

d All parts of the bottom geogrid that move, move toward the edge of the road
on the side with the platform.

e All of the shear stresses on the bottom of the upper geogrid would be in the
direction of the movement of the lower geogrid if the upper geogrid were
anchored.

f Since the upper geogrid is not anchored it must slip at the end farthest from
the platform.

g Since the maximum shear stress possible on the upper geogrid is the same
across its entire length, the shear stress must be opposite on the two ends
and change direction at the center.

h The shear stress on the bottom of the bottom geogrid will be greater than the
shear stress on the bottom of the top geogrid because the overburden pressure
is more at the plane of the bottom geogrid.

i The center of the upper geogrid will not change relative location with the
lower geogrid. This assumption is not necessarily accurate but the results
will be reasonable.

3 The shear stress on the top of the bottom geogrid and the bottom of the top
geogrid will be egual and opposite.

With these guidelines one may estimate the shear stress, tension and
elongation diagrams shown in Figure 2.

After the crack formation and before
trafficking, the stresses and strains discussed above have developed. The wheel
load is then carried over the void by a combination of bridging within the soil and
tension in the geogrid.

From a purely elastic standpoint the wheel loads will be distributed outward
with depth. The effects of this on the plane of the geogrid can be estimated with
reasonable accuracy in a homogeneous soil mass. In a soil mass where there is a
soft zone under the load, the analyses are severely complicated. Several design
techniques are available, however none of them approximate the situation presented
in this series of tests. However, elastic theories, field and laboratory tests,
and numerical solutions, all show that the loads are distributed more rapidly if
the surface layer is stiffer than the underlying layers. The larger the
difference, the wider the distribution.

\

In the geogrid reinforced sections the geogrid helps gpread out the load
through a combination of shear stresses on the soil outside the void, upward
pressure on the soil above the void and downward pressure on the soils at the edges
of the void. 1In addition, the granular materials over the void are confined and
hence stiffened by the interaction with the geogrid. The stiffening of the
granular soils allow them to spread the load out more. There have been attempts to
quantify some aspects of the load carrying capability of the geogrid (Kinney 1979,
Kinney 1986, Kinney and Comnor 1987, Kinney 1988, Kinney and Conner 1990, Kinney
1992a and Kinney 1992b) but to date it is not possible to quantify the entire
performance.
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FIELD VERIFICATION

Several field and laboratory tests have been performed to verify the theory
presented above. The field test on Farmers LoOOD Road near the University of Alaska
Fairbanks (Kinney 1992a) is of particular interest because it is an actual road and
it graphically shows the benefits of using the technology. Photograph 1 shows a
crack that had opened up in the road within two weeks after patching in the summer
prior to construction of the test sections. Measurements over several months
indicated that the road was spreading laterally at the rate of at least 25 mm per
month throughout the spring, summer and fall.

The road was excavated 1.4 m through asphalt patching and rebuilt using three
control sections and two geogrid reinforced test sections. Little, if any,
cracking was noted the first year even though the road spread laterally several cm.
Tt is speculated that this was due to the complete reconstruction of the road which
allowed the embankment materials to withstand significant lateral spreading by
loosening. The asphalt was new and could creep under traffic loading as the
embankment spread. The control sections showed considerable cracking and vertical
deformation in the second and third years and had to be heavily patched each year.
The geogrid reinforced sections showed hairline cracking and no wvertical
deformation. While patching the control sections at the end of the third year the
entire section was overlain because the patched control sections were now higher
than the reinforced sections.

Early in the following summer the control sections had several centimeters of
cracking and several centimeters of vertical deformation. The geogrid reinforced
sections showed up to 25 mm of cracking at the surface but no vertical deformation.
Photograph 3 shows the road section with the heavily cracked control sections and
the lightly cracked reinforced sections. Photographs 7 and 8 show close-ups of the
control and reinforced section cracks. Remember that the control sections had to
be patched twice while the reinforced sections had not shown any cracking up to
this point.

CONCLUSIONS

Theory and tests have demonstrated that geogrids can be used effectively to
1imit longitudinal cracking of roads in Interior Alaska. A theory has been
developed and proven which will allow design of the section. The technology has
been used on roads in Alaska and is expected to be used more in the future. This
same technology has been considered in landslide areas in other parts of the
country.
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Photograph 7 - Cracks in the Center Control Section

Photograph 8 - Cracks in Reinforced Section
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ABSTRACT

A 6.1 m high tilt-up panel wall with geogrid reinforcement was
constructed in Fredericton, New Brunswick, Canada, in 1990. The wall
was instrumented to monitor: rib strains in geogrids; axial force in
temporary prop used during construction; temperature variations in the
ground; and 1 earth on the panel. The wall
movements were red by survey te ue developed at the

University of New Brunswick.

This paper describes the details of the instrumentation, and results
of the field monitoring. The unique features of this study are: i) use
of precision survey to monitor wall movements; ii) behaviour of
temporary props during construction; iii) effect of temperature on
strain gage readings and iv) effect of construction procedures such as
pretensioning of geogrid on strains in geogrids.

INTRODUCTION
In North America, the first reported case of using geosynthethics

as a soil reinforcement was in 1974, when a 2.7 m high wall was
constructed in the Siskiyou National forest in Oregon (Yako and

Christopher, 1988). It was estimated by 1987 that in the order of 200
polymeric reinforced walls and slopes had been constructed (Yako &
Christopher, 1988). Out of these projects, 13 retaining walls and

slopes were instrumented.

The design of these retaining structures is based on the results of
many 1 ory and model along with conventional n theories.
Since are few inst ed sections that can su the design
hypothesis, engineers and researchers are still not confident with the
mechanism of interaction between the reinforcement and soil structure.
The research reported in this paper was therefore undertaken to study
the behaviour of a specific prototype precast waffled concrete panel
tilt-up retaining wall known as Waffle-Cretef.
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LITERATURE REVIEW

Of the thirteen case studies reported by Yako and Christopher in
1988, only four were geogrid reinforced retaining walls. Since 1987, an
additional four instrumented retaining wall projects have been reported
in the literature. An extension of Yako and Christopher’s 1988 summary
of instrumented geogrid walls is given in Table 1.

Kutura Prototype Japan 1988 Full 6.0 Precast Strain gages,
et.al. polymer scale con— Settlement
1990 grid wall test wall crete board,
panels Observation
points
Jones Dewbury Yorkshire 1988 Trial 6.0 Precast Inductance
et. al Ring Road England reinforc- con- coils strain
1990 ed crete gages,
retaining ties Reference
wall points
Simac Algongquin  Algonquin 1989 Full 6.1 Dry Extensometers,
et. al Full Illinois scale stacked Stain gages,
1990 Scale USA test wall soil Inclinometers
Test Wall filled Total pressure
incre- cells
mentals
Bathurst Highbury London, 1989 Vertical 1.25 Full Strain gages,
1991 Avenue Ontario retaining to 7.1 height Inclinometers,
Wall Canada wall rein— Thermocouples
forced
precast
panels
Table 1. Reported Case Studies of Instrumented Geogrid Retaining Walls

Yako and Christopher, 1988 concluded that it is very difficult, if
not impossible, to develop definitive conclusions from the projects
surveyed due to significant variations in the instrumented structures,
type of backfill, type of reinforcement, facing, instrumentation and
construction sequence. This statement is still valid with additional
data from instrumented walls.

PROJECT DESCRIPTION

The Site The Carriage Place project site is located north of the Trans
Canada Highway on the Hanwell Road 1in the southwestern part of
Fredericton, New Brunswick, Canada. Prior to the wall construction, the
site sloped gently to the northeast and at a slightly steeper grade to
the southeast towards a gully. The site 1s bound by an automotive
dealership to the northwest and a strip mall to the southeast. The
project consisted of building a 5824.8 square metre strip mall along the
southeast part of the property (Figure 1). Due to the site’s sloping
nature and property limitations, a retaining wall was determined to be
an economical means for site development.
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Figure 2. Cross Section of Instrumented Wall Panel
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The soils at the site consisted of compact to dense silty sand and
gravels generally less than 1.0 m thick, overlying medium to coarse
grained horizontally bedded sandstone. The surficial soils are inferred
to be glacial tills.

The wall, 389.5 metres in length, consisted of individual precast
waffled concrete tile-up panels and geogrid soil reinforcement, patented
under the Tensa-Crete™ soil structure system. The wall design was
carried out by Gordon Wilson and Associates Inc.. The precast facing
panels were 2.6 metres wide and varied in height from 2.65 to 6.97
metres. The facing panels were erected by Maritime Precast Ltd., on a
406 mm unreinforced concrete strip footing and fixed to the footing by
12.5 mm diameter and 254 mm long galvanized pins placed in the footing
during concrete placement.

Primary geogrid soil reinforcement was mechanically attached to the
panel at a vertical spacing of 1.22 meters. At each placement
elevation, two adjacent 1.0 meter widths of geogrid reinforcement were
placed with principal strength direction perpendicular to the wall face,
providing 77 percent coverage of the 2.6 m panel width. Additional
unattached geogrid reinforcement was placed between attached geogrid
layers to increase internal stability. Based upon design calculations,
a total of 8 medium strength (120 yr design strength of 16 kN/m) HDPE
geogrids (Tensar SR-2), and one low strength (120 yr. design strength of
8 kN/m) HDPE geogrid (Tensar SR-1) were required as shown in Fig. 2.
The method of analysis given in Tensar Technical note (1986) was
utilized to determine reinforcement layout.

Adjacent panels were connected via 16 mm diameter friction fit steel
pins in precast holes every 1219 mm vertically. The retained backfill
material consisted of 76.2 mm minus pit run sand and gravel with
approximately 12% passing the 75 um sieve, which was assigned an
internal angle of friction, ¢, of 35 degrees.

Drainage was provided as per the details shown in Fig. 2.

Wall Construction. The construction of the wall was carried out during
the periods of November to December 1989 and April to June 1990. The
construction began in early November at the southeast end of the wall.
By mid December 1990, the wall construction was halted due to winter
conditions. Construction resumed in April 1990, and was completed by
the end of June 1990.

The sequence of construction was:
1) Excavation of sandstone rock and overburden soils was carried out
with a back slope of 1.5 horizontal to 1.0 vertical extending 4.5

metres behind the wall footing (Figure 2).

2) In situ soils were compacted prior to the placement of a cast in
place concrete strip footing, 406 mm wide by 205 mm deep.
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3) Subsequent to step 2, installation of inclined drainage blanket
and footing drains was completed.

4) Precast full height tilt-up facing panels were erected on the
strip footing between galvanized pins. Panels were propped and
battered 2% towards the backfill.

5) Sand and gravel backfill was placed and compacted to the level of
the first reinforcement layer.

6) Two adjacent 3.4 metre long by 1.0 metre wide geogrid strips were
attached to short geogrid tabs embedded within the horizontal ribs
of the panel.

7) Each geogrid layer connected to the wall was pretensioned using
an adjustable fork rake consisting of two pipes. Tension was
applied by extending the rake against the precast panel.
Approximately 300 mm of backfill was placed on the tensioned geogrid
and then the rake was removed.

8) The backfill was compacted to 90 percent of Modified Proctor
maximum dry density (ASTM D1557). Backfilling and compaction
continued in approximately 300 mm lifts. Layers of reinforcement
not connected to the wall were installed halfway (610 mm) between
connected layers. These layers were not pretensioned.

9) Operations 6 to 8 were then repeated until backfilling was
completed to 2/3 of the wall height. At this stage individual
panels were aligned by shortening the prop length using the screw
control located at the bottom of the prop.

10) Operations 6 to 10 were repeated until backfilling was completed
to the design grade.

11) The wall panels were aligned using the prop screw adjustment.
The prop was removed after the final adjustment.

INSTRUMENTATION

One 6096 mm high precast panel was instrumented during the
construction (Figure 1). The objective of the instrumentation program
was to monitor the wall performance during and following construction.
This program was directed towards monitoring wall movements, geogrid
reinforcement strains, wall prop loads during backfilling and lateral
earth pressures on the back of the panel.

Instrumentation consisted of: survey targets in the area of the
instrumented panel; strain gages attached to the temporary metallic prop
and the mid-rib geogrid locations of two different geogrid layers; total
stress cells placed along the back face of the wall; one piezometer; and
two thermocouples at the location where the reinforcement was
instrumented. The details of the instrumentation are also shown in
Figure 2.

Geosynthetics '93 - Vancouver, Canada - 127



Strain gages EA 13 125BT-120,
manufactured by Micro-Measurements with an approximate strain limit of
5 percent were chosen to monitor strains in the attached geogrid
reinforcement. Geogrid reinforcement layers at depths of 2440 mm, and
4880 mm below the wall surface were instrumented. Both geogrid
reinforcement layers were instrumented with 12 strain gages at six
locations. The strain gages were attached at mid-rib locations on the
top and bottom surfaces of the geogrid reinforcement. All strain gaging
was applied in the laboratory with the reinforcement supported on a
wooden frame. All strain gages were tested prior to transferring to the
construction site. This testing revealed that only 12 of the 24 strain
gages remained operational; four on the lower level and eight on the
upper level. The locations at which strain gages remain operational are

shown in Figure 2. To protect gages and wires from mechanical damage
during compaction, a foam packing and 4.75 mm screen sand was hand
placed over all gages. All wires were encased in a flexible 12.5 mm

diameter PVC conduit that was loosely connected to the reinforcement
with plastic ties.

One copper-constant thermocouple was placed in the centre of each
instrumented geogrid layer. Thermocouples were used to monitor ground
temperatures.

To monitor forces in the temporary
metallic prop during backfilling, four Micro-Measurement EA-13-125BT-120
strain gages were installed around the circumference of the prop at 90
degree intervals. The four gages were connected to form a full
wheatstone bridge circuit. The prop was calibrated in the laboratory
prior to field installation.

A precision survey was carried out by the University of
New Brunswick’s Surveying Engineering department. In this survey, a
total of twenty two survey targets were installed: eight on the face of
the wall panel, two on the concrete footing below the panel, five on the
temporary metallic prop, five on the front of the Hanwell Place strip
mall opposite the wall and two nails in the asphalt near the bottom
bracket of the prop. Using electronic theodolites simultaneously
connected to an Apple MacIntosh computer, three dimensional cartesian
coordinates of all target points were determined, and used to detect
relative movement.

In order to measure lateral earth
pressure against the panel, three pneumatic cells (101 to 103) were
installed behind the precast panel. The cells used were model EPC-9P
manufactured by Petur. These cells were placed within the panel waffle
in line with the back edge of the panel wall. The total pressure cells
101, 102 and 103 were installed at depths of 2200 mm, 3400 mm, and 5500
mm below the top of the wall.

One Petur P106-1 Canvaspack piezometer was installed with its tip
elevation at the top of the footing grade.

128 - Vancouver, Canada - Geosynthetics ‘93



RESULTS OF FIELD MONITORING

A 14 month monitoring program began on May 15, 1990 when no backfill
was in place, and continued until August 14, 1991. The purpose of this
program was to obtain data during and after construction on the
installed instrumentation. The construction was considered to be
completed on May 25, 1990 when the temporary metallic wall prop was
removed and backfill was within 400 mm from the top of the wall.

After each instrument was installed, initial readings were recorded.
During the construction period, instruments were monitored on hourly
basis. Following the construction period, field monitoring continued
daily until June 8, 1990. From June to August 1990, the field
monitoring frequency was reduced from 15 to 6 reading per month. For
the months of September and October 1990, 2 and 3 sets of readings were
obtained respectively. From November 1990 to August 1991 field readings
were obtained monthly except for the month of December.

Reinforcement Strains The strain gages were monitored wusing a
Vishay/Ellis Digital Strain Indicator (DSI). Based on a laboratory
calibration program all field readings were converted to percent strain.

Over the monitoring period ground temperature variation between -5° to
25° C were recorded (Figure 3). In order to determine the effect of
temperature changes on strain gage response, five strain gages were
attached to geogrid and they were placed in an environmental chamber
where the temperature could be controlled over a range of -20° to 33°
C. The results of laboratory testing are presented in Figure 4.

Figures 5 and 6 show the data on percent rib strains corrected for
temperature. During the construction of the wall, the strains in the
ribs in both reinforcement layers were less than 0.5 percent and all
gages in each reinforcement layer followed similar trends (Figures ba
and 6a). Over the monitoring period, rib strains in all gages except
for 4-48 were observed to be less than 1.0 percent. (Figure 5b and 6b).

Bathurst (1991) reported that gage strain should be converted to
gross strain in order to account for the variation in the modulus of
elasticity in the reinforcement. Even if this correction is applied,
the estimated gross strains in geogrid reinforcement are below 1.5
percent.

During the installation of the lower instrumented reinforcement, one
strain gage adjacent to the wall panel was monitored during tensioning
of the geogrid. This monitoring revealed that all induced tension was
lost upon removal of the tensioning rake.

The varia ial 1 rop during
is shown 7. indicates
that the axial load in the prop was y con ss than 50
kN except when the prop screw adjustment was used to change the panel
alignment. A precision survey was performed on the survey targets

mounted on the prop on May 15, and 17, 1990. This survey data indicate
that the prop had bowed in a direction parallel to the wall as
backfilling against the panel continued (Figure 8).
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Four precision surveys were carried out on the
survey targets placed on the face of the instrumented panel during the
monitoring period; two during construction (May 15, and 17, 1990) and
two following the construction period (August 10, 1990 and September 2,
1991). The wall panel movements are presented in Figure 9. This data
indicate that the wall, which was initially constructed with a 2 percent
slope towards the backfill, following construction was near vertical.
Definitive conclusions on the total wall deflection during and following
the construction period are impossible as the first two surveys were
carried with the wall prop in place. During the removal of the prop on
May 25, 1990, the prop was used to adjust the panel alignment prior to
its removal. The amount of this movement was not measured. Assuming
this movement to be minimal the total wall deflection at the top of the
wall during construction is in the order of 100 mm. Between the August
10, 1990 and September 2, 1991 survey, a 14 mm defection at the top of
wall was measured.

Lateral press ations the
own in Fi 10. this the
following observations can be made: ng the tion p the

lateral wall pressure was well below the predicted Rankine values and
relatively constant with depth; during the winter and spring season
following the wall construction, the lateral wall pressure increased to
values equal to or greater than the predicted values obtained by the
Rankine, Meyerhoff or Trapezoidal pressure distribution theories at the
mid-height of the wall. However, pressures remained very low at the
base of the wall throughout the monitoring period.

CONCLUSIONS
Based on this study the following conclusions can be drawn:

1) Strains in the ribs of the geogrid reinforcement during and following
construction are less than 1.0 percent. This finding is in agreement
with other reported case studies.

2) No tension remains in the reinforcement after pretensioning with
special designed rakes. The only beneficial effect of pretensioning
appears to be straightening of geogrid in the field.

3) Lateral wall pressures appear to be initially very low during and
following the construction period. However the pressures appear to
increase considerably after the first winter freeze and, thaw and vary
with temperature throughout the year.

4) Precision survey method is an acceptable method of measuring small
wall movements. Placing the panels at 2 percent slope towards the
backfill appears to be a good construction practice as the post
construction movements are rather small in relation to the vertical
face.
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ABSTRACT

Constructibility and economics influenced the design and specification of a
unique bridge abutment wing wall system in a high-flow flood control channel at
Blackland Gully in Kingwood, Texas. Difficult soil conditions, erosion impact posed
by extreme stormwater flows, aesthetic concerns in a high-income subdivision, and the
unique connection system for shotcrete-to-wire-basket-wall-face combined to produce an
innovative solution and groundbreaking construction techniques. The completed
structures illustrate the successful application of geosynthetics (including geogrids,
geotextiles and drainage composite) in concert with conventional construction materials
(like the wire and used in this project) to produce an optimum civil
construction s to e ry design constraints.

To support development of a new residential tract, access roads via two bridges
over Blackland Gully were required. Channel width and high flows precluded a
conventional culvert. To accommodate the high flows and the developer'’s desire for a
‘geamless’ abutment wall, clear span bridges with a unique shotcrete-faced,
geosynthetically reinforced abutment wall system were utilized.

This paper describes the project parameters, solution development process and
successful construction of a shotcrete-faced mechanically stabilized earth wall system
in a high-flow channel.

INTRODUCTION, PROJECT CONSTRAINTS AND PROJECT DEVELOPMENT SEQUENCE

In early 1991, Friendswood Development Company, the residential property
development unit of Exxon Company, U.S.A., announced plans to develop Section 6 of
their holdings in Kingwood, Texas for a new high-income residential community.
Expected home prices in the section, which lies between two previously developed
sections of the Kingspoint Village area, begin at $250,000. Unfortunately, this
gsection straddled Blackland Gully which is the main drainage channel for a .9833 square
kilometers (243 acres) (net) stormwater basin in an area well-known for its high
rainfall. Traffic access across this channel would be required at two locations:
Hidden Lakes Drive and High Valley Drive.

. Si Gully c fied
as a nty, nt pla as ired
to me i unty Distr ( ) if

it was to be approved. These rules not only concern flow rates and volumes but dictate
that slopes cannot exceed a 3H:1V angle. HCFCD also mandates a nine meter (thirty
foot) maintenance area from top-of-slope to right-of-way boundary. To compound the

dev land . rmy
Cor Texas p ced
in the w d’'s
development for planned o tes
extensive ae and quality-o r ons in their 1l nt p . The
thrust of their promotion for Kingwood Livable For the ject’s

architects, SLA Architects of Houston, Texas were charged with making the Blackland
Gully channel a ‘greenbelt’ with a park-like appeal.
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The project’s consulting civil engineers, Turner, Collie and Braden of Houston,
Texas, undertook an extensive study of the area from a land-use feasibility viewpoint.
Soil investigations were contracted to Southwestern Laboratories of Houston while
hydraulic studies of the basin and channel were completed in-house. A closed storm
sewer system was first considered; however, it became immediately apparent that flows
encountered would far exceed the economic viability of hard piping and an improved open
channel system for Blackland Gully would be required. Further study revealed that the
bridges spanning this channel at the two locations would require either very long spans
or unacceptable ‘choke points’ for water flow. A brief review of typical constructed
costs for bridge spans revealed that the long span alternative was economically
infeasible. Instead, various options for carrying acceptable water flow under shorter
spans were investigated. The first option considered was a box culvert structure, but
the 100 year storm volume of 20.6 cubic meters per second (726 cubic feet per second)
at a velocity of 1.22 meters per second (4 feet per second) proved this alternative
uneconomical. The second short-span alternative investigated was a clear-span bridge
over a slightly deepened open-flow channel. Standard available spans of 18.6 meters
(61 feet) at Hidden Lakes Drive and 32 meters (105 feet) at High Valley Drive were
evaluated for acceptable channel hydraulics and found to meet 100 year stormflow
requirements. Unfortunately, these spans reduced the available space at the channel
banks which then failed the HCFCD’s 3H:1V maximum slope angle.

A short-span, pile-supported bridge section at both crossings with abutment walls
angling back to intersect the natural 3H:1V topography appeared to be the best
alternative. Eight walls would be required (two at each end of each bridge) with
varying heights and lengths. Additionally, the storm sewer system for the roadways
being constructed would require outfall in large culverts at locations in three of the
walls. Total wall surface area for the eight walls was approximately 465 square meters
(5,000 square feet) with the tallest being 4.9 meters (16 feet) at the bridge abutment.
To blend with the available topography, four of the walls required construction of
internal concave angles of up to 30 degrees.

The architects decided that a ‘seamless’ facing for the walls was the only
acceptable aesthetic facing to complement the ‘greenbelt’ landscape plan for the
channel’s recreational utilization. Concern was also expressed that walls with joints
would pose a potential problem in the high flow situation of a 100 year storm event.
This left cast-in-place concrete walls as the only remaining option. Initial pricing
for this option was investigated by the engineer and estimates of $753 (USD) per square
meter ($70 per square foot) of wall face were received from local contractors. This
was deemed too high a price by the developer and further investigations were mandated.
A reinvestigation with contractors confirmed the estimate citing the small wall area
and difficult site conditions.

The engineer’s previous investigation of MSE-type walls revealed a potential
alternative solution which would perhaps meet the owner’s and architect’s needs at a
lower cost: Could the MSE concept of a reinforced earth mass be coupled with a cheaper
concrete facing system like shotcrete and still satisfy the wall integrity and
‘seamless’ construction constraints?

Table 1 shows types of gravity and MSE walls with their relative advantages and
disadvantages (in relation to the above parameters) considered by the engineer:

‘Seamless’
Gabion Yes Yes Yes Very Poor
Cast-in-place Yes No Yes Excellent
Tilt-up Panel Yes No Yes Marginal
Steel Sheet Pile Yes Yes Yes Very Poor
Timber-Faced Yes Yes No Very Poor
MSE Panel Yes Yes Yes Marginal
Modular Block Yes Yes Yes Marginal
Shotcrete MSE Yes Yes Yes Excellent

Table 1: Summary Chart of Wall Alternative Acceptability
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Working with manufacturer’s representatives of all the elements of a MSE/shotcrete
system, the engineers assessed the feasibility, developed a hybrid design methodology,
determined a construction procedure and developed specifications. The project was bid
according to line-and-grade performance and supply specifications of the civil
consultant with contractors to provide final design documents after project award.
Competition between extensible geosynthetic reinforcement and inextensible metal
reinforcement as well as several shotcrete installers was provided in specified
alternatives. A contract was awarded and the project constructed in early 1992 at a
40% cost savings to the original cast-in-place concrete alternative.

This paper describes the project parameters, alternative analysis, design and
construction methodology adopted and presents details of the construction technique
employed to combine the construction of a geosynthetically reinforced MSE wall system
with a seamless, high-strength shotcrete wall facing.

SITE DESCRIPTION (See Figure 1)

Kingwood, Texas is a planned residential community first developed in the early
1960's. It is located approximately 40 kilometers (twenty-five miles) north and
slightly east of Houston, Texas in far north Harris County. Current population is
approximately 41,000. Developed in sections by Friendswood Development Company,
Kingwood has distinct neighborhood developments which range in home value from $100,000
to well over $1 million with townhome/condominium/apartment developments and retail
service areas interspersed. The area is heavily forested with native pines and the
development methodology has supported maintaining the forested ‘rural-urban’ theme.

Watersheds in the area are controlled by the Harris County Flood Control District
(HCFCD) and consist of a series of streams, gullies and smwall rivers. The
preponderance of the drainage for Kingwood is into the Lake Houston watershed. This
large lake is owned by the City of Houston and comprises one of the city’s major
sources of fresh water. Lake Houston borders this area of Kingwood on the southeast
side and lies within 600 meters (2,000 feet) of the project site.

High Valley Dr.
Bridge & Walls

Hidden Lakes Dr.
Bridge & Walls

7/ .

Figure 1: Site Plan View - Blackland Gully Channel Crossings
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Soils in the Kingwood area are generally characterized as deltaic deposits on the
Beaumont Clay Formation which is comprised of clay, silt and sand. The deltaic
deposits largely represent fluvial, bay and interdistributary environment. Soils were
deposited during a period of glacial ice retreat and the return of high sea level like
that of the present day. Surface fill is classified as firm silty clay varying from
1 to 2 meters (3 to 7 feet) in thickness and overlying a denser layer of sand and
silts. Clay layers can be found throughout the area at various depths. Soil borings
were completed throughout the development site with one boring at each crossing site
which was found to be adequate information for design. Shear strengths generally
ranged from 9.6 KN/square meter to 16.8 KN/square meter (200-350 psf). Liquid limits
of the plastic clays range from 30 to 80 percent and plasticity indices range from 10
to 50 percent. Overall, the terrain is relatively level except where cut by drainage
structures like the gully and its tributaries. Average annual precipitation in the
area is approximately 134.6 centimeters (53 inches) with frequent events exceeding 10.2
centimeters (4 inches) in a 24-hour period during the spring season or when Atlantic
hurricanes sweep through the area between June and September.

Blackland Gully runs southeast for approximately 488 meters (1,600 feet) through
Section 6 of Kingspoint Village before turning east towards Lake Houston. The area of
Section 6‘s development all lies within the upper reach of the gully. It outfalls
another 488 meters (1,600 feet) downstream into the East Fork of the San Jacinto River
at the river’s confluence with Lake Houston. Hydraulic analysis of the basin and flood
plain for a 100 year storm indicates that the gully bank in the section being developed
is a minimum of 1.22 meters (4 feet) above flood elevation and 3.66 meters (12 feet)
above normal flow line of the channel. This elevation above the flood plain is
acceptable for development by HCFCD standards. The flow volume and velocity in the
channel in the 100 year storm event is 20.6 cubic meters per second (726 cfs) at 1.22
meters per second (4 fps) and governs the development and specific channel design in
the project.

The existing gully channel depth averaged 3.66-4.27 meters (12-14 feet) with slopes
as steep as 1/2H:1V. Vegetation in the high flow sections of the existing channel was
sparse as a result of stormwater erosion while the upper slopes and banks were grassy
with light forestation. In various locations, heavy stands of pine were present in the
proposed right-of-way which would require clearing and grubbing in the project. The
entire right-of-way would require landscaping to flood control district standards as
well as the ‘greenbelt’ requirements of the developer. Right-of-way available to the
channel varied from 36.6 to 76.2 meters (120 feet to 250 feet); however, the proposed
road crossings are in narrower reaches of 41 meters (135 feet) at the Hidden Lakes
Drive crossing and 53.3 meters (175 feet) at the High Valley Drive crossing.
Classification by the U.S. Army Corps of Engineers and the Texas Water Commission as
a ‘wetland area’ precluded any fill being placed in the channel as a means of meeting
the HCFCD 3H:1V maximum slope angle or maintenance area requirements.

The natural drainage basin served by Blackland Gully encompasses .81 square
kilometers (200 acres) south of Kingwood Drive on the east side of Kingwood. An
additional .097 square kilometers (24 acres) of drainage from an existing development
was previously diverted to Blackland Gully and would be accounted for in the channel
design. Channel design must also account for sheet flow in a 100 year storm event
which exceeds the capacity of the existing storm sewer system on Kingwood Drive to the
north of the basin which would naturally flow down High Valley Drive adding to
Blackland Gully’s design capacity requirements. Total net drainage area for stormwater
design purposes using the HEC-2 hydraulic model was .9833 square kilometers (243
acres). The 100 year storm event volume of 20.6 cubic meters per second (726 cubic
feet per second) at a velocity of 1.22 meters per second (4 feet per second) represent
the design criteria in the area for this channel section by HCFCD standards. Together,
these factors greatly impacted the project’s design and alternative selection.

SOLUTION DEVELOPMENT
From their exposure to MSE-type wall systems during the initial investigation,
project engineers from the design firm understood the mechanics of mechanically

stabilized earth structures but were unaware of any existing system which could combine
this type of wall stability with a ‘seamless’ facing (like cast-in-place concrete) as
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desired by the developer. In a project meeting to discuss the options, the possibility
of adding a seamless, jointless shotcrete facing to a reinforced soil mass was raised
and the following parameters for further investigation of this possible hybriad
solution were developed:

1. Strength of the shotcrete facing would have to be similar to cast concrete over
the project’s 50 year design life.

2. Shotcrete would have to be capable of vertical application with a smooth,
seamless finish and close tolerances to design thickness.

3 An effective interface system for the MSE structure would have to be developed
to ensure an effective ‘grab’ or ‘bond’ with the shotcrete.

4 The reinforcement elements of the MSE structure must be compatible with the
shotcrete materials for a 50 year design life.

5. Design of the system must ensure that the interface of the stiff shotcrete facing
with the ‘flexible’ MSE structure does not lead to extensive cracking of the
shotcrete facing.

6 The manning coefficient of the shotcrete facing must be similar to that of cast
concrete to minimize head losses at the structures.

7 An adequate drainage system must be provided to ensure that water is not allowed
to build up behind the wall during rapid draw-down occurrences which could cause
wall failure.

8 Wall design must include adequate precautions against scouring effects of high
flows at the base and ends of all walls in the project.

9. Concave internal angles would be required in four of the eight walls and drainage
culverts through the face of three of the walls must be constructible and
effective.

10. Total constructed cost of the proposed system must be attractive to the developer

over the cast-in-place wall alternative.

11. Stringent standards for MSE wall design must be developed and applied to the
design of the MSE structure.

12, Standards and details for construction, inspection and testing of all elements
of the proposed system must be developed without significant departure from
existing methodologies and ASTM standards.

Investigation by the project engineer into this hybrid solution began immediately
and the expertise of the Bmerican Concrete Institute, extensible and inextensible
reinforcement manufacturers and shotcrete contractors was enlisted to study the project
parameters and solution requirements noted above. Field trips to existing MSE
structures and shotcrete operations in the area were undertaken. Sample designs for
a variety of wall heights and soil conditions were solicited from reinforcement
manufacturers and a literature search completed to gauge the durability of the
interface between the shotcrete and the reinforcing elements was completed. Officials
at the Texas Department of Transportation (TxDOT) were gqueried to determine acceptable
design parameters and factors of safety for design of MSE structures.

RESULTS OF INVESTIGATION INTO POTENTIAL SOLUTION ELEMENTS
Detailed investigation by the project engineer into

the viability of the shotcrete facing of an MSE wall structure was accomplished by
querying the experts at the American Concrete Institute, meeting with manufacturer’s

representatives and insta and g ed material performance
characteristics by ical ng of similar shotcrete
projects.
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In general, shotcrete is applied by ‘gunning’ a mixture of Type II Portland Cement
and 6.35 mm (1/4 inch) screened Torpedo Sand (USCS = SW) directly onto a prepared clean
surface. These elements are mixed on site from a specially chambered truck in a mixing
‘gun’ at a ratio of 4.5-sand-to-l-cement. Thie mixture is pumped through a hose system
(powered by a 21.2 cubic meters/min. [750 cfm] air compressor) to the application
nozzle where it is further mixed with water from a separate hose. Pressure at the 50.8
mm (2 inch) nozzle exit is 552-621 kPa (80-90 psi).

The nozzle angle to the application surface is controlled manually by the operator.
For best results, it should be close to 90 degrees to the application surface and
should never exceed 15 degrees from the perpendicular axis to the surface to prevent
splatter and slagging of the wet mix. The nozzle should be maintained at a distance
from the surface of 1.2-1.5 meters (4-5 feet) which effectively translates the higher
nozzle pressure to a non-splattering pressure at the point of application. The
operator moves the nozzle over the application surface in an even, slow pattern thus
‘coating’ the surface with the mix until the desired thickness is attained. Often,
wire mesh or steel reinforcing elements are emplaced 50.8 mm (2 inches) above the
surface thus becoming a reinforcing element within the shotcrete mass. A skilled
operator can apply 3.8-4.6 cubic meters (5-6 cubic yards) of shotcrete per hour in this
manner which at 101.6 mm thickness (4 inches) is approximately 42 square meters (450
square feet) of surface area per hour. The labor crew required for normal shotcrete
operations is six with the nozzle operator and mixing operator having the greatest
impact on quality of the finished product.

Immediately after application, the shotcrete is ‘finished’ using a trim blade to
ensure smoothness of the final surface. Trimming results in a finish similar to cast
concrete. Initial drying takes only about 1% hours while full curing requires 28 days.

Results of the engineer’s investigation into shotcrete properties and methods
resulted in the following key specification elements:

1. Properly applied shotcrete should be a minimum of four inches thick and attain a
28-day compressive strength of 4,000 psi.

2 Either dry or wet mix shotcrete could be used to apply a smooth, ‘seamless’
vertical wall over a wire mesh or steel reinforcing bar facing and achieve
compressive strength equal to cast concrete. Trimming of the shotcrete would be
required to achieve a smooth finish.

3. Weep holes would be required in the wall design to preclude hydrostatic pressure
behind the wall during rapid draw-down situations.

4. Shotcrete application must be tied into culvert drainage structures through three
of the walls and the concave internal angles in four of the wall plans detailed in
the shotcrete application specification.

5. Existing ASTM and American Concrete Institute standards for shotcrete application,
inspection and testing would be applicable to the project.

6. While a literature search revealed no documentation of closely-similar applications
of shotcrete faced MSE walls, related research into shotcrete properties and MSE
structures indicated that they could be acceptably combined in this wunique
application if properly specified and executed.

7. The Manning coefficient of finished shotcrete is 0.012 (identical to cast concrete)
resulting in acceptable head losses at the structures in the channel flow analysis
to meet the HCFCD 100 year storm flow requirements.

The concept of MSE wall design was well-known to the project
engineers and accepted by the design community and the d . r, the
interface of this accepted stabilized earth structure with a sho facing
was unknown and therefore required study before approval in the project.
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First, Texas Department of Transportation (TxDOT) factors of safety and design
parameters for MSE walls from TxDOT project specifications in the Houston District were
adopted by the developer and engineer as follows:

Internal Stability

Geogrid Long-Term Design Strength F.S = 1.5

Geogrid Pull Out F.S = 1.5

Geogrid/Soil Interaction Coefficient c = 0.9

Percent Geogrid Coverage P, = 100%
External Stability

Base Sliding F.S. = 1.5

Overtuning F.S. = 2.0

Bearing F.S. = 2.0
External Loading

Uniform Surcharge 4.8 kN/M? (100 psf)
Design Bearing Pressure 144.0 kN/M? (3000 psf)

Seismic Factors None

External and internal hydrostatic loading during a dry condition were assumed
insignificant in the design after review of the soil boring data. External hydrostatic
forces during a rain event required mitigation using a prefabricated drainage composite
supplying minimum conductivity of 50 cm/second (5 gpm per foot width). Conductivity
requirements were assumed at 5 kpa (1000 psf) resulting from the planned fill

overburden. Internal hydrostatic forces during a rain event were more complex
incorporating a rapid drawdown situation with up to 2.44 m (8 feet) of internal
hydrostatic head. This hydrostatic situation was accounted for in the design by

imposing this phreatic level into the structure during analysis. Potential back
pressure created by a high water level in the channel creating an external hydrostatic
load on the wall was investigated and determined to be insignificant to the design as
the passive resistance of the reinforced soil mass and retained earth zone was
sufficient to resist excessive stress imposed on the facing in the event of high water,
until the level reached equilibrium. The final design incorporated a series of weep
holes near the base of the wall just above final channel grade and free draining
backfill materials to rapidly mitigate internal hydrostatic pressure during drawdown.

Manufacturer’s representatives for both extensible and inextensible reinforcement
were asked to provide conceptual designs for several typical wall heights in the
project using a variety of reinforced fill types and the above design parameters to
assess economic impact of £fill requirements, excavation quantities and project
construction. Proposals concerning drainage behind the wall were also requested. The
impact of this investigation will be discussed in the RATIONALE FOR GEOSYNTHETICS USE
AND SELECTION section below.

In this high-flow channel, the impact of scouring below and at the exposed end of
the walls was a serious design consideration of the engineer. During the investigation
of the MSE wall alternative, the base of the wall was determined to be a potential
scouring problem unless it was buried significantly into the channel slope below the
wall. Fortunately, the channel is fairly flat at all wall locations. Final design in
the project called for burial of the wall footing one meter (3 feet) below channel
grade at each location. Additionally, cement stabilized sand was specified for the
first three feet of fill behind the MSE wall face to provide additional protection in
case of erosion scouring at the base. Scouring at the walls’ abutment with the natural
channel slope was accounted for in the design by specifying vegetative erosion control
materials and landscaping at the interface with the above-mentioned one meter (3 feet)
of cement stabilized sand directly behind the wall. The effect of this design is a
‘vertical burial’ of the end of all walls under landscaped soil to a depth of one meter
(3 feet).

In this unique hybrid design investigation, the

effectiveness, design, constructibility and durability of the interface between the
shotcrete facing and the MSE wall structure was a primary concern of the designer.
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Since no experience with a similar hybrid system was available, reliance on engineering
study and judgement was paramount to acceptance.

Research at the American Concrete Institute indicated extensive experience with
shotcrete application over exposed wire mesh and steel reinforcing bars; however, no
system to connect such a facing to the reinforcing elements of the MSE soil mass had
been specifically developed or tested. It was determined that any wire mesh system
proposed must be galvanized to preclude corrosion of the steel mesh in contact with the
shotcrete. Similarly, metallic reinforcing strips (if selected) would require
galvanizing in the soil mass to prevent corrosion.

Geosynthetics in shotcrete deserved separate study by the engineer. Several
published papers regarding the non-corrodibility of organic plastics in concrete were
reviewed; however, the only available research on shotcrete interface with plastics was
from a series of British Army investigations into shotcrete reinforced bunkers
subjected to shelling and bullet fire. While this research was intended to study the
improvement of the shotcrete’s integrity under ballistic impact when reinforced with
plastic elements, it contained conclusory evidence that corrosion or deterioration of
the plastics in contact with the shotcrete was not a problem. In fact, these studies
convinced the engineer that another of their concerns -- that of potential cracking of
the shotcrete after application and curing -- would be significantly reduced by the
presence of geosynthetics in the shotcrete as a ‘reinforcing’ element.

The final interface concern investigated by the engineer was the design of the
facing of the MSE structure to afford sufficient ‘bond’ and ‘grab’ of the shotcrete
during application. A visit to a construction site in the area where a wire-basket
faced temporary highway wall was being constructed provided a low cost solution: The
MSE wall could be faced with galvanized wire baskets backed by 12 mm X 12 mm (1/2 inch
by 1/2 inch) galvanized wire screen with a layer of wrapped geogrid and a geofabric
separator inside the basket. As incorporated in the eventual design and project, this
MSE facing system provided an outstanding surface for shotcrete application with
positive interlock of the MSE structural reinforcement to the gunned shotcrete.

RATIONALE FOR GEOSYNTHETICS USE AND DESIGN

Geogrid reinforcement properties considered critical by the project engineer
included strength, chemical compatibility with the soils and shotcrete facing proposed,
constructibility, and economics over gravity walls. Geotechnical design parameters and
a proven design methodology for geosynthetically-reinforced MSE structures
incorporating geogrid properties were considered and specified in the project’s special
provisions as adopted from TxDOT standards.

Geogrid, geosynthetic drainage materials and geosynthetic fabrics were selected for
use in this project and approved by the developer for several key reasons:

1. Chemical compatibility with the shotcrete, cement stabilized sand backfill and
native clay backfill materials whose alkalinity would cause rapid deterioration
of steel strip reinforcement.

2 Proven long-term durability and tensile strength to provide wall stability
throughout the life of the project.

3 Proven long-term creep deformation resistance under sustained load.

4 Adequate transmissivity, durability and chemical resistivity of drainage

composites behind the reinforced MSE soil mass to preclude hydrostatic pressure
on the wall during rapid draw-down occurrences.

5 High tensile modulus of geogrids to provide strain compatibility with reinforced
backfill of two different types.

6 Interaction coefficient with both types of reinforced soils to meet the minimum
requirement adopted from TxDOT for the project.
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7 Ease of construction for reinforcing elements around culvert structures passing
through the reinforced soil mass.

8 Lower cost of geogrids compared to galvanized metallic strip reinforcement.

9 Adequate separation characteristics of geofabrics wrapped at the face of the MSE
structure to preclude migration of fines through the wall face until completion
of the shotcrete application.

10. Embedment depths which minimized excavation requirements.

11. Confidence in the ability of geogrids wrapped at the face of the MSE structure
to provide an adequate ‘bond’ and ‘grab’ surface for the application of
shotcrete.

GEOSYNTHETICALLY REINFORCED MSE WALL DESIGN

In general, the internal and external stability of the proposed walls was analyzed
by engineers at Tensar Corporation who completed final design work under AASHTO Interim
Guidelines and AASHTO-AGC-ARTBA Task Force 27 guidelines on computer. Internal
stability was analyzed using the tie-back wedge method of analysis along Rankine
failure surfaces while four modes of external failure were separately analyzed.

The analysis of external failure modes included sliding (checked against driving
lateral thrust force of the retained soil =zone), overturning (checked against
overturning forces exerted by the retained soil zone), bearing (checked to adequately
support the loads imposed by the retaining wall structure against foundation shear
failure and excessive settlement) and global stability (checked using limit equilibrium
slope stability analysis of the entire MSE structure).

Internal and external stability design and analysis incorporated soils analysis to
establish-effective strength and moist unit weight parameters of the foundation soils,
reinforced backfill and retained backfill zone soils. Soils information from the
geotechnical engineering report of borings at both gully crossing locations was used
independently for design of the walls at the specific location. Additionally, the
engineers specification of one meter (3 feet) of cement stabilized sand behind the wall
face to prevent any undermining of the wall by the scouring effect of channel flow was
incorporated into the analysis as a separate backfill zone. Equilibrium analysis of
forces was then used to determine the strength of reinforcement required and factors
of wsafety for reinforcement strength (1.5), pullout (1.5), durability (1.0),
construction damage (1.3), and design uncertainties (1.5) were applied. As a result,
long-term allowable design strengths for reinforcing elements were established and a
proposed optimal design solution utilizing minimum reinforcing element spacing of 457
mm (18 inches) to match the dimensions of the wire basket facing structure was analyzed
by computer using the TENSWALOl computer program developed by Tensar Corporation using
the tie-back wedge method.

Figure 2 is a typical cross-section of the walls as finally designed:
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Figure 2: Cross-Section of Wall 3 at Blackland Gully

Geofabric and Geosynthetic Drainage Medium design was relatively simple. Since the
only purpose of the geofabric at the facing was to temporarily prevent fines from
migrating through the wire basket and biaxial geogrid wrap at the face until completion
of the shotcrete application, there was no design consideration taken into account for

strength since the baskets and providing ing strength.
Consequently, a ligh ht nonwoven ge ic of 135 g (4 oz/sy) was
acceptable for the designer’s purpose. Similarly, the drainage medium requirement

behind the reinforced fill zone was a simple prefabricated drainage composite drain
application without excessive overburden pressure or transmissivity requirements. The
engineer specified standard lightweight drainage composites consisting of a low
transmissivity drainage net bonded between two layers of lightweight geotextile. The
separator fabrics prevent clogging of the drainage net with fines while groundwater is
allowed to pass through and flow to subdrains emplaced at the bottom rear of the
reinforced soil zone (See Figure 2). Specified conductivity was 50 cm/sec. (5 gpm per
foot width).

DESIGN OF SPECIAL WALL FACING
As a hybrid wall system with many unique design constraints, the detailed design

of the facing for the MSE wall structure was critical to the success of the project.
It was imperative that a system be developed which afforded maximum ‘grab’ and ‘bond’
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for the shotcrete as well as provide a measure of reinforcement within the shotcrete
mass.

From the research at the American Concrete Institute, galvanized wire baskets would
accomplish both of these tasks; however, these baskets would not protrude from the MSE
stru e after its compact to provide a dimensional ce for
the crete. The 1 d was to tall a 12 mm by 12 mm (1/2 by 1/2
inch) galvanized wire mesh between the wire basket and the other elements of the MSE
wall and hang an additional wire form structure from the front of each basket. Thus,

a nal formed which would ily accept the shotcrete provide
a of within the shotc mass to prevent any cr ng (See
Figure 3).

Wire Screen (1/2X1/2) Biaxial Geogrid Wrap

Plasic Ties

A

Galv. Wire Mesh Geotextile Filter Fabric

Galv. Steel Strut

L-Shaped Wire Basket Geogrid Reinforcement

Figure 3: Detail of MSE Structure Facing Prior to Shotcrete Application
CONSTRUCTION SEQUENCE AND DISCUSSION OF TECHNIQUES DEVELOPED

Construction sequencing for the project followed MSE wall construction methods

rec end e project specifications devel by the
eng er. ated as required and the wall dations
com ted foundations were compacted to 95% Standard
Pro r a allation.

The first 457 mm by 457 mm (18 inch by 18 inch) L-shaped, galvanized wire basket
was laid on the prepared foundation and plumbed to final wall location. Additional
baskets were installed to develop the run of the wall and cut and angled where
necessary to form wall angles and terminus point. Where culvert structures intersected

the wall, wire baskets were again cut to fit neatly with the culvert outfall. 1In
practice, this of baskets ly st to the face to
preclude any mo g backfill o and s quent co

Geosynthetics '93 - Vancouver, Canada - 147



Next, a primary reinforcing layer of geogrid (cut to specified embedment depth) was
laid behind the wire basket’s front face overlapping the baskets 457 mm (18 inch)
bottom leg. A 457 mm (18 inch) strip of 12 mm by 12 mm galvanized wire mesh (called
wire cloth in the industry) was then placed behind the vertical leg of the basket and
fastened to it with plastic ties. Similarly, a 457 mm (18 inch) wire basket leg was
tied onto the front of the basket face to serve as a ‘grab,’ ‘bond’ and reinforcing
element for the shotcrete (See Photo 1).

Photo 1: MSE Wire Basket Faced Wall During Construction

A 1.22 meter (4 foot, 6 inch) ‘wrap’ of biaxial geogrid was placed over the 457 mm
(18 inches) bottom leg, up the 457 mm (18 inches) facing leg and laid over the face
until completion of backfilling and compaction for this layer of baskets. A similar
length of 135 gram/sm (4 ounce/sy) geotextile filter fabric was placed in the same
manner to prevent migration of fines during ensuing construction. Galvanized steel
struts with hook ends were then emplaced between the two legs of the wire baskets by
simply punching them through the geotextile, through apertures in the geogrid wrap and
snapping them over transverse bars of the baskets. A minimum of two struts per three
meter (10 foot) basket were installed with care taken to ensure that even short
sections of cut-to-fit basket locations received two struts. The first wall
constructed revealed a problem with off-spec struts which varied considerably in length
and affected the final vertical alignment of the wall. No reconstruction was required,
however, as the contractor elected to achieve final alignment with a slight increase
in shotcrete thickness at the top of this one wall. Struts were henceforth checked for
length prior to installation.

Backfilling commenced in six inch lifts with cement stabilized sand comprising the
first meter (3 feet) behind the basket face and native soils completing the reinforced
zone. Each six inch lift was compacted using a hand operated vibratory compactor and
tested by the developer’s representative on site. This method worked well even near
the basket face with no apparent impact on alignment due to movement of the basket.
In practice, the contractor elected to use cement stabilized sand throughout the
reinforced zone due to the relatively short embedment lengths of the reinforcing
elements and the difficulty of filling the zone with dissimilar types of fill in a
simultaneous lift. Consequently, compaction was easily achieved.
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When the first basket elevation had been completed, the geogrid and geotextile
wraps were laid over the final lift and the next row of baskets installed taking care
to stagger the lateral joints of the three meter (10 foot) baskets in succeeding
layers.

After the second layer of baskets were completed the subdrains were laid at the back
of the reinforced zone location. Prefabricated geosynthetic drainage composite was
connected to the subdrains and laid over the rear of the construction site while wall
erection proceeded.

Near the bottom of the third basket layer, 76 mm (3 inch) diameter PVC pipes about
152 mm (6 inches) long were placed perpendicular to the basket face on three meter (10
foot) centers and extended at least 102 mm (4 inches) beyond the basket face to serve
as weep holes for the completed structure. Their final elevation was approximately 100
mm (4 inches) above final channel grade after burial of the lower basket sections. 1In
practice, these weep drain pipes were stuck into the wire basket immediately prior to
shotcrete application since they did not interface with the fill in the MSE structure
at all. Upon completion of the shotcrete application, these weep drains are solidly
embedded in the wall and allowed the inspector to view the wire cloth, geogrid and
geotextile wrap behind the wall for signs of any damage.

The above construction sequence continued until the wall neared its final elevation
when a single layer of basket was overlapped with a second basket layer inset as shown
in Figure 3. Safety railing posts were set 457 mm (18 inches) into the cement
stabilized sand backfill near the basket face as specified and the railings were
completed after final shotcrete application. Table 2 summarizes the eight walls in the
project.

Total Maximum Minimum Maximum # Maximum Design
wWall Length Height Height Grid Grid Length Tensile

Layers (1.85m min) Load

(kN/M)

(1b/ft)

1 26.9m 3.36m 9m 4 1.86m 17.78
(88.4 ft ) (11.04 ft.) (3 ft ) (6.1 ft ) (1219)

2 22.8m 2.91m .9m 4 1.83m 15.31
(75 ft.) (9.54 ft.) (3 ft.) (6 ft.) (1049)

3 8.53m 2.9m .9m 4 1.83m 15.22
(28 ft.) (9.5 ft.) (3 ft.) (6 ft.) (1043)

4 23.16m 3.72m .9m 4 2.05m 23.18
(76 ft.) (12.2 ft.) (3 ft.) (6.71 ft.) (1589)

5 9.75m 4.72m .9m 5 2.6m 23.25
(32 ft.) (15.5 ft.) (3 ft.) (8.53 ft ) (1593)

6 31.5m 4.72m .9m 5 2.6m 23.25
(103.3 ft.) (15.5 ft.) (3ft.) (8.53 ft ) (1593)

7 20.54m 3.96m .9m 5 2.18m 22.6
(67.4 ft.) (13 ft.) (3 ft.) (7.15 ft ) (1552)

8 8.23m 3.0m .9m 4 1.83m 15.87
(27 ft.) (9.8 ft.) (3 ft.) (6 ft.) (1088)

Table 2: MSE Retaining Wall Summary - Blackland Gully
All eight walls were constructed in this manner prior to shotcrete application.

After an initial ‘learning curve’ on the first two walls, the six man crew found that
they could easily construct a wall of approximately 60 square meters (625 square feet)
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of facing (not including burial depth) in a standard workday. Despite construction
during Houston’s winter rainy season, the walls were completed on schedule without
difficulty.

Once all walls were completed, the shotcrete subcontractor applied the shotcrete
as detailed in the above Shotcrete Facing Investigation section with a single crew in
1 1/2 days. Oon-site inspectors representing the engineer verified application
parameters and specified thickness attainment for all walls (See Photo 2). Subsequent
testing and inspection verified performance of the shotcrete to ASTM standards. The
ease of application and trimming operations resulted in effective interface of the
shotcrete at bridge abutments, culverts and finishing details like a ‘curb’ structure
at the top of the walls. The inspector on site observed that the shotcrete reached
past the wire basket, wire cloth and geogrid wrap to the geofabric ensuring adequate
‘grab’ and ‘bond.’ This effectively locked the MSE structure to the shotcrete facing
in the completed project.

Photo 2: Shotcrete Application Operation

RESULTS AND CONCLUSIONS (See Photo 3 of Completed Walls)

From the experience of the development, design and construction of a unique
geosynthetically-reinforced, wire basket faced, shotcrete finished MSE wall in a high-
flow flood control channel with many unusual design parameters and constraints, the
following conclusions can be drawn:

~ Combining elements of standard construction techniques with the advantages of
geosynthetic materials offers engineers and designers opportunities for unique
golutions at lower costs than other available alternatives.

- shotcrete facing of MSE structures is an effective lower cost finish for wall
applications demanding the appearance of cast-in-place concrete.

- While a factor in project economics, specific backfill type specified is less an
overriding economic factor in difficult locations for relatively small walls than
often considered; in fact, construction efficiencies with better materials often
outweigh the increased costs in final project economics.
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- The effects of scouring in high-flow channels can be effectively mitigated by
innovative design with MSE walls.

- The expertise of material suppliers and industry agencies can be effectively called
upon by designers facing challenging situations to help develop innovative
solutions.

- nesthetic concerns of developers can be met in unique ways by innovative
application of the principles of MSE wall design with virtually all desired facing
systems and appearances.

- While considerable planning should go into the final detailing of innovative
construction techniques, solutions can be found to virtually any potentiality and
field construction can proceed with effective completion ‘as specified.’

Photo 3: Completed Walls at Blackland Gully Flood Control
Channel in Kingwood, Texas
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ABSTRACT

This paper details the design and construction considerations involved in
developing an innovative use for geogrids and other geosynthetics at the South Carolina
State Port Authority’s Wando Terminal. The Wando Terminal is located just north of
Charleston, South Carolina on the Wando River. The major application of geosynthetics
was the use of geogrid reinforcement to reinforce the soil mass behind a 15.5 feet high
and 1,775 feet long modular block retaining wall. Geogrid reinforced wing walls were
also used along outfall structures. Interesting design aspects of this project include
the treatment of live loads from contalner storage trucks and equipment and Zone 2
seismic loading. Extensive soil investigation was performed to determine the
suitability of the underlying base material to support the retaining wall and to
provide construction guidelines to minimize differential settlement. Other aspects of
the paper deal with the facing unit/geogrid connection testing which was performed to
ensure that the connection strength of the facing unit/geogrid connection was greater
than the minimum long term allowable design strength used to design each geogrid layer.

INTRODUCTION

In the spring of 1991, the South Carolina State Ports
Authority developed a design for the completion of the Wando Terminal - State Pier 41
located north of Charleston, South Carolina on the Wando River. A major part of this
terminal completion project was the development of new container yards to service a
future wharf addition. The Wando Terminal is located directly adjacent to sensitive
wetlands, thus careful consideration had to be given during the design of the new wharf
to storm water detention and release, as a significant amount of storm water flow will
be generated by the paved surface of the new container yard. The challenge presented
to the South Carolina State Ports Authority was to design and build a large storm water
detention structure that would require the excavation of over 380,000 cubic yards of
earth work, the construction of earthen berms, the installation of geotextile wrapped
underdrains and the construction of over 1,800 linear feet of geogrid reinforced
modular block retaining wall.
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The storm water detention pond designed by the South Carolina State
Ports Authority was an "L" shaped structure with one edge of the "L" forming the
southern boundary of the pond and the container storage area. The geogrid reinforced
soil wall was constructed along this boundary. The purpose of building a retaining
wall along this boundary line was to maximize the amount of space available for
containerized storage. Once the decision was made to develop a retaining wall design,
a comparison of various retaining wall systems was made by the Ports Authority. Three
options were analyzed: 1. A sheet pile retaining wall system. 2. A poured in place
concrete wall. 3. A geogrid reinforced modular block retaining wall system. After
a careful analysis was performed, it was found that the geogrid reinforced modular
block alternative was easily the most cost effective option providing the State with
a savings of over $385,000 versus the other retaining wall systems. The savings
obtained from the geogrid reinforced option was equivalent to 63% of the modular block
wall’s total installed cost.

The nature of the project and its
location presented some interesting design challenges for the South Carolina State
Ports Authority. Because the Wando Terminal is located in a seismic zone it was
necessary to require that the final contractor designed retaining wall accommodate Zone
2 seismic loadings. The fact that the wall will be supporting a container traffic
facility necessitated the use of a 1,000 psf live load design surcharge along the south
wall. A 250 psf design surcharge was assumed at the outfall structure wing walls. The
maximum allowable soil bearing pressure allowed by the specifications was 2,500 psf,
and 1.5 factors of safety against sliding and global stability and 2.0 factors of
safety against overturning and bearing capacity were required for the geogrid
reinforced soil wall design.

Because of the special loading and drainage considerations, careful attention was given
to the specification of wall unit £ill, drainage fill and select backfill behind the
retaining wall structures. The wall unit fill and drainage fill were required to be
compacted gravel or crushed rock conforming to the number six designation of coarse
aggregate as defined by ASTM C-33. It was required that twelve inches of drainage fill
extend directly behind the modular wall units (see Figure 1). The select backfill
placed in the reinforced soil and retained backfill zones was specified to be
cohesionless soil containing no more than 15% fines. The complete gradation table as
specified by the SCSPA is listed below.

U. S. Standard Sieve Size

3/8 inch 100

No. 4 90 - 100
No. 20 60 - 100
No. 40 40 - 90
No. 100 20 - 40
No. 200 0 - 15

For design considerations, the Ports Authority specified the use of a select backfill
with an internal friction angle of 35° and a unit weight of 120 pounds per cubic foot.
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In order to establish
the soil strength of the foundation soil directly underneath the retaining wall for
global stability analysis purposes, nine soil test borings were performed at regular
intervals along the north-south construction baseline. All field testing was performed
by engineers from S&ME, Inc. of Mt. Pleasant, South Carolina (formerly Westinghouse
Environmental and Geotechnical Services, Inc.). The soil test borings were advanced
to depths ranging from 45 to 55 feet using truck mounted drilling equipment. The
rotary wash drilling method was used. Split-spoon sampling and standard penetration
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testing was performed under the supervision of a geotechnical engineer. Typically,
sampling and testing was performed at five foot intervals in the top twenty feet and
bottom ten feet of each boring. In between, 2 1/2 foot intervals were typically used.
Nine "undisturbed” Shelby tube samples were also obtained at select locations
determined by the geotechnical engineers.

Laboratory tests were performed on selected split-spoon and undisturbed samples
gathered during the field exploration. The purpose of the laboratory test program was
to obtain so0il parameters used in material classification and engineering property
evaluation. The material classification tests that were performed included Atterberg
limits test, grain size analyses, natural moisture tests, and specific gravity tests.
The engineering property tests included consolidation, unconfined compression,
unconsolidated - undrained triaxial, and consolidated - undrained triaxial tests. In
the general location of the retaining wall, a superficial layer of fill was found to
be present across the site. The depth of the fill, a sandy clay sand, ranged from 12
to 23 feet below the ground surface (elevation 22.6 mean low water). The bottom of the
detention pond and the base of the modular retaining wall system were designed to be
at elevation 6.00 mlw. Below the fill, the boring yielded a mixed layer of clay/silty
sand, shell hash and clay. The thickness of this layer ranged from 5 to 17 feet and
the bottom elevation ranged from approximately 3 to -3 mlw. Below the mixed layer, a
layer of highly plastic clay was encountered. The thickness of this layer ranged from
7 to 13 feet and the bottom elevation ranged from roughly -7 to -11 mlw. The materials
that generated the greatest concern from an engineering standpoint were the highly
plastic clays. Two samples of the highly plastic clay layer were tested to determine
the consolidation properties. Samples were taken from boring B-1 and B-6 (see Figure
2). The results indicated that the highly plastic clay possessed relatively high
compressibility (average compression index of 0.90 and initial void ratio of 1.76) and
had a relatively high preconsolidation pressure of approximately 2.5 ksf.

The laboratory strength tests were performed on undisturbed samples of the highly
plastic ¢lay layer. Unconfined compression tests on a sample from boring B-6 yielded
an undrained shear strength of 840 psf. Two consolidated - undrained triaxial tests
with pore pressure measurements (samples from Boring B-2 and B-7) yielded effective
cohesions of 275 and 720 psf and effective internal friction angles of 29° - 14°
respectively.

Prior to developing the completed geogrid reinforced
design using the select backfill parameters established by the SCSPA and the foundation
soil parameters determined by subsurface exploration, connection strength testing was
required to ensure that the geogrid met the connection strength provisions of the
specification. The products chosen by the contractor to use in the geogrid reinforced
modular wall were three knitted low, medium and high strength polyester geogrids,
Miragrid 5T, Miragrid 7T, and Miragrid 10T. The modular block retaining wall unit
chosen by the contractor was Amastone, a triangular shaped, 8 inch high block (see
Figure 3). The connection strength of the flexible PET geogrids and modular block
system was tested at Geosyntec Consultants geomechanics and environmental laboratory
in Norcross, Georgia. The test procedure used to conduct the connection strength test
was the Geosynthetics Research Institute’s GS8 test method for mechanical connection
testing.
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Figure 4 provides the results of the connection strength testing. The purpose of the
connection strength requirement was to ensure that the blocks did not pull away from
the geogrid once the grid was loaded to its design loading. The laboratory tests
showed that each flexible polyester geogrid provided an excellent frictional connection
between the rock filled modular block and the geogrid interface. This high development
of frictional resistance between the aggregate filled voids and the geogrid resulted
in excellent connection results in excess of the long term design strengths used to
design each geogrid layer.
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Once the soil parameters were established and the
connection strength testing was verified, the stability of the reinforced earth modular
walls were assessed using two commercially available computer programs, MGWALL
(Bathurst) and STABL6 (Humphrey, Holtz). The geogrid design strengths used in the
programs were calculated based on GRI-GG4 guidelines. The design strengths of the
selected geogrids are shown in Table 1. MGWALL was used to perform the internal and
external stability calculations. Specific failure modes addressed included pullout,
tensile over-stress, sliding, overturning, and bearing capacity.

TABLE 1
GEOGRID DESIGN STRENGTHS

Ultimate Strength Long Term Allowable
(lbs/ft) Design Strength (lbs/ft)
(See note below)

High Strength
PET Geogrid 6,400 1,850

Medium Strength
PET Geogrid 3,600 1,050

Low Strength
PET Geogrid 2,600 750

Note: Long Term Allowable Design Strength calculated per GRI-GG4 guidelines with an
additional Factor of Safety of 1.5 included for design uncertainties.

Assistance in developing the specific wall analysis criteria was also provided by the
use of "Design Methodology for Miragrid Reinforced Soil Retaining Walls" (Simac).
STABL6 was used to perform the global stability analysis. Both seismic and nonseismic
loading conditions were considered. For seismic loading conditions a horizontal
acceleration of 0.15 g was assumed. In all cases, the design factors of safety of the
reinforced sections shown in Figures 1 and 5 far exceeded the minimum factors of safety
indicated in the project specifications with global stability controlling the geogrid
reinforced design. Rapid drawdown was not a design consideration because the water
level’s operational height was not expected to be excessive.

The modular block retaining walls constructed on the project consisted of the main
retaining wall located along the southern boundary of the pond and two wing walls
constructed on either side of the main outfall structure at the western end of the
detention structure. The primary reinforced earth retaining wall located along the
southern boundary was designed to be 15.5 feet high and 1,775 feet long. The two wing
walls were designed to be 7 feet high and 20 feet long. The wall along the southern
boundary was continuous with the exception of three intersections with containment
control structures, each containing a minimum 48 inch diameter concrete pipe used to
discharge storm water from the future container storage area into the detention pond.
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At the point of intersection between the containment structure headwall and the modular
block retaining wall, the retaining wall blocks were epoxy bonded to the reinforced
concrete headwall and dowels were inserted from the modular blocks into the concrete
headwall to provide a mechanical attachment.

Two wing walls were designed adjacent to the main outfall structure at the west end of
the storm water detention pond (see Figure 6). The wing walls supported a grassed
service road which allowed access to the main outfall structure. The loading
requirements for the grassed service road was less than that for the container storage
area (250 psf versus 1,000 psf) thus, the geogrid strength requirements were not as
rigorous. A low strength PET geogrid, was selected for use in the wing wall retaining
wall structures. A 10 feet high, 1 to 1 slope was constructed on the wing walls’
western side.
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FIGURE 6. The Main Outfall Structure and the
Geogrid Reinforced Wing Walls

Geotextile wrapped underdrains were used
extensively around the detention pond area to collect drainage and direct it toward the
main outfall structure and the underdrain outfall structure located in the northern end
of the detention pond. In addition, nonwoven geotextiles were used to wrap the
compacted number 6 stone placed directly behind the modular block units and at the base
of the modular block retaining wall. This geotextile was used as a means of separating
the select backfill from the number 6 stone. Other uses of geosynthetics on the
project site included the placement of woven monofilament erosion control geosynthetics
underneath rip-rap along emergency spillways and on the wetland side of the earthen
containment berms. Sedimentation control fence was also used extensively on the
project to prevent the washing of fine construction site sediment into the wetlands.

The construction of the geogrid reinforced modular block retaining walls
began in the Spring of 1992. The first procedure the contractor initiated was to
remove the existing fill and excavate to the lines and grades shown on the contract
drawings. Once the line and grade was established, a leveling pad was constructed by
placing the number 6 stone and compacting to 95% Standard Proctor density. Due to
concerns about differential settlement, it was required that a maximum wall height of
5 blocks of wall be constructed over the entire length of the southern retaining wall
boundary before additional block placement could take place. This procedure prevented
the contractor from building the full height of the wall as he moved from one end of
the project to the other. The purpose of this construction sequence was to ensure that
equal loading took place across the wall so that differential settlement possibilities
could be minimized.

Geosynthetics '93 - Vancouver, Canada - 161



The construction procedure went as follows. Once the leveling pad was established, the
first row of blocks were laid and granular unit £ill was placed within and behind the
blocks. Select backfill was then placed and compacted in the backfill zone. This
procedure was repeated until a geogrid layer was required to be placed as per the
design drawings. The geogrid was placed by installing the grid in the roll direction,
perpendicular to the wall face at the length specified on the design drawings (see
Figure 7). Special care was taken to ensure that the geogrid was placed up to the
front face of the retaining wall unit to ensure maximum connection between the geogrid
and the retaining wall block. Once the flexible polyester geogrid was installed along
a given length of wall the next course of hlocks were installed directly on top of the
geogrid. Unit fill was then placed and compacted within the modular block units, the
geogrid was pulled tight and tension was applied while the backfill was placed (see
Figure 8 and 9). After 5 blocks of wall height was built along the entire length of
the southern boundary, additional block placement was allowed for the entire wall (see
Figures 10 and 11). Construction of the wall was completed in the Summer of 1992.

FIGURE 7. The Geogrid was Installed in 15 Feet
Embedment Lengths.
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FIGURE 8. Number Six Stone was Used as Drainage Fill
in and Around the Modular Block Units
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FIGURE 9. Block and Geogrid Placement Configuration

FIGURE 10. The 1,775 Feet Long Modular Block Wall Section Shown
Under Construction Along the Project’s Southern
Boundary
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FIGURE 11. The 15.5’ High South Wall Nearing Completion

CONCLUSTONS

The significance of this project lies in the use of geogrid reinforcement soil
walls to withstand high 1live loads and seismic loading conditions 1n areas
characterized by typically poor soil load bearing and settlement conditions. The
choice of the modular block retaining wall option saved the owner considerable expense.
In addition, the use of geogrid reinforcement helped minimize the effects of
differential settlement while assuring long term resistance to lateral earth pressures
and seismic loadings. It was shown from this project that geogrid reinforced modular
walls can provide a significant savings in docking facility acquisition costs by
allowing the maximum return from the land available to the owner. Lastly, the project
showed once again the ease of installation of modular block retaining walls and
lightweight, flexible geogrid reinforcement. The product’s ease of installation
minimized construction costs, and allowed the project to move quickly, smoothly and on
schedule.
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ABSTRACT

When the Texas Department of Transportation (TxDOT) began widening Interstate 10
near the new ‘Fiesta Texas’ theme park in San Antonio, Texas, developers approached

highway offici about sh c uct ts to
showcase the k which th ] al
integrity. A system of highway retaining in te

modules, geosynthetic reinforcement and synthetic drainage materials was chosen for the
5,029 square meter (54,153 square feet), nineteen wall project for its versatility,
integrity and aesthetic appeal.

Site conditions, topography, traffic ' al es,
construction sequencing, landscaping consi ’ co to
create special problems for the construction contractor in the field. An understanding
by rof owners and gen s of se difficulties ed on
ac ect e is helpful in lar ects in other lo ions.

This paper describes in detail the s considerations of system
design and construction using geosynthetics r concrete units as rienced

in a major highway wall system project.

INTRODUCTION

In early 1991, developers of a major new theme park in San Antonio, Texas
approached the Texas Transporta Ins (TTI), an of the Depar of
Transportation (TxDOT), with an ual t for a sh -cost p . The ed
a special wall system at the access point ng e 10 change which would
service the ‘Fiesta Texas’ park in a dramat fa high the park'’s musical
theme in appearance. The park was being developed as a cultural and musical event
specialty amusement by the rs of tur-
al integrity requir for hig reta nts,
the architects at TTI proposed a mechan sing
geosynthetic reinforcement and r ¢ the
feasibility of the system from a and economic standpoint. The GENESIS Highway

Retaining Wall System was approved for use at a substantial cost savings to other
systems considered and TTI began completion of line-and-grade performance and supply
specifications.

the
develo te’'s
existi ject
layout ular

units was asked to present facing options and assess construction feasibility of the
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scheme. Together, they developed a system of nineteen walls totalling over 5,029
square meters (54,153 square feet) which ranged in height from 1.0 to 3.14 meters
(three to ten feet) and capitalized on the versatility of the system’s modularity.
Various locations in the project utilized sweeping curves, tiered configurations, step-
up elevation changes, planned batters, landscape terraces, and three unique spirals
which would resemble musical notes to carry the park‘’s theme to the walls along the
interstate highway’s interchange. A landscape plan was developed to support the
architectural concept and blend the walls to the topography, natural vegetation of the
area and the park’s musical theme.

TxDOT’'s Bridge Division structural engineers were called upon in February 1991
to specify the mechanically stabilized earth aspects of the wall system. Following a
soils investigation, materials were specified in TxXDOT Project Specification IR10-4
(258) 588, and the wall was included in the I-10 widening project let in March 1991
with the successful contractor to provide detailed, stamped design. A contract was let
to H. B. Zachry Construction Company and the wall construction was subcontracted to O.
A. Moreno & Associates of Houston, Texas, with detailed wall design provided by the
Tensar Corporation. Actual construction of the walls began in May 1991 under a "fast-
track" sequence and was completed in October 1991.

This paper describes the engineering and architectural aspects of the wall
system’s specification in this showcase project. Moreover, it presents detailed
construction aspects of the project from the installer’s viewpoint so that design and
construction professionals may gain from the experience and apply the lessons learned
to future applications.

SITE DESCRIPTION

The ‘Fiesta Texas’ theme park is located on the northwest side of San Antonio,
Texas in an abandoned rock quarry where little development has occurred. San Antonio,
Texas (and specifically the location of the project site) is characterized by low
rolling terrain with sparse, yet hardy vegetation which can survive the arid climate.
Trees are present only in areas where natural drainage helps support their growth. 1In
fact, landscaping plans throughout the area require meticulous attention to watering
systems and vegetation selection. Annual precipitation in the area is 72 centimeters
(28 inches). Consequently, the sandy top soil maintains a nearly zero soil moisture
content year round. These terrain and vegetation features played a large role in the
project’s development as the architects strived to specify compatible aesthetics into
the construction. Frost and seismic conditions do not exist in San Antonio and are not
considered in design.

The site lies in the Pecan Gap Chalk geologic formation. Surface soils are
largely weathered limestone blended with clay, sand and silt particles. The subgrade
is highly competent with low, shrink/swell potential and consists largely of limestone
seams, stiff-hard clay and gravelly clay. This provided an excellent foundation for
construction of the project. The soils conditions in the area are extremely favorable
to civil construction and consist of very high strength materials with a high limestone
content. Subgrade conditions and bearing capacity exceeding 288 kN/square meter (6,000
psi) were not a concern in any area of construction. Select limestone backfill was
readily available at a relatively low cost. Actual field conditions encountered during
construction verified the above.

The ‘Fiesta Texas’ site is located on a north-south run along approximately two
kilometers (1.25 miles) of Interstate 10 which is the major interstate highway between
Florida and California. An existing overpass at the interchange had been constructed
in the 1930’s primarily to service a rail spur into the rock guarry with little regard
for aesthetics. This interchange required extensive modification to service the
vehicular entrance to the park and upgrade the aesthetic appearance leading to the
entry booths and parking area. Access roads run parallel to the interstate highway on
both sides with one-way traffic patterns. The site is flattest on the south end and
steepest on the north end where the interstate begins a sweeping curve before resuming
its western path to the ranch country of West Texas. (See Figure 1)
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PROJECT DESCRIPTION PARAMETERS AND CONSTRAINTS

The construction of the walls at the ‘Fiesta Texas’ interchange comprised part
of a $12.4 million (U.S.) upgrade project of a portion of Interstate 10 servicing the
new park. Another project to the south of the ‘Fiesta Texas’ project site totalling
$14.9 million (U.S.) was also undertaken by TxDOT in the time £ to further
enhance access through the area. The »>nly impact of other ect was in
construction sequencing and traffic diversion to ensure continued trafficability of the
interstate highway.

The main objectives of the architects and TxDOT for design and construction of
the wall system at the site were as follows:

- The walls must be capable of meeting stringent TxDOT standards for
integrity, longevity and stability.

- The walls must provide a significant aesthetic quality in keeping with the
developer’s and architect’s needs as a grand entryway to the park.

- The walls must be constructible within the project’'s stringent schedule,
right-of-way and existing topography without significant disruption of
traffic flow.

The walls must be versatile to handle the unique curves and features
envisioned by the architect.

The walls must be compatible with the architect’s planned landscaping and
watering system.

The walls must be cost-effective.

TxDOT Design Parameters in the project specifications called for the following
minimum factors of safety for the walls:

Internal Stability

Overall Geogrid Strength (LTDS with F.S. = 1.5
Partial Factors of Safety)
F.S - Const. Damage = 1.3
F.S - Durability = 1.0
F.S = Junction Strength = 1.0
F.S = Joint Strength = 1.0
Geogrid Pullout at Connection F.S. = 1.5
Geogrid/soil Interaction Coefficient c = 0.9
Percent Geogrid Coverage P, = 100%
(within each layer)
External Stability
Base Sliding - F.s = 1.5
Overturning - F.s = 2.0
Global Stability - F.8 = 2.0
External Loading
Uniform Surcharge 4.8 kN/m?
(100. psf)
Foundation Bearing Pressure 144.0 kN/m?
(3000. psf)
Hydrostatic None
Seismic None

DESIGN ALTERNATIVES

While cast-in-place and tilt-up wall systems were originally considered for the
project, the architectural detail required by the developer indicated that these
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options were cost-prohibitive due to the extensive forming and facing work which would
be required to achieve the unique curved and spiraled features and natural stone
surface.

A mechanically stabilized earth (MSE) structure was then investigated including
panel walls with met ent and modular concrete units geosynthetic
reinforcement. The dictated that many of the nin walls in the
system would be relatively low with extensive tight-radius curves. Large panels could
not readily be configured to construct the lower portions of the walls or form the
curves envisioned by the architect and developer.

Several types of modular concrete units were investigated seeking a system which
could easily form the architectural aspects of the walls and meet the TxDOT's needs for
wall integrity, stability and longevity. After reviewing several types of concrete
modular units from various manufacturers, the architect selected KeyStone modular
concrete unite with a curved, natural stone face and presented this recommendation to
TxDOT. TxDOT’'s review of the proposed system was viewed favorably due to the mass of
the block, the positive pin connection system and the structural geogrid‘s

com with available £fill mp ypes
of fav this sys and in for
bidding. An ancillary cost benefit was th a for
panel unit installation as the 30 ram ar units could be handled
by hand and on pallets with small kil ) lift equipment.

The bidding phase of the project required contractor-supplied designs for review
by T. Each over meters ( ) in height was designed per the
pro specifica to in geosynth orcement. Figure 2 shows a typical
cross-section of these reinforced walls. Additionally, block layouts for the three
spirals, leveling details for both cal and ch=-in-1-foot’ re ttered
walls were compl as well as as ed drai and separation using
geosynthetics.

RATIONALE FOR GEOSYNTHETIC SELECTION AND USE

Geogrid reinforcement characteristics considered critical by TxDOT during the
specification phase included compatibility with the aesthetic concrete modular units
selected by the architect, chemical compatibility with the available limestone fill
materials, total constructed costs of the MSE walls in the project (both materials and
construction economics), constructibility within the project schedule and site
restrictions, and adaptability to the architectural curves and features specified by
the architects. The values for the geotechnical design parameters including design of
geosynth ally re d MSE walls by TxDOT in Project cification
IR 10-4 ) 588. Standard Br ameters with specif factors of
safety were incorporated in TxDOT'’s project specification.

Geogrid reinforcement was selected for this project and approved by TxDOT for
several key reasons:

1. Compatibility and constructibility with selected modular concrete units.

2. Proven long-term durability to maintain reinforcement design characteristics for
the life of the project.

3. Proven long-term allowable design strength.
4. Proven long-term creep deformation resistance under sustained load.

5. High tensile modulus to provide strain compatibility with backfill being
reinforced.

6. Interaction coefficient with the reinforced soils adequate to meet the TxDOT’s 0.9
minimum requirement.

7. Embedment depths which minimized excavation (and f£ill) behind the proposed walls.

Geosynthetics '93 - Vancouver, Canada - 171



Crushed Stone

Fill Within &
10.2 cm Cap Block .31 m Behind Block
(w/ Liq. Adhesive)
Y /.
Topsoll (.31 m Min.)
.61m X .46m X.2m
Concrete 135gm/sm Geotextlle
Modular Units
(Min. Setback -
6.35mm ~ 12.7mm)
Connecting Pins CRoinforcad
Fill Zone
h - 3.14m D
; [
— /
Attach Geogrid
per Mfg. Spec. |
/
Geogrid Reinforcement
.41m Embedmaent
Backflil & Compact -~ 2.99 m
\ In Front Of Wall
v\ N NN\

7.6cm X 91cm
Unreinforced Concrete
Leveling Pad

Figure 2: Cross-Section of
Geosynthetically-Reinforced Wall LBW10 (2.75m) at ‘Fiesta Texas'’

Due to the relatively low heights of the walls and the strength of materials in
the retained soils, reinforced fill and subgrade, strength requirements of reinforcing
geosynthetics were relatively low. Maximum long-term geogrid design strength of
relatively low strength biaxial geogrid (6.13 kN/square meter) met the structural
requirements with placement designed to optimize the structure’s constructibility and
stability. Figure 2). The n methodology employed ar Corporation’s
TENSWAL 3.0 wal Computer Pr for Reinforced Soil R Wall Design" to
analyze all failure modes and optimize reinforcement economics. Global stability of
the tiered walls was analyzed separately as a slope using Tensar Corporation’s TENSLO12
Computer Program. Due to the co of the walls, e nt lengths were
standardized to 2 meter (6.5 feet) meter (9.8 feet) met the minimum
designed embedment throughout the project. Materials were supplied in only these two
dimensions which eliminated the installing contractor’s difficulty in properly placing
the geogrid per the design.

A field change discussed later removed concrete drainage ditches and drainage composite

from pr ] £ill.
Inst a g c was
adde a r hosen

for its economics and separation characteristics.
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Total Maximum Minimum Maximum # Maximum'
Wall Length (m) Height (m) Height (m) Grid Geogrid
Layers Length (m)

1 73 1.0 0.6 1 2.0
2 56 1.22 1.22 1 2.0
3 137 2.1 1.22 3 2.0
4 103 2.1 0.41 4 2.0
5 142 2.1 0.2 3 2.0
6 121 1.31 0.2 1 2.0
7 217 1.31 0.2 2 2.0
8 237 1.31 0.2 2 2.0
9 267 1.52 0.2 2 2.0

10 236 3.14 0.2 6 2.99
11 129 1.22 0.2 1 2.0

12 235 2.96 0.2 6 2.99
13 167 1.5 0.2 2 2.0
14 82 2.53 0.2 4 2.0
15 248 1.74 0.2 2 2.0

16 230 2.7 0.2 4 2.99
17 41 2.7 0.2 4 2.0

18 46 2.74 0.2 6 2.99
19 73 1.0 0.2 1 2.0
Table 1: MSE Retaining Wall Summary - ‘Fiesta Texas’

Note 1: Geogrid was cut to rd lengths which
exceeded calculated emb depth for ease of
installation by the contractor.

Note 2: The long-term re d in
desi 6.13 (420
poun . In no cas ca load
in the geogrid exceed LTDS.

CONSTRUCTION

n in
wh 8 pr

a e ge

installed, wall footing trenches dug, and footings poured.

al plan
eneral,
piping

The site was then turned
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over to the wall construction contractor for completion of all walls at that individual
location while the next location was being excavated and prepared. In practice, the
footing trenches were dug only slightly in advance of wall construction after the
construction contractor was on-site and proper layout was established.

Taller tiered r ing structural t were constructed
beginning with the m Upper tiers w the top side after
each succeeding tier was completed. In several locations, construction of upper tiers
could not be easily accessed from the top and truck ramps were constructed over lower
tiers using native soils to haul fill for ensuing tiers.

Lower tiered walls not requiring structural geogrid reinforcement were constructed
with the upper tier first and succeeding tiers stepped down the topography. With no
reinforced zone the upper tiers could easily be constructed first and succeeding tiers
built in front.

The unique spiral structures and curved sections of the walls were constructed
using the manufacturer’s recommended construction techniques as modified to meet
project needs (see discussion in CONSTRUCTION CONSIDERATIONS below).

Each wall in the project was inepected by TxDOT representatives on site during
construction and approved upon completion before moving to the next wall for
construction. Upon approval of a field change to eliminate concrete drainage swales
at the top of all walls, a nonwoven geotextile fabric was required to be placed over
the structural backfill as a separator to preclude migration of fines. Topsoil was
then hauled in by the general contractor for eventual landscaping.

While the project’s initial design called for a concrete drainage ditch behind each
wall and a geosynthetic drainage composite at the back of the reinforced zone for all
walls taller than 1.22 meters (four feet), a field change was issued to delete both of
these items when the drainage properties of the limestone backfill were assessed on-
site by TxDOT and contractor personnel and found to have sufficient natural drainage
for the expected rainfall and landscape watering. This resulted in an overall cost
savings on the project.

A sixty-day demobilization by the wall construction subcontractor was required in
the middle of the project to accommodate the general contractor’s traffic flow
sequencing. A portion of the site was not compl on schedule and d not
be rerouted to new lanes which would free the tion for wall c The
subsequent remobilization and completion of wall construction did not hinder project
completion deadlines.

CONSTRUCTION CONSIDERATIONS/LESSONS LEARNED

During field erection of the retaining walls, several ion dif lties
were encountered which are of educatiimal value to 4d specif and
constr s of r block walls. are p in a func al topic
format disc of each problem tered tions for ing with

each. The authors recommend that these construction considerations be fully considered
during project design, bidding, planning and construction. Each topic should be
thoroughly discussed and agreements made by all parties to the project during the pre-
construction meeting.

Soils. Due to the relatively high stre of in-situ soils in all zones of the
project site, no field construction probl were encountered as a result of actual
soil conditions. In fact, the readily-available limestone backfill material was
assessed by contractor and TxDOT personnel to have outstanding drainage

characteristics. Its ty the quarry site at low and ¢ al
compatibility with the re cement even with high al ity of a
field c tunity to all parties: The limestone could be used in the
entire zone native soils thus eliminating the need for the

concrete drainage swale behind each wall and a vertical drainage system at the back of
the reinforced zone. The result was an easier project to construct with more than
adequate drainage capacity at a lower cost.

174 - Vancouver, Canada - Geosynthetics '93



. Layout and construction of the wall footings proved to be a difficulty in
the project.

1. Since several of the walls were designed with a batter and others were designed
with a ‘4-inch-in-1-foot’ reverse batter emplaced in the poured levelling pad, it was
difficult to establish the exact location of the footing. 1In areas where the wall
meets fixed structures like bridge abutments or traffic barriers, this alignment became
especially critical. A technique was developed in the field to first survey the top
of the wall to be constructed and then plumb to the footing location offset to the
designed batter and angle. This technique required close coordination of the wall
subcontractor with the general contractor’s excavation crew and required a change to
project sequencing. The leveling pad excavation and pouring crew worked only slightly
ahead of the wall construction crew on sections with battered and angled walls. Thus,
the wall construction crew was on-site to properly survey the proper footing location.

2. Watering System conduit which was required to pass under the footing at several
locations posed several difficulties. After conduit installation and backfilling, the
soil was acted to 95% r density before pouring of the footing.
However, with this te g of the area above the conduit occurred
which eventually cracked the footing and caused a slight anomaly in the wall’s
alignment. After the problem was discovered, further locations with watering system
conduit under the footing were backfilled with cement stabilized sand and compacted to
95% or greater Standard Proctor density. No settling in these locations was
encountered. In one location a watering system conduit burst during construction and
caused a washout below the leveling pad requiring a rework of the leveling pad before
wall construction. The cause of the conduit failure could not be determined so no
corrective action to prevent other possible failures was instituted.

3. While the manufacturer’s recommended construction technique stated that leveling

pads can co of tively
low walls, uct truer
walls could be more easily constructed on te pad
with minimum thickness of 10-12 cm (3 1/2 t This

concrete leveling pad actually reduces the constructed cost of the walls by speeding
construction and easing the leveling process. In highway applications, these factors

are especially important to the acceptability and ae of the ed walls.
Even after compaction of the native soils, it is time g to pr level the
first c of blocks. Movement by ¢ equipment or foot traffic near
a laid can potentially unlevel . Concrete ng pads which are

properly poured and leveled eliminate the problem. To aid construction and preclude
any future alignment problems due to settling of the first course of concrete units,
it is recommended that concrete leveling pads be specified and used for virtually all
walls of this type constructed if foundation soils are relatively incompressible, not
subject to frost conditions or susceptible to shrink/swell cycles.

4. Curves designed into walls require that the leveling pad be poured to the proper
radius. It is important to survey the center point of the curve’s arc, establish the
top of wall location and plumb the final footing location accounting for batter and
reverse tilt before excavating and pouring the leveling pad on the curve’s parallel
arc. In general, with this project’s specified setback and reverse tilt, a curve
radius of 3 meters (10 feet) is not a problem for walls coustructed using these
modules; however, tight curves of 1-2 meters (3-6 feet) radius require special
consideration to properly construct. In some cases, field modification of the blocks
may be necessary for tight curves as discussed below.

S. Step-up elevation changes in the walls are accounted for in the leveling pad.

Since the ks cm inches)
in width, le ch at the
nearest mu le to at the
step . This ect’s design for footing changes in 20.3 cm (eight inch)
incr This w d well in loc where elevation steps were widely separated;
how r, in 1l where el ion changes r red, it was found to
be ier to ble el ch s to the le g of 40.6 cm (sixteen
inches). This greatly reduced the forming work required for the leveling pad

Geosynthetics '93 - Vancouver, Canada - 175



excavation and pouring thus speeding overall construction. The poured footing made
these elevation changes very exact which would not be possible with a compacted native
soil footing. Designers should take advantage of opportunities for multiple step
changes wherever the topography at the wall’s base allows.

Laving the First Course of Concrete Units. Once the concrete footing was installed,
the laying of the first course of blocks was straightforward.

1. Blocks are placed side-by-side on the footing. Work from one end of the wall to
the other to preclude block fitting in the middle. One should never work from both
ends towards the middle to preclude laborious block cutting and fitting requirements.
It is also important to lay the blocks on the curves first as their alignment is more
critical and less forgiving. Where step-up footings are employed, it is important to
work from the lowest elevation to the highest to ensure blocks are set at a 30.48 cm
(12 inch) distance between pins in adjacent blocks. This is absolutely critical on
curves as tolerances for fitting blocks of ensuing courses are more stringent. These
modular units have small manufacturing tolerances for size, pin holes, etc., which can
make alignment difficult. Proper placing and sequential construction employing the
above rules can help avoid time consuming block fitting and rework.
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r "“ ity

P | -
4 L
209

w . .
‘.r " '\J'_ “« # ;Sf
s & yﬁ:&dz._

Photograph Taken Near the End of Construction at ‘Fiesta Texas’

2. Level must be checked and a string line set over the pins from one end of the wall
to the other. This is important because of the difficulty of reading small hand levels
placed on individual blocks. By string-leveling the entire wall length, accurate
leveling and placement was assured on the project resulting in a near perfect block and
wall alignment. High strength fiberglass pins supplied by the block manufacturer were
installed manually in the pin holes on the top of each block. A hand hammer was used
to gently tap the pins into well-seated position. Immediately after setting each
block, place the pins before filling any area with fill to avoid getting fill into the
block’s pin holes. This lesson is quickly learned by crews who must remove the blocks
and turn them over to remove debris before continuing.
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3. Clean 6.35 mm to 9.53 mm (1/4-to-3/8) inch washed gravel is poured into the unit
voids and one foot behind the units. A single 20.3 cm (eight inch) 1lift of limestone
backfill is then poured to the specified depth and mechanically ‘compacted’ using a
hand-operated plate vibrator with 22.3 kilonewtons (5000 pounds) of compaction force.

After thoroughly sweeping the top of the unit
course with a hand broom to remove any debris which may affect alignment of ensuing
courses, the geogrid is placed at specified intervals in the walls by rolling out
behind the block and cutting to prescribed embedment depth. The sweeping is important
as even small debris has a noticeable impact on alignment of blocks and pins for
ensuing courses.

1. Pre-cutting of the reinforcement was not required in this particular project due
to the standardized embedment depths of 2.0 m (6.5 feet) and 2.99 m (9.8 feet)
specified in the final design. The proper grid was simply placed over the pins in the
blocks, pulled by hand to remove slack and the next course of block placed over the
grid and pins. The geogrid was found to be easier to work with during sunny portions
of the day as it was easier to straighten from the rolled configuration. The grid was
easily cut with tin snips or large scissors. Care was taken not to overlay grid in a
layered fashion on the pins to avoid impacting wall alignment and leveling.

2. With the clean limestone backfill used on this project, staking of the grid at the
back of the reinforced zone was not possible though inspectors initially insisted upon
enforcing this provision of the specification. Instead, care was taken to backfill
over the grid from the front of the wall back across the grid to the back of the
reinforced zone to ensure that no slack was left in the geogrid.

3. Following the manufacturer’s recommendations, only rubber-tired equipment was used
on top of geogrid and gentle turning and braking techniques were employed. It was
found that a four-wheeled drive articulated vehicle with a 1361 kilogram (3000 pound)
lift capacity worked best. 1Its capacity was more than adequate to move pallets of
block as necessary. Vehicles with ‘skid’ type steering caused the geogrid to bunch and
wave. In no case were construction vehicles allowed within three feet of the block
face to preclude movement of individual block’s positioning in the wall. This
provision of the specifications must be rigorously enforced or misalignment and
reconstruction will result.

4. Soil filling behind the reinforced zone should proceed in parallel with backfill
lifts and geogrid installation. This procedure keeps the backfill in place at the back
of the zone and reduces waste of backfill which would seek its angle of repose at the
back. Since the general contractor was in control of the soil backfilling operation,
daily coordination was required to schedule the parallel lifts of reinforced backfill
and retained soil.

. The complexity of the system of nineteen walls with various
tiers, terraces and curves required meticulous planning of the construction sequence.

1. Tiered walls were generally constructed from highest to lowest due to site
constraints. This was especially the case in the relatively low walls where it was
easy to work in front of completed upper tiers and haul the backfill for lower tiers.
Experience soon taught the crew to plan the access route for construction and
backfilling equipment for each tier before deciding on the tier construction sequence.

2. Taller tiered walls with easy access from above were more easily constructed with
the lower tier first and succeeding tiers in sequence up the slope. In these cases it
was found that a wall separation of 3.6 meters (12 feet) was best because it allowed
easier access of construction and backfill hauling equipment between walls.

3. 1In two instances, access from the top on taller walls was not possible requiring
construction of a dirt access ramp over the lower tier wall(s) for hauling of backfill
and construction equipment access. This was fairly easily accomplished and effective.
It is important to construct such a ramp to an elevation at least one foot over the top
of the lower tier to keep equipment tires from direct contact with the block and avoid
putting stresses on the individual blocks at the top of the wall and staining the block
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with tire marks. After completion of upper tiers, these access ramps were easily
removed with a small backhoe and hand shovels and the blocks were washed with clean low
pressure water.

4. A special problem existed under the interchange bridge where walls were
constructed. Overhead bridge beams restricted access for bringing in backfill. The
solution was a small backhoe used to lift the backfill into place over the wall.
Fortunately, the required reach was not extensive as there were only two tiers of wall
affected.

Curves. The batter designed into the walls caused significant difficulties in
construction of curves.

1. 1Inside curves with a reverse batter are naturally narrower at the top than at the
bottom. In addition to the surveyed footing considerations mentioned above, the blocks
on the lower courses must be placed somewhat further apart. This does not affect pin
spacing of adjacent blocks as the angle of curvature allowed maintaining of the 305 mm
(12 inch) pin-to-pin spacing. This procedure allowed the succeeding block courses to
be laid closer together as the batter required. Failure to properly space the lower
block courses will cause extensive cutting of blocks to fit at the narrower top of the
wall.

2. In placing succeeding courses of block on curves, it is important to pull the
blocks all the way forward on the pins. BAgain, this helped allow for closer lateral
spacing on succeeding block courses. Failure to place the blocks in the far forward
position increases the batter and makes the top blocks fit even tighter often requiring
special cutting to properly fit.

3. Geogrid placement on inside curves was relatively easy following the manufacturer’s
overlap recommendations. Overlapping geogrids were separated by approximately three
inches of stone to ensure achievement of the specified soil-grid interaction
coefficient. No construction difficulties were encountered in this once crews and
supervisors were properly educated in the technique.

4. Tight curves often required cutting blocks to fit or breaking off the block tail.
Fortunately, the modular units used on this pr were eas modified in the field.
A hand hammer tapped on the built-in score on the e of the block’s tail
effectively removed the tail. Very few blocks were damaged in this fitting process.
For special cutting and fitting of blocks, a gas-powered, hand-held cut-off saw was
used. Two types of blades were tested. A dry carbon blade (costing $12-$15) was found
to cut only three blocks before dulling to ineffectiveness. A $750 diamond-tipped
blade 500 b in one minute per block. It is nt for everyone
to un that mod ion of the blocks does not the structural
strength of either the individual blocks or the wall itself or needless arguments with
inspectors can ensue.

. The three unique spirals specified by the architect were not difficult to
construct.

1. By modifying the blocks as above, a final radius of 2.13 meters (seven feet) was
easily achieved.

2. The spirals were finished off by interconnecting the block back into the preceding
curve. While difficult to picture or explain, a few minutes laying blocks into the
spiral shape on the ground before construction begins easily resolved the crew’s
questions.

3. In constructing spirals, it is extremely important to account for the batter in
setting the footing and placing the block as previously discussed.

4. Due to sel nt configuration of the s geosynthetic

14
reinforcement not ithin the spiral but was ins in the backfill
behind the entire wall containing the spiral.
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Capping. Standard cap units were installed along the top of all nineteen walls in the
system. Capping per the manufacturer’s recommendation is a relatively simple
operation.

1. No special preparation of the surface is required. Simply clean the surface by
sweeping away any debris. Debris remaining on the block surface results in a poor seal
of the cap unit to the top block.

2. An adhesive product (in this case Liquid Nail) was applied to each block in four
spots about the size of a quarter and the cap block set in place over the pins. It is
important that the adhesive spots be no closer than two inches to the block face to
preclude any adhesive squeezing out over the face which is unsightly and difficult to
remove. One tube of adhesive was enough for about ten blocks along the face.

Photograph of a Portion of the Completed Wall Project at ‘Fiesta Texas’

CONCLUSIONS

From the experience in design and construction of this large segmental Highway
Retaining Wall System at ‘Fiesta Texas,’ the following conclusions can be drawn:

- The incorporation of synthetic polymer geogrids and modular concrete units
into the project reduced the constructed cost of the nineteen walls in the
system compared to several other alternatives considered.

- The modularity of the system coupled with its integrity and stability combined
to meet the aesthetic architectural needs of the developer and the structural
needs of the TxDOT to specified factors of safety.

- The ‘showcase’ appeal of the constructed wall system exceeded the highest
expectations of the architects and developer by effectively tying the park’s
theme to the landscaped walls of the entrance...all at a lower cost than other
options.

- Construction procedures were not complicated but field construction experience

with the multiplicity of wall configurations involved can provide an
instructional base for designers and constructors of similar wall systems.
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Most of the difficulties encountered can be effectively foreseen and accounted
for by all parties during the project’s design, planning and pre-construction
phase. Key lessons learned include:

1) Concrete leveling pads were better than compacted foundation
soils for alignment, leveling and construction speed on the
competent limestone base at this project site.

2) Leveling pads must be properly placed to account for wall
angle and batter to maintain top of wall positioning.

3) Convex curves should be laid first with wider spacing of
blocks on lower courses.

4) Use of cement stabilized sand to backfill around watering or
drainage conduit which runs under the wall leveling pad is an
effective way to control potential localized settlement of the
backfill in these locations.

5) Planning the construction sequence of tiered walls to account
for access to ensuing tiers is extremely important.

6) Backfilling from the wall back across geogrid reinforcement
helps remove slack. Follow the manufacturer’'s recommendations
regarding equipment operation in the fill zone and on geogrid.

7) Think the construction portion of the project through when
designing, specifying and bidding. Then discuss all aspects
of the construction at a detailed pre-construction meeting.
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A New Forming Method and Facing System for Geotextile Walls

M.H. Wayne
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ABSTRACT

Geotextile walls have seen many innovations in material properties since first
conceptualized and put into practice by the U.S. Forest Service in the late
1970's.[ref. 1] It is however interesting to note that geotextile walls are for the
most part constructed in the same fashion today as they were over 10 years ago.

Most will agree that they have great utility. But many are reluctant to use them
today. The authors site three main reasons, all of which are related to the methods
used to form and finish the wall face. First, even for temporary use most find
geotextile wall faces to be unattractive. They have received the name burritto
walls because unless great care and effort is taken the wall 1lifts tend to sag at
the face looking like several burrittos stacked one atop of another. The second
reason is a time and constructability issue. The original construction practice of
supporting the forms on the 1lift below has a tendency to amplify error. It can also
consume a considerable amount of time if form straps have to be extracted from each
1ift with construction equipment. Lastly, concerns over construction strain
compatibility between geotextile and rigid facing systems have slowed their overall
acceptance.

This paper presents an alternative geotextile wall forming and facing method that
has been developed and implemented in the construction of a 3 meter high
experimental wall. The wall was instrumented with extensometers for monitoring
geotextile strain. The paper will also contain construction details and post
construction results.

INTRODUCTION

Since the main limitations associated with the construction of a geotextile wall
include the appearance of the completed wall, and construction strain compatibility,
it was decided that a new forming method and facing system could be evaluated
through construction of a test wall. The design of the geotextile wall followed
procedures as outlined in reference 2. As such, a 270 gram per square meter
nonwoven, needle punched, continuous filament geotextile was used to construct a 3
meter high vertical wall. Soil used for the construction of this test wall
consisted of a red silty clayey sand with a liquid limit of 22, plasticity index of
6, and maximum dry unit weight of 19.3 kN/m*3 (123 pounds per cubic foot), when
tested in accordance with the American Society of Testing and Materials (ASTM) D-698
[ref. 3], and was native to the project location.

The focus of this paper is geared toward the forming method used to construct

this test wall and the attachment of a permanent facing system which is independent
of the geotextile wall. This forming and facing system, which should be referred to
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as the “Polyfelt Lite Wall System”, allows the geotextile to deform during
construction and results in a relatively smooth surface vertical wall. After
construction of the geotextile wall a facade is then attached to the geotextile wall
and is connected using cable supports that were used to construct the wall. This
results in an economical and aesthetically pleasing wall.

METHOD OF CONSTRUCTION

To permit construction of the test wall the area was prepared by using a walk
behind sheep’s foot roller. A trench was then excavated in the location where the
wall face was to be constructed. Gravel was then used to construct a leveling pad
as depicted in Figure 1.

A wall forming board was constructed such that it was capable of sliding parallel
with the wall face and was guided by the vertical supports. Each of the vertical
supports was pinned in place by driving rebar into the ground at the appropriate
location. Batter boards are then installed as supports for the form board and
vertical supports to which they are attached. Although this worked for the
experimental wall the author’s recommend that these pins be permanently placed
within a concrete pad which can be used as both a leveling pad for the geotextile
wall and later used as the support pad for the facade. This stage of construction
is depicted in Figure 2.

The first two 1lifts were then constructed using the wrap-around technique which
is described in various paper’'s and design manual’s (ref. 1,2,4,5), and is depicted
in Fiqure 2. Care was taken at the form board-geotextile interface. Within the
first meter the soil was heavily compacted slightly wet of optimum. For the soil at
this site the field density was an average of 17.6 kN/m*3 (112 pounds per cubic
foot).

After completion of the second lift the wall form is jacked vertically and pinned
in place at the appropriate elevation permitting construction of the next two lifts.
A cable connector pin is then driven into the soil approximately two meters behind
the wall face and in line with the vertical support. An all thread bar with hook is
attached to this connector and a cable is attached at the face. This cable is the
attached to the vertical support. The batters are kept in place during this phase
of construction which is shown in Figure 4.

The third and fourth 1lifts were then constructed in a manner similar to the first
two. At this point extensometers were placed at locations that were 0.61 m (24"),
1.22 m (48”), 1.83 m (72”), and 2.44 m (96”) in from the face of the wall. Prior to
moving the form board the plastic coated cable is tightened to a 1" per vertical 1’
to release pressure off of the batter boards and provide a batter to the wall face
to allow for construction induced deformation. The batter boards were then pivoted
and became part of the vertical support for subsequent construction. This sequence
is illustrated in Fiqure 5. Additional lifts were constructed in a similar manner.
As a further check, another set of extensometers, similar to the first, were placed
between the fifth and sixth lifts.

The wall was complete after the tenth lift above which a 0.61 m (24"”) surcharge
was added and sloped to permit adequate water run off. The forms and batter boards
were removed, but the vertical supports remained for attachment of the permanent
facade. A cross-section of the completed wall is depicted in Figure 6, and an
actual photo of the completed wall is found in Figure 7. Connections used to
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leveling pad vertical support retainer

Figure 1 Placement of Leveling Pad
vertical support

. batter board
slideform attachment

Figure 2 Form Board and Supports Installed

Figure 3 First Two Lifts Constructed

plastic coated steel cable

Cable Connector
(steel pin)

bolt connector

Figure 4 Place Cable Connector & Attach
Cable to Vertical Form Support
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Cable Connector
placed every 2nd 1lift

300 mm

Figure 5 Wall Form Slid Vertical, Batter
is Pivoted Vertical, Cable Attached to
Vertical Support, Continue Construction

Permanent Facade

3660 mm

Cable Connection

Aggregate Pad

3050 mm

Figure 6 After Completion of Wall, Cable Supports
Are Used To Support Permanent Facade.

184 - Vancouver, Canada - Geosynthetics '93



construct the wall along with additional anchors are then used to attach a facing
system as shown in Figure 8. An aggregate pad was placed beneath the facing system
to promote drainage, also depicted in Figure 8.

After fourteen months of monitoring this wall, movement of the extensometers was
too small to be visually observed. It appears that the movement, which occurred
during construction, went undetected by the monitoring systems installed throughout
the wall. The 1” horizontal per 1’ vertical batter resulted in a 90° wall. This was
confirmed by measuring the distance between an existing facility which is located
parallel to the geotextile wall. The distance between these two structures,
measured over a fourteen month period, has not changed since construction.

Figure 7 Completed Geotextile Wall
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Figure 8 - Completed Polyfelt Lite Wall System

CONCLUSIONS

Construction of an actual test wall confirms the fact that the combination of a
spunbonded polypropylene nonwoven geotextile and permanent facade result in a unique
and aesthetically pleasing wall system, and at the same time serve as a cost
effective means of utilizing existing soils, rather than using clean granular
backfill, for construction. After constructing this wall system the author feels
the following conclusions apply to this system:

1. The geotextile forming system was successful

2. The new forming system aids in controlling deformation
of the geotextile at the face where deformation commonly
occurs during construction.

3. The new forming system provides a means for attaching a
permanent rigid facade.

Further, the author believes that future efforts should be geared toward the
evaluation of the long term benefit afforded by the inclusion of a nonwoven
geotextile. Based on excavation of the outer edge of the wall system after 16
months in service field observation indicated the soil to be in a well drained
state. It appears that when cohesive soils are used to construct these systems the
nonwoven geotextile prevents the buildup of excess pore water pressure through its
inherent ability to convey this water within the plane of the geotextile, through
transmissivity, and to subsequently exit. This ultimately promotes stability of the
wall system.
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Effects of Foundations on the Performance of Geosynthetic-Reinforced Soil Walls
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ABSTRACT

Geosynthetic-Reinforced Soil (GRS) walls are inherently flexible; therefore, they may be
capable of withstanding large foundation settlements or differential settlement. However, the
effects of foundation settlement on the performance of GRS walls have not been fully elucidated.
In fact, none of the existing design methods can account for the effects of foundation settlement.

This study was undertaken to investigate the effects of foundation stiffness/strength on the
performance of GRS walls. The finite element method of analysis was employed for the study.
The analyses were conducted by using a computer program, DACSAR, which was judged to be the
best among four finite element programs examined.

The analysis indicated that the foundation soil had a very significant effect on the wall
performance. The walls investigated in this study showed maximum lateral wall displacements of
0.45%, 0.67%, 0.75% and 3.0% of the wall height, under a service load of 5 psi, for a rigid
foundation, a stiff clay foundation, a medium dense sand foundation, and a soft clay foundation,
respectively. The foundation stiffness was also found to affect the mode of deformation. The wall
constructed on the rigid foundation rotated about its toe. The wall on the soft clay foundation
rotated about the top of the wall, due to the significant movement of its foundation.

INTRODUCTION

Geosynthetic-Reinforced Soil (GRS) walls have demonstrated numerous characteristics that
make them more preferable to conventional concrete retaining walls. Among these characteristics
is their capability to withstand large foundation settlements or differential settlement due to greater
flexibility. In the Glenwood Canyon geotextile test wall (Bell, et al.,, 1983), for instance, only
hairline cracks were detected, although more than two feet of foundation settlement had occurred.
This superior feature makes GRS walls well suited for construction over soft foundations, especially
when combining with a staged construction technique.

The effects of foundation settlement on the performance of GRS walls have not been fully

elucidated. In fact, none of the existing design methods address these effects. All the design
methods simply assume that the wall is to be constructed over a rigid foundation.

Geosynthetics '93 - Vancouver, Canada - 189



The objective of this study was to investigate the effects of foundation stiffness/strength on
the wall performance. A finite element analysis, using the program DACSAR, was employed in
this study. The program features a visco-plastic soil model which can account for the time-
dependent deformation of foundations.

THE ANALYTICAL MODEL

A comparative study on finite element analysis of GRS walls was conducted for the purpose
of selecting the best analytical tool for this study. Four computer programs were investigated,
including SSCOMP (Seed, 1983), CRISP (Britto & Gunn, 1987), CON2D-86 (Schaefer & Duncan,
1987) and DACSAR (lizuka & Ohta, 1987). The computer program, DACSAR (Deformation
Analysis Considering Stress Anisotropy and Reorientation), developed at Kyoto University and
Kanazawa University in Japan (Ohta and lizuka, 1986; Iizuka and Ohta, 1987) was chosen for this
study because:

- It is very well organized and appears to be "bug" free.

- It has all the element types needed for simulating the behavior of GRS walls. Namely,
the program has bar (truss) element, beam element, and quadrilateral plane strain
element.

- It contains both the viscid and inviscid versions of the Sekiguchi-Ohta soil model, which
considers the effects of anisotropic consolidation, dilatancy, creep, shearing rate, and
stress relaxation.

To analyze the performance of GRS walls, the following modifications were made to
DACSAR:

- The Duncan-Chang soil model was implemented to simulate the behavior of backfill.
- A nonlinear, stress-dependent hyperbolic model for the bar element was incorporated to
simulate the load-deformation behavior of the reinforcement.

The analytical model has been validated by comparing its results with a closed-form solution;
with laboratory "element tests" of soil, reinforcement and facing; with another validated finite
element computer program SSCOMP; and with measurements from two full-scale Denver test walls
(Chou, 1992). The analytical results agreed well with those of the element tests. Similar analytical
results for a GRS wall were obtained from SSCOMP and DACSAR. A class-A prediction on the
Denver test walls, using DACSAR, was satisfactory for the cohesive backfill wall under service
loads. Analyses, performed after the full-scale tests, showed that the behavior of both test walls
can be properly simulated by the numerical model (Chou, 1992).

RIAL MODELS

The soil models available in the original DACSAR were a linear elastic model and the
Sekiguchi-Ohta (1977) model. The modified Duncan-Chang model was implemented in DACSAR
to better simulate the behavior of compacted clay and sand.
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The Sekiguchi-Ohta (1977) model was used for simulation of normally consolidated or
slightly overconsolidated clayey foundation. The model is an elasto-viscoplastic model which is
capable of simulating the anisotropic behavior of clay, including complicated responses to rotation
of principal stress directions. This model will reduce to the original Cam-clay model (Roscoe,
Schofield and Thurairajah, 1963) under the condition of isotropic initial stress state. Therefore,
the Sekiguchi-Ohta model may be considered an extended anisotropic Cam-clay model, or a
generalized Cam-clay model, with the original Cam-clay being a special case under isotropic
conditions. Detailed derivation of the soil model has been given by Sekiguchi & Ohta (1977),
Ohta & Sekiguchi (1979) and lizuka & Ohta (1987).

Since the Sekiguchi and Ohta model is cast in the framework of classical elastoplasticity via
critical state soil mechanics, it is really only well-suited for normally consolidated clay. It should
be noted that for most foundation, the clay could be either lightly- to heavily overconsolidated, the
analytical result obtained from the Sekiguchi-Ohta and other Cam-clay type model should be
viewed as approximation only.

Detailed descriptions of the determination of the Duncan-Chang and the Sekiguchi-Ohta
model have been given by Duncan et. al. (1980) and lizuka & Ohta (1987), respectively. A brief
summary of parameter determination of the Sekiguchi-Ohta model is presented herein.

The soil parameters needed in the inviscid part of the Sekiguchi and Ohta model are A, x
, e, ,and D. Parameters Aand K are the compression index and the swelling index, respectively,
e, is void ratio at the preconsolidated state, and D is the coefficient of dilatancy defined by Shibata
(1963). For simplicity, the irreversibly ratio A and the critical state parameter M are chosen as

the soil parameters in DACSAR rather than the parameters A, k, €,. They are related by:

M = (D
and
A=1- % )
d on «
c of th
s the
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The geosynthetic reinforcement was simulated by a series of bar (truss) elements since
geosynthetics, in general, exhibit only axial (tensile) resistance. For most geosynthetics, the tensile
stiffness can be described by the following equation:

E-E (1- Ly | 3)

ult

where T = tensile force per unit width, E, = initial tensile stiffness, and T,, = ultimate tensile
force per unit width. The values of E and T,, can be obtained by the transformed linear
relationship:

e —
T

m

(4)

] R
|

ult

Facing

The behavior of wall facing can be simulated in DACSAR by a series of beam elements with
bending and axial resistance. Various facings have been used for GRS wall construction, and their
characteristics are described as follows:

- Geosynthetic wrapped-around: negligible bending resistance.

- Timber/forming system: moderate local and global bending resistance;

- Articulated precast panels (modular blocks): high local resistance, but little global
bending resistance;

- Continuous concrete facing: high local and global bending resistance.

PERFORMANCE OF GRS WALLS ON DIFFERENT FOUNDATIONS

To study the effects of foundation settlement on the performance of GRS walls, finite
element analyses were conducted. The following conditions were assumed in these analyses:

Geometry

- Wall height = 12 ft

- Reinforcement spacing = 1 ft

- Reinforcement length (uniform) = 9 ft

- Vertical, timber/plywood facing

- Horizontal crest

- Flexible foundation with a thickness of 14 ft
- Rectangular wall shape

Materials
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Reinforced backfill: a silty sand and gravel (GP) compacted to 95% of Standard Proctor,
with the modified Duncan-Chang model parameters shown in Table 1.

Unreinforced backfill: same as the reinforced backfill

Reinforcement: a geosynthetic with hyperbolic model parameters: E =500 Ib/in. and
T, =35 Ib/in.

Soil-reinforcement interface: no slippage at the soil-geosynthetic interface up to a service
load of 5 psi surcharge.

Facing: continuous timber/plywood facing with EI = 21,000 1b/inz /in and A = 4.6
inz /in.

Soil-facing interface: no slippage at the soil-facing interface up to a service load of 5 psi
surcharge.

- A uniform surcharge of 5 psi was applied to the top surface of the wall, except that no
surcharge was applied within 1.5 ft of facing. The surcharge represents a combination
of dead and live loads of a highway embankment.

The finite element mesh used for the analysis of the control wall is shown in Figure 1. A
total of 228 nodes, which define 200 soil elements, 66 bar elements (for the reinforcement) and 12
beam elements (for the wall facing), were employed in the mesh. Based on the authors’ experience
with DACSAR program, this mesh is considered an adequate representation of the wall system.

The foundation soil was treated as an assembly of "pre-existing” soil elements. The erection
of the wall was simulated in twelve construction lifts of soil placement, each one foot thick.
Compaction effect was simulated by assigning a high K value in the compacted backfill.

It was assumed for this study that the construction took 12 days (one foot high per day) and
that another 18 days elapsed before the surcharge was applied. Since the foundation soil for the
control wall was assumed to be relatively pervious, the influences due to consolidation are
insignificant.

To study the effect of foundation on wall performance, the following subsurface conditions
were analyzed:

(1) A medium-stiff sandy clay (SC) with a relatively high permeability (say, k = 1x10°®
cm/sec) and a low PI (say, 10), referred to as "medium stiff clay" foundation. The
water table is at 3 ft below the existing ground level. This type of soil represents the
most commonly encountered overburden soil in Colorado. The Sekiguchi-Ohta model
was adopted for simulation of this foundation soil; creep was not considered in the
analyses. The Sekiguchi-Ohta model parameters for the foundation soil are listed in
Table 2. Above the water table, i.e., the upper 3 ft of the unsaturated foundation soil,
development of negative porewater pressures was assumed in the analyses.
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Table 1: The Duncan-Chang Soil Parameters for Backfill of the
Control Wwall

C(psi) ¢(deg) 0¢ K, m K, K, k n R,
0.5 35 7 175 0.2 600 2.5 600 6 7

Table 2: The Sekiguchi-Ohta Model Parameters for Foundation of the
Control Wwal

D A M 0 k/y®  og(psi) K| K, a v, e,
1.0

.023 .86 1.4 3 in* 14 0.9 1.0 0 N/A 0.7
day-#

Table 3: The Sekiguchi-Ohta Model Parameters for Soft
Clay Foundation

D A M ¢ k/rw  obd K, K, a v, e,
0.01
.023 .86 1.4 .3 in 4 14 0.9 1.0 .00124 .0000124 0.7
day-# psi

Table 4: The Duncan-Chang Soil Parameters for the Loose
to Medium Dense Sand Foundation

C(psi) ¢(deg) Op(deg) K, M K, K K n R
2.0 30 0 110 .2 220 5 120 .45 .7
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(2) A soft-to-medium stiff clay with a relatively low permeability (say, k = 1x10® c¢m/sec)
and a high PI (say, 30) , referred to as "soft clay" foundation. The Sekiguchi-Ohta
model parameters for this material are shown in Table 3. Creep was considered in
these analyses.

(3) A loose-to-medium dense sand, referred to as "loose sand" foundation. Neither
consolidation nor creep was taken into account. The Duncan-Chang model was
employed, and the parameters used are listed in Table 4.

(4) A rigid foundation; very hard, such as bedrock or very dense granular material.

Except for the rigid foundation, the foundation depth was assumed to be 14 feet. Wu & Lin
(1991) have indicated that the wall movement is not sensitive to the foundation depth varying from
6 to 14 feet for a 12-ft high wall.

Figure 2 shows the lateral wall displacements for the above four foundations, after 10 years
consolidation time. As expected, the rigid foundation exhibits the least wall movement, and the
wall rotates about the toe of the wall. Lateral wall movement for the medium stiff clay and loose
sand foundations are somewhat alike, although different soil models were used. The wall with the
soft clay foundation rotates about the top of the wall, due to the significant movement of the
foundation. = The maximum wall displacements for the rigid foundation and the soft clay
foundation were 0.7% of wall height and 3.0% of wall height, respectively. This large difference
clearly indicates the importance of including foundation soil in the analysis, especially when soft
foundations are present.

The distribution of tensile strains in the reinforcement at three different heights, as shown
in Figure 3, indicates that, with the soft clay foundation, the tensile strains induced in the
reinforcement are much larger near the bottom of the wall, as reflected by the large wall
movement. The wall with a rigid foundation exhibits the lowest tensile strain, and the walls with
medium dense sand and stiff clay exhibit about equal tensile strains. The patterns of the strain
distribution are very similar for all four foundations.

A preliminary design procedure, based on an allowable lateral wall deformation and limited
tensile strain in reinforcement, was proposed (Chou, 1992). The proposed design method accounts
for the effects of foundation deformation and facing rigidity and permits judicious use of cohesive
backfill.

GRS walls can be constructed on almost all types of foundation soils except soft clay (i.e.,
cohesionless than 500 psf). If a soft clay foundation is present and external stability appears to be
a problem, the following remedial measures may be considered (Hausmann, 1990): (a) staged (or
slow) construction with or without surcharge of the wall, (b) sub-excavation of the existing soft soil
and replacement with compacted backfill, (¢) lime or lime/fly ash treatment, (d) stone columns,
(e) wick drains with or without surcharge, and (f) compaction grouting.
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Figure 2: Effect of Foundation on Lateral Wall
Displacement
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Figure 3 Effect of Foundation Stiffness on
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If time is not a major concern, staged construction, perhaps with surcharge to accelerate
consolidation, is often the most cost-effective solution. The external stability of a wall constructed
over a soft foundation can be increased significantly (Chou and Su, 1990).

During construction of the wall, the undrained shear strength (S,) increased due to
consolidation. The gain of undrained shear strength, dS,, was calculated by the following equation
(Chou, et. al. 1980):

d§, =m*I*do.*U% ()
where m = Slope of §, vs o, curve
I = Influence factor of loading based on elasticity theory
do, = Increase in mean value of consolidation pressure; and
U (%) = Percentage of consolidation.

Equation (5) has been verified by DACSAR if the soil is assumed to be linearly elastic.
Since the shear strength is increased due to staged construction, the wall deformation and tensile
strain in the reinforcement also can be reduced effectively by staged construction. For a large wall
construction project, a "slow construction" technique (i.e., limit the construction speed to an
allowable rate) also may be used.

CONCLUDING REMARKS

The analyses indicated that the foundation soil has a very significant effect on the wall
performance. The walls investigated in this study resulted in maximum lateral wall displacements
of 0.45%, 0.67%, 0.75% and 3.0% of the wall height, under a service load of 5 psi surcharge, for
a rigid foundation, a stiff clay foundation, a loose sand foundation, and a soft clay foundation,
respectively. The foundation stiffness also affects the mode of deformation. The wall constructed
on the rigid foundation rotates about its toe. The wall with the soft clay rotates about the top of
the wall, due to the significant movement of its foundation. The wall with a rigid foundation
exhibits the lowest tensile strain, and the walls with the medium dense sand and stiff clay
foundations exhibit about equal tensile strains in the reinforcement. For a GRS wall situated on
the soft foundation, staged construction can be very effective to increase the stability, and reduce
the lateral deformation of the wall.

The results presented in this paper are part of a recently completed research study on the
performance of geosynthetic-reinforced soil walls (Chou, 1992). The research effort has lead to the
development of a preliminary design method. The design concept is based on an allowable lateral
wall deformation and limited tensile strain in reinforcement. The proposed design method accounts
for the effects of foundation deformation and facing rigidity and permits judicious use of cohesive
backfill.
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Finite Element Analysis of Geosynthetics-Reinforced Soil Walls
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ABSTRACT

The beneficial effect of incorporating geosynthetics as reinforcements in soil retaining
structures has been demonstrated by numerous successful applications. However, there are
apparent inconsistencies between some of the design assumptions and the observations from
field measurements. The finite element method provides complementary means of
performing a detailed study. In this paper, the results from a finite element study of a
hypothetical geosynthetic reinforced soil wall are presented. Qualitative comparisons
between analytical results and field observations may provide insight concerning some of the
field observations which have not been fully discussed in the literature. In addition, this
information is considered to be useful as a basis for a parametric study of geosynthetic
reinforced soil walls.

INTRODUCTION

Despite the fact that a great many geosynthetic reinforced soil walls have been safely
constructed and are performing well to date, the interactions between the different
components comprising these systems are still not well understood. Most design or analytical
methods are either empirical in nature or based on limit equilibrium analysis calculations
which do not consider deformations or interactions between the components of the wall
system. As a consequence their applications are sometimes limited. Some times, these
methods consistently do not make good predictions of field performance, although most
approaches are consistently conservative.

Another problem is the apparent inconsistencies evident in the interpretation of the

data obtained from instrumented cases. For example, in a trial wall studied by Andrawes et
al. (1990) the measured horizontal soil pressure acting at the wall face showed deviation
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from the equivalent horizontal soil stress calculated from the force in the reinforcement
(inferred by strain measurement) adjacent to the wall face (Figure 1).

As another example, in some design or analytical methods it is usually assumed that the
vertical soil pressure within or at the base of the reinforced soil mass follows one of the
three types of distributions shown in Figure 2a (i.e. uniform, trapezoidal or Meyerhof).
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Figure 2 Comparison between a) Design Assumptions and b) Field Observations in
Vertical Stress Distribution (Modified from Wawrychuk, 1987)

However, field observations demonstrated that none of these distributions are able to
reflect the actual distribution as indicated in Figure 2b. These characteristics cannot be fully

appreciated unless sufficient information is available.
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"Numerical experiments" or simulations provide a means of gaining insight into the
effects of various design assumptions on these walls. Finite elements techniques have been
used by some researchers to analyze walls constructed with geosynthetic reinforcement (e.g.
International Symposium on Geosynthetic-Reinforced Soil Retaining Walls, Denver,
Colorado, 1991). The present paper presents some initial results which form part of a
general numerical study of the behaviour of geosynthetic reinforced soil walls. The research
program is aimed at providing a parametric study and therefore analyses were performed
on a hypothetical reinforced soil wall rather than individual case histories. Results presented
herein are for a simple case which considered self-weight of the wall only with no surcharge,
these results served to provide a fundamental understanding of reinforced soil wall systems
and baseline information for later parametric studies. Qualitative comparison with field
observations are made, the findings and implications from the numerical analysis are
discussed.

WALL GEOMETRY

This study examines a hypothetical reinforced soil wall with a height (H) of 6 m
constructed with cohesionless fill and reinforced with 6 layers of sheet-like geosynthetic
reinforcement. The length (L) of each layer was 4.25 m with a typical L/H ratio of 0.71
(Figure 3). The wall was assumed to have a level surface and a continuous full panel
concrete facing; and was constructed on a rigid foundation. The facing was allowed to rotate
about its toe and provision was made for slippage between the facing/foundation and the
fill/foundation interfaces.

15 m (not to scale)

Ground Surface

. Zone 2a //¢n

Ve
7
Zone 1 /A’—Zero Force Line
ne

Plane (Retained Fill)
Zone 3

6m

Wall
Face

Zone

d of Relnforcement

v (BuckfiU Foundation

Figure 3 Wall Geometry
NUMERICAL MODELLING

A plane strain finite element analysis was performed on the hypothetical wall using the
finite element program AFENA (Carter, 1985) which was modified by the authors to allow
modelling of the reinforced soil wall considered herein (this technique has been used with
success in the study of a number of case histories, Ho, 1992). The finite element mesh
consisted of basically 4237 nodes and 2483 elements. The primary reasons in adopting a fine
mesh are to minimize the effect of mesh dependency on the numerical modelling, and to
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enable the use of the same mesh (again to minimize the effect of mesh dependency) in
cases involving a change in the geometry of the problem (e.g. an increase in the number of
layers of reinforcement or an increase in the reinforcement length, etc.).

Soil Element. The backfill and retained fill were modelled using eight-noded isoparametric
elements. The fill was assumed to be an elastic-perfectly plastic cohesionless material with
a Mohr-Coulomb’s failure criterion (i.e. with a friction angle ¢ = 35°) and a unit weight y
= 20 kN/m3, The fill was assumed to have a non-associated flow rule with a dilatancy angle
Y = 6°. To capture the nonlinear stress dependent increase in fill stiffness, Janbu’s equation
was used to update Young’s modulus, E, of the fill during the analysis (i.e. E/P,= K(a4y/P,)"),
where K = 460 and n = 0.5 are empirical parameters, P, is the atmospheric pressure and
05 is the effective minor principal stress. Poisson’s ratio was taken to be v = 0.3.

The reinforcement was modelled using linear
elastic bar elements with negligible compressive strength. A reinforcement stiffness J = 2000
kN/m was adopted for the reinforcement. The yield strength «; was assumed to be 200
kN/m. The continuous full panel facing was assumed to be 140mm thick and was also
modelled using eight-noded isoparametric elements with E = 24,000 MPa and v = 0.15.

The interfaces (i.e. interfaces between reinforcement/fill,
fill/foundation, fill/facing, facing/foundation) consisted of a pair of dual nodes occupying the
same position with independent shear and axial stiffness. Compatible displacement between
the pair of dual nodes is ensured by specifying high stiffness until a Mohr-Coulomb’s failure
criterion is reached. Once the interface shear strength is exceeded, the compatibility
conditions are replaced by a failure criterion and a dilatancy equation. In the present study
the friction angle for the reinforcement/fill, foundation/fill and facing/foundation interfaces
were taken to be 35° (the effect of varying these parameters will be investigated in future
parametric studies), the facing/fill interface to be 20°, and the dilatancy angle to be zero at
all interfaces.

In the present study, the wall
face was assumed to be fully supported in the horizontal direction during wall construction.
The temporary support was modelled by a contact element. The wall was constructed in
twenty four layers. Upon completion of construction, the internal forces in the temporary
support were released in a number of steps until the deformation at the top of the wall
converged to a constant value and the force increment in the reinforcement was negligible
in subsequent iterations.

RESULTS OF ANALYSIS
To facilitate later presentation and discussion of results, the wall is divided into three

different zones of distinct behaviour as shown in Figure 3. This procedure is similar to that
proposed by Jewel (1985) and subsequently used by Bonaparte and Schmertmann (1987).
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Zone 1 corresponds to the active zone bounded by the theoretical Rankine’s failure plane
and the wall face. Zone 2 is referred to the transition zone between the theoretical
Rankine’s failure plane and the zero force line. The zero force line is the theoretical line
beyond which no force is required in the reinforcement for equilibrium, which in this case,
corresponds to the theoretical stable slope given by the friction angle of the fill. In addition,
there is a sub-zone in Zone 2 (Zone 2a) where curtailment of reinforcement does not
extend beyond the zero force line. The area below the zero force line identifies Zone 3.

The average vertical soil stress distributions at each level of
reinforcement and at the base of the wall are shown in Figure 4 and Figure S respectively.
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It can be seen that the pattern of change in vertical soil stress distribution at each level
is similar. Close to the fill/facing interface the vertical soil stress is less than the theoretical
value (i.e. o, = yh) due to partial transfer of vertical stress from the fill to the facing
through fill/facing friction. An exception is in the vicinity of the toe where the rigid
foundation prevents significant relative settlement between the fill and the facing. Away
from the facing the vertical soil stress increases gradually in the active zone and reaches a
maximum exceeding the theoretical value within the transition zone. At each reinforcement
level the vertical soil stress reaches a minimum close to the end of the reinforcement with
a magnitude less than the theoretical value. A similar trend is observed at the base of the
wall (see Figure 5) except again in the vicinity of the toe where the restriction in
deformation due to the rigid foundation results in large stress concentration. This pattern
of variation in vertical soil stress is comparable to field observations as shown in Figure 2b.
It is also clear from Figure 5 that current practice in using either a trapezoidal distribution
or a Meyerhof distribution for vertical stress distribution is not applicable. The assumption
of a simple uniform distribution appears to be more reasonable in the present case.

Figure 6 shows the average horizontal soil stress distribution at each reinforcement
level. It can be seen that the variation of horizontal soil stress mirrors the pattern observed
in vertical soil stress variation (see Figure 4).
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Figure 6 Horizontal Stress Distribution within Reinforced Soil Mass
At the face the magnitude of the horizontal soil stress is very close to that given by the
theoretical Rankine active condition, K, (based on a vertical stress yh at this location).

Further back away from the facing, the horizontal soil stress increases and reaches a
maximum in the transition zone with magnitude close to or even exceeding the theoretical
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at rest condition K, (i.e. K, = 1-sind) at the upmost level. Similar to the vertical soil stress
variation, the horizontal soil stress reaches a minimum at the end of the reinforcement.

The similarity in the pattern of change in both the vertical and horizontal soil stress
distributions indicates that the increase (decrease) in horizontal soil stress is a consequence
of an increase (decrease) in vertical soil stress. This is true for a soil element in a state of
plastic equilibrium with no rotation in the principal soil stress direction. In order to satisfy
the failure criterion an increase (decrease) in vertical soil stress has to be accompanied by
an increase (decrease) in horizontal soil stress such that the ratio of horizontal soil stress to
vertical soil stress remains constant and equals K,. However, it is noted that in the vicinity
of reinforcement curtailment at the upper levels, there is a large increase (relative to K,)
in horizontal soil stress while the vertical soil stress is close to or even shows a slight
decrease from the theoretical value. This suggests that in these local areas the soil elements
are not in a plastic state or there are substantial rotations in principal soil stress direction,
or both.

Figure 7 shows the state of stress in the reinforced soil mass along each level of
reinforcement. Both the horizontal to vertical soil stress ratio (oy/ov) and the principal soil
stress ratio (o3/0;) from the finite element analysis are plotted for discussion purposes. It
should be noted that at a stress point involving rotation of principal soil stress direction,
plasticity can only be defined in terms of the principal soil stress ratio, which in this case is
numerically equal to the active pressure coefficient K,.
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The figure clearly identifies two distinct active earth pressure zones (Zone 1 and the
unreinforced portion in the transition zone - Zone 2a). This finding appears to justify the
proposal made by Jewel (1987). In particular, the assumption of a rigid foundation does not
appear to prevent the soil elements in the vicinity of the toe from developing into an active
state. Another significant observation is that while the ratio of horizontal to vertical soil
stress may indicate a value greater than K, it does not necessary mean that the soil element
is not in a plastic state. The only valid indication of plasticity is the principal soil stress ratio.
This demonstrates that in field monitoring, merely comparing the measured or inferred
horizontal soil stress with the theoretical value will not generally provide a good indication
of the state of stress within the soil. Field data (Simac et al., 1990), although limited, support
the above finding. '

Stress Distribution at Wall Face and at End of Reinforced Fill. The distributions of
horizontal soil pressure along the height of the facing are shown in Figure 8. Also shown in
the figure are three stress states corresponding to: a) Rankine’s active condition K,, b) at
rest condition K, (i.e. K, = 1-sin¢), and c¢) Coulomb’s failure wedge (8=20°).
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Figure 8 Horizontal and Vertical Pressure at Wall Face

Except at the lower part of the facing where influence of the rigid foundation is
significant, the horizontal soil stress is less than the at rest condition. This is reasonable
considering the extensible nature of the reinforcement. A more interesting observation is
that the horizontal soil stress is even less than that given by the theoretical Rankine active
condition and that it oscillates about the pressure line given by Coulomb’s failure wedge.
The study reveals that this pattern of oscillation (evident in Figure 8) is a result of local
variation in vertical soil stress. Both the variations in vertical and horizontal soil stress along
the facing follow a similar pattern. It is noted that a similar trend is evident from the
experiment data observed by Andrawes et al. (1990) as shown in Figure 1. One might be
tempted to attribute the oscillation in Figure 1 to scatter of experimental data, however this
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study suggests there is a theoretical basis for the observed oscillation. It should be noted that
similar observation is seen at the back of the reinforced soil mass.

The force or stress in the reinforcement is directly related to the
mobilized reinforcement strain. This, in turn, is closely associated with the strain in the
adjacent soil (i.e. the compatibility between soil strain and reinforcement strain). Figure 9
compares the reinforcement strain and the average horizontal soil strain at each
reinforcement level (the reinforcement force is also shown at a different scale). It can be
seen that compatibility of strain between the fill and the reinforcement is preserved except
in the vicinity of the end of reinforcement where curtailment does not extend beyond the
zero force line. Curtailment of reinforcement before the zero force line results in a
significant increase in horizontal soil strain within the "unreinforced" retained fill, but the
magnitude diminishes towards the zero force line. This indicates that the effect of the
reinforcement is to suppress the development of horizontal soil strain in an otherwise
unreinforced soil mass.
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Figure 9 Distribution of Strain/Force along Reinforcement

As shown in Figure 9, the force at each reinforcement level within
the active zone increases gradually from the facing and reaches a maximum (though not
distinct in this case) at some locations away from the facing. However, in this particular case
the locus of maximum tensile force does not appear to be in the form of a log-spiral; rather,
the distribution of tensile force along the reinforcement within the active zone seems to
become more uniform towards the top of the wall and the locus of maximum tensile force
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appears to conform more to the Rankine failure plane. It should be noted that according
to the analytical finding by Leschinsky and Perry (1987) the critical log-spiral failure surface
degenerates to Rankine’s failure plane for a wall with a vertical face (i.e. 90° slope)
constructed of granular soil and horizontal reinforcement as assumed in the present case.
However, there are situations (e.g. Christopher et al., 1990) in which the observed locus of
maximum tensile force appears to more nearly correspond to a log-spiral. Further
investigation is required in this aspect of the problem.

Figure 10 shows the variation of maximum tensile force with depth for the case studied.
Similar to most field observations, at upper levels the magnitude of the maximum tensile
force exceed that given by Rankine’s active condition or even the at rest condition; while
at lower levels, the magnitude of the maximum tensile force is significant less.
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Figure 10 Variation of Maximum Reinforcement Force with Height of Wall

In field observations the relatively large reinforcement force at the top of the wall is
usually attributed to compaction effect. However, this analysis, which does not include
compaction, suggests that the large reinforcement force close to the top of the wall (i.e.
compared to K, or K, condition) can arise due to interaction between the soil, the
reinforcement and the facing even in the absence of significant compaction. Moreover, the
maximum tensile force in the reinforcement does not appear to increase with depth as the
horizontal stress in the soil does, suggesting that there is interaction between the foundation
and the layers of reinforcement.

Figure 11 indicates an important feature revealed by the present study. At each
reinforcement level the tensile force in the reinforcement is compared with the equivalent
horizontal soil force from the corresponding contributing soil elements, and the Rankine
active and at rest conditions. Within the active zone, the equivalent soil force conforms
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closely to the Rankine active condition, while the force in the reinforcement shows
significant variation from both the equivalent horizontal soil force and the Rankine active
condition. This suggests that the horizontal soil stress is not entirely supported by the
reinforcement. In fact, it is found that a significant portion of horizontal soil force (almost
25% in this case) is carried by the toe. If it was assumed that the failure wedge could be
approximated by Rankine’s failure plane, it could be shown that equilibrium can only be
satisfied if the toe reactions are also considered. This indicates that a rigid foundation (as
assumed in this study) has a significant effect in the development of tensile force in the
reinforcement, especially close to the base of the wall. Similar observations have been
reported by Bathurst et al. (1989). However, the extent of the effect of foundation
conditions on the force development in the reinforcement requires further investigation.
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Figure 11 Comparison of Reinforcement Force with Equivalent Horizontal Soil Force

The foregoing results provide some insight to the apparent inconsistency found in the
field measurements discussed earlier concerning the limitation in comparing the measured
and the equivalent horizontal soil stress inferred from the reinforcement force. The
analytical results show that the force in the reinforcement is directly related to the strain
developed in the reinforcement and the reinforcement stiffness; and is significantly affected
by the stiffness of the foundation. While for a soil element under active condition, the state
of stress is independent of both the soil strain and the foundation stiffness. The implication
of this finding is that it is generally not valid to assume the tensile force in the reinforcement
equal to the equivalent soil force under an assumed stress state. Correct assessment of force
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in the reinforcement requires consideration of interaction between the components of the
entire reinforced soil system (i.e. soil, reinforcement, facing and foundation).

Horizontal Deformation

Figure 12 shows the horizontal deformation profiles at the wall face and at the end of
the reinforced fill. It is evident that the horizontal deformation at the wall face arises from
both the internal deformation of the reinforced fill and the deformation of the
"unreinforced" retained fill. In agreement with the distribution of horizontal soil strain shown
in Figure 9, only limited horizontal displacement exists between the end of reinforcement
and the zero force line at levels where the reinforcement extends beyond the zero force line
due to the presence of the reinforcement. Field observations reported by Simac et al. (1990),
and Christopher et al. (1990) appear to support these findings.
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Figure 12 Horizontal Deformation at Wall Face and Back of Reinforced Soil Mass

As a consequence the horizontal deformation at the back of the reinforced fill is limited
at levels where the reinforcement extends beyond the zero force line. This is clearly
indicated in Figure 12. However, at levels where the reinforcement curtails before the zero
force line, substantial horizontal deformation occurs between the end of the reinforcement
and the zero force line due to the presence of large amount of soil strain in the
"unreinforced" retained fill. For this particular case the magnitude of lateral deformation
within the unreinforced fill is significant, e.g., at the top of the wall it accounts for almost
half the total magnitude of the horizontal deformation at the wall face.

The implications from these findings are twofold. Firstly, even if the assumption of
strain compatibility is satisfied and the force in the reinforcement is correctly predicted,
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calculation of horizontal deformation at the wall face merely considering the strain in the
reinforcement is unreliable and the horizontal deformation at the wall face would be
underestimated. Secondly, the present study assumes a rigid foundation (where horizontal
movement at the bottom of the facing is insignificant if shear failure does not occur between
the bottom of the wall face and the foundation), this implies that there is sufficient
embedment of facing in the foundation and the foundation is non-yielding. However,
additional horizontal deformation at the bottom of the facing is anticipated if these
conditions are not applicable.

CONCLUSIONS

A finite element method suitable for the analysis of geosynthetic reinforced soil walls
has been described. Results have been presented with respect to the state of stress in the
fill, the state of strain in both the fill and the reinforcement, the force in the reinforcement
and the horizontal deformation. The results demonstrate that the role of reinforcement in
reinforced soil walls is to suppress the horizontal soil strain within an otherwise unreinforced
soil mass. However, because of the nature of the extensibility of the geosynthetic
reinforcement considered herein, the stiffness of the reinforcement is not large enough to
prevent the soil elements from developing into a plastic state. Hence, it is anticipated that
an active state of stress within the reinforced soil mass would be expected for soil walls
utilizing reinforcement with stiffness of similar order to that considered in the present study.

It is shown that caution is required when interpreting the state of stress in a reinforced
soil mass based on field measurements. While direct comparison of the measured horizontal
soil stress with that derived from the theoretical active condition may indicate some
deviations due to variation in vertical stress and rotation of principal stress direction, it does
not necessary imply that the soil is not in an active state. The only valid indicator of
plasticity is the principal stress ratio. More importantly, inferred horizontal soil stress from
force measurement in reinforcement is in general not equivalent to the actual horizontal soil
stress. Under active conditions, the force in the reinforcement is no longer controlled by the
state of stress in the soil. Results also indicate that there is some variation in the vertical
stress distribution; however, for practical purposes the assumption of a uniform distribution
appears to be satisfactory (i.e. for wall under self-weight only). Furthermore, the results
indicate that calculation of horizontal deformation at the wall face merely considering the
strain in the reinforcement without taking into account the soil strain in the unreinforced
retained fill will err on the unsafe side.
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Partial Material Factors for Polymer Wall Reinforcement

T.S. Ingold
Consulting Engineer, United Kingdom

ABSTRACT

The current trend in defining margins of safety is moving away from the lumped factor of safety
approach towards the use of partial factors. However, since the margins of safety associated with
lumped factors of safety have been modified with time and experience to render optimum values
consistent with safety and economy they are not to be dismissed without impunity. With this in
mind this paper introduces a system of partial material factors which might be applied to new
reinforcing materials, particularly polymeric reinforcement, to attain acceptable margins of safety.
As demonstrated, the partial factor approach is more flexible than the use of lumped factors in as
much as partial material factors may be modified as experience accrues with any particular
polymeric reinforcement.

INTRODUCTION

Historically the design of engineering structures has been based on the tacit assumptions that
design loads are synonymous with applied loads and that material strengths are definitive. To allow
for any inadequacies in these assumptions a lumped factor of safety is applied, either as a factor
which reduces the rupture strength of the material to an allowable value, or as a ratio of the
rupture strength of the material to the design load. With periodic adjustments to the lumped factors
of safety, often instigated by unexpected failures, the approach has generally worked well. However,
such an approach is limited in as much as it does not separately address the components of
material production or behaviour and how these individually affect margins of safety. Additionally
lumped factors of safety, developed from long experience with one type of material, can not
generally be applied directly to different materials which are new and unproven. The ideal
alternative would be a limit state method which effectively considers the probability of variations
in material strengths and design loads and with a view to giving a consistent probability against
failure irrespective of the reinforcing material used. Unfortunately the variability of the factors
controlling soil or fill strengths is so wide as to defy meaningful definition.
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A more realistic approach involves the use of partial factors which may be applied discretely
to crucial aspects of design loads or material strengths. Whilst a prime objective is to maintain an
overall margin of safety consistent with that established by experience with lumped factors of safety,
an equally important objective is to permit prescribed modifications to partial factors as experience
of any new material accrues with time. In the particular case of reinforced soil walls the industry
standard for margins of safety has been established by experience with steel reinforcing strip. This
stems from the fact that some 15,000 walls have been constructed over three decades and thereby
the failure rate is well defined. If it is accepted that the margin of safety accruing to these walls is
satisfactory then it follows that walls reinforced with other materials should be no less safe.

There are many aspects of partial factor design which are beyond the scope of this paper,
however, the potential of the approach is illustrated by considering partial factors applied to
mitigate against long term tensile rupture of the soil reinforcement. A partial factor approach has
been included in the draft code of practice BS8006:1991 Code of practice for
strengthened/reinforced soils and other fills, BSI (1991), which has recently been issued for public
comment by the British Standards Institution. Although the draft code specifies a minimum value
of the partial material factor to be applied to plain steel reinforcement no corresponding value is
enumerated for polymeric wall reinforcement. Suggested values are presented below and calibrated
against established values of partial factors of safety.

DEFINITION OF PARTIAL FACTORS

Geotechnical engineering, including the design of reinforced soil, is one of the last disciplines
using lumped factors of safety. Lumped factors of safety have been applied to geotechnical
problems in a variety of inconsistent and often irrational formats. However, in the context of
external stability of earth retaining structures the lumped factor of safety, F, has been consistently
defined as the ratio of ultimate resisting force, R, to disturbing force, D, eg F=R/D. With the
advent of reinforced soil certain aspects of internal wall stability involved the introduction of the
material properties of the soil reinforcement. In particular knowledge of the ultimate tensile
resistance, R, of steel reinforcing strip was needed to determine its adequacy to resist the disturbing
force, D, induced by lateral earth pressure. Many early design guides used an allowable stress
approach in which stability with respect to tensile rupture of the reinforcement were deemed to be
satisfied if D<(R/F). One complication was that the ultimate resistance of the reinforcement is
time dependent eg ultimate resistance decreases with increasing time as the cross-sectional area
of the reinforcement is reduced by corrosion. This did not prove problematical since there was a
wealth of existing knowledge on corrosion protection, such as galvanizing, and corrosion rates of
steel which permitted allowances to be made for strip thickness to be sacrificed to corrosion.
Introduction of polymeric materials added complication since tensile strength is both time and
temperature dependent. Additionally different polymers have different inherent strengths and
weaknesses. Over and above this, polymeric reinforcement is not produced in the form of a simple
strip but takes many forms including composite strips, geotextiles and geogrids. Not surprisingly it
was found that the tensile strength of different polymeric products was affected to differing degrees
by different environments. For example the tensile strength of one product might be substantially
impaired by construction induced damage whilst being totally unaffected by the chemistry of the
fill in which it is buried. Conversely another product, under identical conditions, might suffer very
slight damage during the construction process but go on to be badly degraded by chemical attack.
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To rationalise these effects the geotextiles industry at large adopted the use of partial factors of
safety, A, with one partial factor of safety addressing a particular aspect of potential failure. This
approach unravels the lumped factor of safety, F, into a series of partial factors of safety such that
F=A,x A x A3 X e x A,. Draft BS8006 uses a partial load factor, f;, and partial material factor,
f. , to achieve a margin of safety against failure. All the factors take a value of unity, or greater,
with the load factor applied to increase the raw calculated load, D, whilst the material factor is
applied to decrease the perceived ability of the reinforcement, R, to resist the load. An adequate
margin of safety against failure is deemed to operate when the identity fD<(R/f,) is satisfied. It
should be noted that the material factor, f_ , is applied to the extrapolated long term tensile
strength of the reinforcement at the required design life of the structure. The material factor is
broken down into number of components, f_, , and sub-components, f, ., as indicated in Table 1.

Table 1 Partial material factors proposed in draft BS8006

Principal Component Intended Purpose
Factor Factor
., £ Manufacture - to cover the possible reductions in the capacity

of the material as a whole compared with the characteristic
value deduced from the control test specimens and possible
inaccuracies in the assessment of the resistance of a structural
element resulting from modelling errors.

£z Extrapolation of test data - to take account of the confidence
of the long term capacity assessment. This factor may vary
with the required service life of the structure.

f. Susceptibility to damage - to take account of damage during
construction. This factor may be derived from site damage
tests referred to in the draft code.

£ Environment - to take account of different rates of the
degradation due to environmental conditions.

ASSESSMENT OF TENSILE RE STRENGTH

To avoid reaching the ultimate limit state of collapse induced by tensile failure of polymeric
reinforcement it is necessary to estimate the tensile rupture strength of the reinforcement at the
projected end of the design life of the structure. The long term tensile creep rupture strength will
be a function of many variables including:

¢ Polymer type and additives.

¢ Production method and form of reinforcement.
¢ Mechanical damage caused during construction.
¢ Environmental attack.

¢ Operational temperatures.
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For a given temperature, the variation of tensile creep rupture strength with time can be
assessed by loading samples of the reinforcement at different load intensities so that the times to
failure fall inside a predetermined range of time at an appropriate test temperature. In general the
load at which tensile rupture will occur, at a given temperature, will decrease with time. If rupture
load is plotted against time to a log-log scale, then except for very short times to failure there may
be a linear relationship between tensile rupture load and time. At some stage there may be a
change in the mechanism controlling tensile failure leading to a transition point or knee in the plot
of tensile rupture load against time, Figure 1.

0

Creep rupture strength

Transition time |
| 1 1

D' 02 _03 . 04 5 6
Time to failur » (hours)

Figure 1 Transition point in tensile creep rupture test

The time at which this transition occurs is important since if the maximum test duration is not
long enough the transition may not be detected. Should the transition time be less than the
required design life of the structure, then any simple linear extrapolation of the test data could
overestimate the rupture load at the end of the design life and so lead to premature collapse of
the structure. The time at which a transition may occur will be affected by several factors. For
example use of a lower molecular weight polymer to produce a given product will reduce transition
time. Similarly an increase of temperature will hasten any transition. More significantly,
construction induced damage may invoke a transition in failure mechanism. Finally, any transition
will be affected by polymer type and the nature of the environment in which it is required to

ope .Noc test tion ha edi draft h er British Gas
use  hours Met of test s Sp sate at  p to 10* hours
for creep strain tests used to assess serviceability s. Itis fore s ted that tensile
creep rupture tests for polymeric reinforcement a dur of at 10* hours. The

need for this becomes evident from Table 2 which reproduces draft BS8006 recommendations for
service life. As can be seen for all but temporary and short term short structures Table 2 implies
extrapolation of nominally 1 year duration test data by time factors between 10 and 120.
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Table 2 Recommendations for service life proposed in draft BS8006

Category Typical Service Life

Temporary works 1 to 2 years

Short term 5 to 10 years
Industrial 10 to S0 years
Long term 60 years
Long term 70 years
Long term 120 years

Example
Contractors site structures

Contractors site structures
Basal reinforcement

Structures at mines
Marine structures
Retaining walls and embankments

Retaining walls, highway
structures and bridge abutments

Where the maximum duration of tensile creep rupture tests is less than the required service
life the creep rupture strength at the design life has to be estimated by extrapolation. To assist in
the detection of any knee or transition, creep rupture tests may be carried out at elevated
temperatures. This is the basis of the technique prescribed by British Gas to determine the 50 year

rupture stre
times to fai

of cert
falling

cga
10!

0’

Tests ot 20°C
g
s Tests ot 80°C
Q.
8
S o
nl 1
o' 0’ 0

Time to fo ure (hours)

. Tests are run e

and 10* hours,
temperature of 20°C indicate a log-log linear relationship, Figure 2.

es of 20°C and
, ). Test data at

50 years |

ot 05 0

Figure 2 Tensile creep rupture test data at 20°C and 80°C
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The perils of extrapolating the 20° C test data to 50 years are reflected by the knee in the 80°C

test data which tion mechanism. By combining the test at 20°C and
80°C it is possi the nd the maximum test duration of 1 urs, at which
any knee might develop. As shown in Figure 3 these combined data are extrapolated to define a
ile load at the end of the requ 50 de This inv s extr ion
lo of time from 10* hours ( ye to s. Since is in SO

maximum extrapolation of one log-cycle of time prescribed in BS4618:1970, a factor of safety of
4 is applied to the extrapolated strength to give the 50 year design strength (Greig, 1981). Similar
techniques may be applied to determine the long term tensile strength of soil reinforcement.

o

_ 10* hours | 50 yeors |
? Extrapolotion  »

s

g

S

Design temperature 20°C
I)l
0 02 3 4 '05 06

0 0
Time to foilure (hours)
Figure 3 Extrapolation of test data

A clear distinction must be drawn between undamaged control samples tested in a benign
medium and operational samples which will be damaged during construction and subject to
environmental attack. For a product subject to strict quality control there should be little variation
in the extrapolated, undamaged, long term characteristic strength from batch to batch, but, the
degree of mechanical damage and aggressiveness of the fill will vary from fill to fill as might the
operational temperature. Generally, time restrictions make it impractical to carry out creep rupture
tests on samples subject to site specific damage and environment. However, it is practical to carry
out tensile creep rupture tests on operational samples, for predetermined categories of fills and
environments, to determine how mechanical damage and environment may reduce long term
rupture strength. This would allow the determination of various product specific partial factors to
be applied to the characteristic control strength to reduce it according to the nature of the
particular category of fill to be employed. Laboratory tests on operational samples, which have
been pre-damaged, should be carried out in an aggressive environment since the combined effects
of environment and damage may be synergistic. Degree of mechanical damage may be assessed
using short term tensile testing but this may not reflect long term strength impairment.
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The performance of thermo-plastic polymers will be affected by temperature. For this reason
the laboratory test temperature should equal or exceed the maximum operational temperature in
the reinforced soil structure. In the United Kingdom the mean soil temperature is about 10°C,
however, measurement of operational temperatures in a reinforced soil wall shows the seasonal
variation is approximately +10°C (Murray and Farrar, 1988). The upper operational temperature
defined by this range is compatible with standard laboratory test temperatures which are usually
20°C or 23°C, however, higher laboratory test temperatures might need to be considered to
account for variations of diurnal temperatures in the close vicinity of preformed facing units. As
an aside consideration should be given to any spontaneous heating in fill containing industrial
waste. For example West and O’Reilly (1986) comment on heating in unburnt colliery shale fill and
relate reductions in strengths of plastic reinforcing elements of 30% for a temperature increase of
10°C above a 20°C ambient temperature. A further consideration is the outbreak of fire and the
ramifications of this possibility.

VALUES OF PARTIAL MATERIALS FACTORS

There are two routes via which realistic values of partial materials factors can be assessed. The
first is to define a lower bound for f,, as being equal to the minimum value of 1.52 which is applied
to the characteristic tensile rupture strength of 5 mm thick steel determined from samples having
the minimum manufactured cross-sectional area. The logic of this is that the margin of safety
pertaining to the characteristic tensile creep rupture strength of polymeric reinforcement should
demonstrably not be less than that for steel reinforcement. Allied to this it is useful to compare
minimum values of f,, converted from previous studies using a partial load factor, f;, of 1.5 as
prescribed by the draft code for application to lateral earth pressures. Such a comparison is given
in Table 3 and shows how partial material factors are considered to vary with degree of
extrapolation ranging from 1 log-cycle, which is a factor of 10 in real time, to 2 log-cycles, which
is a factor of 100 in real time. Consistently the partial factors suggested by Ingold, (1988) are higher
than those derived from Greenwood and Jewell, (1989) but at 1.64 log-cycles of extrapolation, as
used by British Gas to determine a 50 years rupture strength, the suggested factor is less than that
cited by Greig, (1981) for gas pipe. In all cases the value of f, at 1 log-cycle extrapolation falls
below the prescribed minimum value of 1.52 for steel.

Table 3 Comparison of minimum values of  from previous studies

Extrapolation Greenwood & Ingold Greig
(No. log-cycles) Jewell (1989) (1988) (1981)
1.00 1.2 12
1.50 1.5 1.7
1.64 1.6 1.9 2.7
2.00 1.8 23
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Minimum values for the components of f, may be assessed from partial factors of safety
published in a wider range of studies. Before doing so it is necessary to establish a relationship
between partial material factors and partial factors of safety. Starting with a simple parity between
lumped factor of safety and partial material and load factors it follows that for the same margin
of safety F=f; x f,. The lumped factor of safety F can be resolved into four component partial
factors of safety, to reflect the four components cited in Table 1, such that F= 4,; x 4, X A5, X A,,.
The product of these four components equates directly to f; x (f,,;; X f,12 X f,2, X £,,21). If the load
factor, f;, is taken to apply uniformly to each of n component of the partial material factor then it

e parity een co ding par  facto afety is by the

= A X For ar fr=15 four onents s leads
to f,,, # 0.9 x A,. Taking the minimum value of f_,, to be 1.05, as defined in the draft code, and
minimum values of £, f,,, and f_,, derived from previously defined values of A,,, A,, and A,;,
(Ingold, 1988) the nominal minimum values of £, in Table 4 are obtained.

Table 4 Suggested minimum partial polymeric material factors

Component Partial Suggested Minimum Comments
Materials Factor Factor Value
.11 1.05 To cover manufacturing variability
fo2 log(ty/t,) ty is reinforcement design life

t, is maximum creep test duration

£ 1.08 Minimum site damage factor

fra1 1.08 Minimum environmental factor
Notes:
i) Minimum value of f, = 1.52 ii) Creep rupture test duration and design life
in years.

The effects of construction induced mechanical damage should be assessed using long term
tensile creep rupture tests such as those employed to assess the long term tensile rupture strength
of intact and undamaged control samples. Short term constant rate of strain tests have indicated
reduction factors in the range 1.1 to 1.6 for HDPE grid, (Mitchell and Villet, 1987), and similarly
1.1 to 1.4 for polyester fabric depending on the maximum particle size of the fill, (Voskamp and
Risseeuw, 1987). More recently Troost and Ploeg, (1990) quote values, for the same type of
geotextile covered with a crushed basalt fill, in the range 1.33 to 2.17, whilst Billing et al (1990)
report decreases in tensile strength consistent with reduction factors in the range 1.08 to 1.56.
Treating these values as partial factors of safety the corresponding values of f,,, would be in the
range 1.00 to 1.95. The environmental partial material factor relates to the long term effect of the
fill environment on tensile rupture strength. Both chemical and bacteriological attack should be
considered and their effects quantified by tensile creep rupture tests in an appropriate aggressive
environment at the operational temperature or higher temperatures as appropriate. Environmental
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attack will be polymer and therefore product specific. For polyester geotextiles Voskamp and
Risseeuw (1987) quote reduction factors for chemical attack up to 1.12 whilst Wrigley (1987)
reports no loss of strength in HDPE geogrid tested in a chemically aggressive environment. Overall
these observations relate to f_,, values in the range 1.00 to 1.01.

All this might infer that the suggested minimum values of f, ,,=f , =1.08 are somewhat high.
Two counter arguments to this possible inference are synergism and timescale. Where tensile load
is applied simultaneously with mechanical damage and aggressive environment the effects of these
three agents acting in concert may be synergistic and therefore give rise to a strength reduction
which is greater than the sum of the strength reductions caused by the individual agents acting in
isolation. Such synergism is not accounted for in the various investigations cited above. Finally there
is the question of time scale. Tests to assess the effects of mechanical damage are either very short
term constant rate of strain tensile tests or, in some instances, short term creep tests. In both cases
a large extrapolation is assumed when arguing that the results of short term damage assessment
tests accurately predict the long term effects of damage. More pragmatically it can be demonstrated
that the suggested minimum values of f,, given in Table 4 produce a balanced approach to design
of polymeric soil reinforcement. Table S suggests minimum values of f , derived from Table 4, for
a of service , as they relate to characteristic t c der with
d ns of 10*h  (1.14 years), 5 x 10* hours (5.71 ) s (1 r the
10* hours test duration the value of f,, rises above 1.52 for a service life of 20 years or more. For
the classified 50 years service life f rises to 2.01 and in effect this recognises the uncertainty of
extrapolating test data by a time factor of 44 from 1.14 years to 50 years. As a corollary to this the
partial material factor for extrapolation by a time factor of 105 from 1.14 years to 120 years
warrants a higher f,, of 2.48. For longer creep rupture test durations of 5 x 10* hours (5.71 years)
and 10° hours (11.42 years) the respective 120 years partial material factors drop to 1.62 and 1.52
and as such reflect the increased confidence in extrapolations where time factors are reduced to
21 and 10 respectively.

Table 5 Illustrative minimum suggested values of

Service Life Maximum Tensile Creep Rupture Test Duration (hours)
(Years) 1x 10 5 x 10* 1x10°

1 1.52 1.52 1.52

10 1.52 1.52 1.52

50 2.01 1.52 1.52

60 2.11 1.52 1.52

70 2.19 1.52 1.52
120 248 1.62 1.52
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CONCLUSIONS

Draft BS8006 introduces a design approach for reinforced soil in terms of partial load factors
and partial material factors. For steel the draft code recommends that a minimum partial material
factor, f_, of 1.45 to be applied to the minimum tensile rupture strength determined from samples
with minimum manufactured cross-sectional dimensions and a minimum thickness of 5 mm. Since
minimum strengths are used the draft code recommends a value of f;;, a component of f_,,, equal
to 1.00. Tensile creep rupture strengths for polymeric reinforcing materials are usually couched in
terms of characteristic strength rather than minimum strength and therefore the prescribed
minimum value of f,,, increases to 1.05 which in turn leads to a minimum value of f, equal to
1.52. To maintain parity with the minimum margin of safety implied by the draft code for steel soil
reinforcement it is suggested that the partial material factor, £, should not be less than 1.52 when
applied to the characteristic strength of polymeric reinforcement with minimum manufactured
cross-sectional dimensions. Depending on the standards of material and production quality control
employed, appropriate values of f_;, may rise above the suggested minimum value of 1.05. The
suggested values of f_,, and f,,; are minimum values. Higher values may apply and these should
be determined by field trials and laboratory testing. In general maximum values of f,, and f,,, may
be predetermined for predefined categories of fill, compaction plant, construction methods and
service environments. Appropriate values of these factors will be product specific and will depend
upon method of testing, nature of the fill, the construction technique and the service environment.
All these variables must be taken into account in assessing values of these partial material factors

to be used in design.

Partial material factors intended to mitigate the probability of tensile creep rupture of the soil
reinforcement should be applied to the characteristic tensile creep rupture strength of the
reinforcement deemed to operate at the end of the service life of the structure. For long term
design this value will involve extrapolation of tensile creep rupture test data by time factors up to
105 which exceeds the maximum value of 10 prescribed in BS4618:1970. Consequently where
extrapolation exceeds time factors of 10 then time dependent values of f_;,>1 should be applied.
Tensile creep rupture testing should be carried out at a test temperature at least equal to the
maximum operational temperature in the structure which in the United Kingdom is nominally
20°C. In addition to testing at the maximum operational temperature tensile creep rupture tests
should be carried out at elevated temperatures with a view to assessing any ductile-brittle transition
which may occur during the service life of the structure at its operating temperatures.

This paper does not address the effects of the load factor, f;, on overall margins of safety since
this assumes the same value for both metallic and polymeric reinforcement. However, draft BS8006
does recognise the differences in the axial tensile stiffness of these reinforcements where, in the
upper reaches of a wall, non-extensible reinforcement is designed to withstand k, lateral earth
pressure and extensible reinforcement is designed for k, pressure. Typically the k, pressure is at
least 50% greater than the k, pressure. For the deadweight of a wall the prescribed value of f; is
1.5. When combined with the minimum suggested value of f, of 1.52 this leads to an equivalent
minimum lumped factor of safety of 2.28 on long term rupture strength at the end of the required
service life. In the US and UK the currently applied factor of safety for steel, at the end of the
design life, allowing for corrosion loss, is 2.8. For some polymerics, allowing for construction
induced damage, this falls as low as 1.6. Hence a need for rationalisation of margins of safety.
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Geogrid Reinforcement for Surficial Stability of Slopes

D.L. Thielen
GeoEngineers Inc., USA

J.G. Collin
Tensar Earth Technologies Inc., USA

ABSTRACT

Erosion, surficial creep and localized shear failures can create costly maintenance problems
for otherwise stable slopes. These surficial instabilities occur in both cut and fill slopes over a
wide range of slope face angles. In recent years, geogrid reinforcement has been used to stabilize
slopes against surficial instability. An analytical method is presented for evaluating surficial
stability of slopes reinforced with geogrids. Existing methods and computer programs are
available for evaluating longer "primary" reinforcement. This paper presents a method to
determine the length and spacing of shorter "surficial" reinforcement. The method assumes an
infinite slope with seepage parallel to the slope face. Geogrid tension failure, and pullout from
within and behind the slide mass are considered in the analysis. Surficial reinforcement can be
used for: 1) repair of shallow landslides, 2) secondary reinforcement of steep reinforced slopes,
3) stabilizing the face of flatter (e.g., 2H:IV) slopes; and 4) resisting shallow downslope creep.

INTRODUCTION

Surficial failures, forming shallow slip surfaces parallel to the slope face (Figure 1), of
both natural and fill slopes have been a problem for land owners and developers on the west
coast of the United States for decades. A photograph of a typical surficial slope failure is shown
in Figure 2.

In-depth discussions of surficial slope failure mechanisms have been presented by Terzaghi
and Peck (1967), and Campbell (1975). These failures are usually initiated by water infiltrating
the near surface soils. The source of this water may be rainfall, broken utilities, landscape
watering, or failure to intercept upslope drainage. This infiltration can be accelerated by seasonal
desiccation and cracking of the soil mantle. When infiltration exceeds the transmissivity of the
soil, a perched water table with seepage parallel to the slope face can develop.
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Figure 2. SURFICIAL SLOPE FAILURE
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Where a surficial failure has occurred, or has been identified as a potential problem by a
low factor of safety, conventional mitigation includes: 1) flattening the slope angle, 2) restricting
the slope height, 3) placing a zone of soil-cement treated or lime treated soil at the slope face,
or 4) specifying higher strength fill soils. However, another alternative is available: reinforcing
the near surface soils with layers of geogrid.

ANALYTICAL MODEL

The inclusion of geogrid reinforcement provides an additional resisting force (anchorage)
to the slide mass. Previously published information describes the mechanisms of geogrid
reinforcement and overall slope stability with respect to "primary" geogrids (Christopher et al.
1990 and Mitchell and Villet, 1987). This paper presents a method of quantifying the surficial
stability of slopes reinforced with geogrids.

The terms which define the geometry and soil es of a typical infinite
slope stability problem are illustrated in Figure 3.

INFINITE SURFACE
ASSUMED FOR
ANALYSIS

?fsaf, o' c GEOGRID LAYER
R ’#__

z 4 — DEPTH OF SATURATED
SLIDE MASS

2 Y ¢ c

POTENTIAL SLIP SURFACE

Figure 3. DEFINITION OF TERMS
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Analysis of the geometry shown in Figure 3 is based on the following assumptions:

o

The potential slide plane is infinite and parallel to the slope face.

A plane strain limit equilibrium condition is assumed.

0 Soil strengths can be described by the Mohr failure envelope. Soil strength is
defined by long-term effective stress parameters ¢’, c’.

0 The slide mass is saturated.

The depth of the sliding mass, z, is equal to the depth of soil saturation.

0 Seepage occurs parallel to the slope face (i.e. flow lines are parallel to the ground

surface).

(=]

o

For the geometry shown in Figure 3, as well as the assumptions listed above, the factor

of safety against surficial instability for unreinforced slopes can be calculated from the formula
developed by Skempton and Delory (1957) and written in the following form by Campbell

(1975)

where:

below:

where:

FS. = (Eq. 1)
yzsinfcosp
F.S. = Factor of safety
c’ = Effective soil cohesion intercept
¢’ = Effective soil friction angle
Y. = Soil unit weight, saturated
Yo = Unit weight of water
z = Depth to failure plane
B = Slope angle
Equation 1 can also be rewritten for an unreinforced slope of finite height "H" as shown
Fs, = CH * (5 v, )Hzcosprang! (Eq. 2)
Y HzcosPsinf

H = Slope height
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The addition of geogrids provides anchorage to the potential slide zone as
illustrated in Figure 4. This can be modelled using an additional resisting force, F,. The
resulting equation, which describes the factor of safety of a reinforced slope, is given in
Equation 3.

GEOGRID REINFORCEMENT LAYERS /

SLOPE SURFACE /

ENTIAL SLIP SURFACE

Figure 4. REINFORCEMENT OF A SLOPE FOR SURFICIAL STABILITY

_cH+ (@, —y,)Hzcos’ptand’ + F cosp (Eq. 3)

FS .
¥ HzcosPsinf
where:
F, = Summation of geogrid resisting force over slope height H

Grid strength is computed with only the tangential force component. The normal
component (which will increase the effective stress across the slip surface) and rotation of the
grid (which will increase the tangential component) are ignored. The available geogrid resisting
force at each grid layer is limited by 1) the long-term allowable (i.e., limit state), strength of the
geogrid, T,, 2) the allowable long-term pullout resistance of the geogrid in the slide mass, P,
and 3) the allowable long-term pullout resistance of the geogrid behind the slide mass, P,,.
These are illustrated in Figure 5.
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Figure 5. POTENTIAL MODES OF GEOGRID TENSION AND PULLOUT FAILURES

The long-term allowable strength of the geogrid, T,, is based on
the stress-strain behavior of the geogrid structure and is influenced by: 1) construction induced
damage; 2) sustained-load deformation (creep); and 3) chemical and biological polymer

on. The literature contains several resources describing the calculation of long-term
allowable strengths of geogrids. (Bonaparte and Berg, 1987, and GRI GG4 Standard Practice,
1991). The current state of the practice is to compute T, from a partial factor of safety equation
that accounts for the above factors (see Equation 16).

It is noted that T, for reinforced slope applications differs from T, which is the design

strength used for geosynthetically reinforced soil walls. T, is determined by dividing the
allowable tensile strength by an overall factor of safety (F.S.) as shown in Equation 4.

T, (Eq. 4)
where:
T, = Design strength

Howeyver, for reinforced slopes the state-of-practice is to use the allowable tensile strength (T,)
and compute the overall factor of safety, F.S., against instability.
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Pullout The pullout capacity of the geogrid is a function of the embedment length, the geogrid-
soil interaction, and the effective normal stress on the geogrid. Several approaches and design
equations have been developed and are currently being used to estimate the pullout resistance by
considering frictional resistance, passive resistance or a combination of both. A normalized
approach is recommended, as presented by Christopher et al. (1990) and Berg (1991). The
ultimate pullout resistance, P,, of the reinforcement per unit width of the reinforcement is given
by:

P,=F -a‘0,-L;-C (Eq. 5A)

where:

= The embedment or adherence length in the resisting zone behind the
failure surface

The reinforcement effective unit perimeter; e.g., C = 2 for geogrids
The pullout resistance (or friction-bearing-interaction) factor

A scale correction factor

The effective normal stress at the soil-reinforcement interface

gIely

QR

The pullout resistance factor, F’, can be derived from theoretical or empirical relationships
developed for each soil-reinforcement interaction mechanism. For any reinforcement, F' can be
using the following general equation:

F® = Passive Resistance + Frictional Resistance (Eq. 5B)
or:
F*=F,-a, +K-p* '«
qa P B / (Eq. 5C)
where:
F, = The (or surcharge) bearing capacity factor
o = A structural geometric factor for passive resistance
K = A ratio of the actual normal stress to the effective vertical stress;
it is influenced by the geometry of the reinforcement
p = An apparent friction coefficient for the specific reinforcement
o, = A structural geometric factor for frictional resistance

Values for these factors can be obtained from Christopher et al. (1990).
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Pullout capacity of a geogrid may be determined from laboratory pullout tests. It is
imperative, however, that the pullout test conditions are similar to the field conditions. Short
embedment lengths (e.g., less than about 1 meter) and low normal pressures (e.g., less than about
60 kN/m?) are typically encountered for surficial reinforcement applications and should be
modelled in laboratory tests. Geogrid and soil materials used in testing should be representative
of those used in construction. If these conditions are met, the ultimate pullout resistance may
be determined with the following empirical formula:

P, = 2L C(o.tand’ + c’) (Eq. 5D)

where:
C, = Coefficient of interaction between geogrid and soil

The geogrid-soil interaction coefficient,C; is determined from pullout testing (GRI Test
Method GGS, 1991). These tests are generally conducted as outlined below: 1) the geogrid is
embedded horizontally in soil under a specified confining pressure, 2) the geogrid is pulled
horizontally until it comes out of the soil or deforms excessively, and 3) the pullout force is
recorded. The geogrid-soil interaction coefficient is the ratio of the recorded pullout force to the
available soil shear strength along the plane of the geogrid. It is similar to a friction factor or
adhesion value used for design of soil anchors.

To quantify the pullout resistance of a geogrid layer, the effective normal pressure
distribution must be defined along the full length of the geogrid (pullout can occur both in front
of and behind the potential slip plane). The theoretical normal pressure distribution along the
geogrid is shown in Figure 6.

Effective normal stress at points A, B and C are described by Equations 6, 7 and 8,
respectively.

At point A:
o, = 2(Y,-Y,c0s’p) (Eq. 6)
At point B:
o) = zy, (Eq. 7)
At point C:
o, =zy, + y Ltanp (Theoretical) (Eq. 8)
where:

Y. = Moist soil unit weight
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Figure 6. VERTICAL EFFECTIVE STRESS DISTRIBUTION ALONG GEOGRID

However, to simplify the solution, 6°, in the anchor zone is conservatively assumed to be
uniform instead of a function of L,. :
At point C:

o’ =zy, (For uniform distribution (Eq. 9)
in the anchor zone)

The average effective normal stress, o—,/,’ over the geogrid embedment length in the slide
zone and in the anchor zone is computed from equations 6 and 9.

For the slide zone:

(Eq. 10)

For the anchor zone:

o,’n = ZV, (For uniform distribution (Eq. 11)
in the anchor zone)
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The available pullout resistance versus length for both the slide zone and
anchor zone may be described by combining Equations 10 and 11 with Equation 5.

For the slide zone:
Po =F a L, C (Eq.12)

For the anchor zone:
P,,=F a L, Czy, (Eq.13)

From inspection of the equations, pullout in the slide mass will require a longer
embedment length than the anchor zone because the effective normal pressure is less in the slide
zone. Pullout resistance in the anchor zone can also be increased by lengthening the geogrid
behind the slide plane (L,) to add resistance, whereas the geogrid length within the failure mass
(L) is fixed by the assumed depth of sliding and slope angle.

Based on the preceding theoretical treatment and equations, the following procedure is
proposed to analyze surficial stability:

STEP 1 Compute the total geogrid resistance, F,, required to achieve an overall safety
factor for the slope height H. Rearranging Eq. 3 results in:

F o= 'H - (Y5~ yw)Hzooszptantb’ (Eq.14)
g COSﬂ

where:
FS = Overall factor of safety against sliding

STEP 2 Compute available geogrid pullout resistance per geogrid as controlled by pullout
in the slide mass, P,s. Rearranging Eq. 12 and adding a factor of safety for pullout
(FSpo) results in:

_ F*az’(yg - v,c08°B) (Eq. 15)

o FSpptanp

where the following values were used in Eq. 12.
C = 2 (for geogrids)

L, = —=%
Smb
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where:
T
FSp
FSx
FScp
FSpp
FSixr

Compute long-term allowable strength of geogrid, T,, from partial factor of safety
equation. The equation after that presented in the Interim Guidelines for Design,
Specification, & Contracting of Geogrid Mechanically Stabilized Earth Slopes on
Firm Foundations (Berg, 1991) is as follows:

T

T =
®  FSp + FSqq - FScp * FSpp * FSpyp Eq. 16)

= Ultimate strength

= Partial factor of safety for installation damage

= Partial factor of safety for creep deformation

= Partial factor of safety for chemical degradation

= Partial factor of safety for biological degradation

= Partial factor of safety for joints (seams and connections)

Values for the above safety factors should be based on laboratory and field testing. Where
testing values are not available, default values such as provided in the Interim Guidelines for
Design, Specification, & Contracting of Geogrid Mechanically Stabilized Earth Slopes on Firm
Foundations (Berg, 1991) can be used.

Compute the required total number of geogrid layers, N. The number of geogrid
layers will be controlled by the allowable geogrid tension. This tension will be the
lessor of the allowable strength, T,, or the geogrid pullout resistance in the slide
mass, Pg.

N = fa (Eq. 17)
tl

where:

t, = Lesser of T, or Py

Compute L,, the required geogrid length behind the slide plane, by re

Eq. 13 and adding a factor of safety against pullout behind the slide plane.

where:
Po, t, FSpo

(Eq. 18)

L,
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Finalize spacing and length of geogrids.

H
S == .19
N (Eq. 19)
L,=L, +L, = —2_+L . 20
¢l b= s v Ly (Bq. 20)
where:
S = Vertical geogrid spacing at the slope face
N = Total number of geogrids over slope height H

L; = Total length of geogrid layer
DESIGN AND CONSTRUCTION CONS ERATIONS

A comprehensive design will result in a surficial reinforcement application that is safe,
economical, and can utilize conventional construction methods. The preceding analysis and
solution is intended to present a simplified model of a complex subject. The assumed depth of
saturation as well as the effective stress parameters of the soils are very important to the final
design. For Southern California, the typical depth to saturation assumed for surficial stability
analyses is 1.2 meters (4 feet) as specified in the "Minimum Standards for Slope Stability
Analysis" (1978). A discussion of the selection of strength parameters for surficial stability (low
normal pressures at the slope face) is discussed by Day and Axten (1989, 1990).

In addition to stability issues, surface erosion should be considered. Surface erosion is the
degradation of the slope face by external forces such as flowing water, blowing winds, and
trafficking or boring by animals. These conditions can be exacerbated by seasonal wetting and
drying cycles that may loosen the outer several centimeters of surface soils. Current practice for
reinforced slopes is the same as for unreinforced; that is, to vegetate the slope with indigenous
plant species that will resist erosion and maintain a relatively constant soil moisture.

Although internal stability and erosion should be treated separately during design, they can
affect one another. Slope face erosion can accelerate surface water intrusion, resulting in a
saturated condition. A saturated condition at the slope face results in reduced surficial stability.
Conversely, geogrids placed in the outer several feet of the slope for surficial stability can
enhance resistance to erosion by increasing compaction effectiveness (Christopher et.al 1990) and
preventing the formation of surface rills.
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Geogrids should meet the following selection criteria: 1) be capable of developing the
required long-term allowable tensile strength; 2) have a long-term geogrid-soil coefficient of
interaction of 80% or greater to develop pullout resistance over a reasonable length; 3) have
favorable long-term durability in order to meet the design assumptions over the life of the slopes;
and 4) be resistant to construction induced damage.

Surficial slope reinforcement can be installed using simple modifications to conventional
construction methods. The reinforcement layers are placed into engineered fill lifts as the
construction proceeds. Photographs of surficial reinforcement installations are presented in
Figures 7 and 8. A completed slope having layers of both primary and surficial reinforcement
is shown in Figure 9.

CONCLUSIONS

1. The factor of safety of reinforced slopes subjected to downslope translational sliding (i.e.,
where an infinite slope analysis is appropriate) can be evaluated by the method presented in this

paper.

2. Surficial reinforcement with geogrids can be used for: i) repair of shallow landslides, ii)
secondary reinforcement of steep reinforced slopes, iii) stabilizing the face of flatter (e.g., 2H:1V)
slopes, and iv) resisting shallow downslope creep.

3. The surface of slopes stabilized with geogrid reinforcement, in lieu of stabilization with soil-
cement or lime modified soils, may be revegetated.

4. Surficial geogrid reinforcement can be added to new and existing slopes with conventional
equipment and easily modified construction methods.
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Figure 8. PLACEMENT AND COMPACTION OF FILL OVER SURFICIAL GEOGRIDS
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Figure 9. CONSTRUCTED SLOPE SHOWING LAYERS OF PRIMARY
AND SURFICIAL REINFORCEMENT
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ABSTRACT

A case history is presented for geogrid reinforcement of slopes above several
massive shear keys constructed for an extensive hillside development located in

Southern California. The shear keys were excavated below the base of the hillside to
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slopes are presented in this paper.
INTRODUCTION

The natural angle of repose of an unreinforced soil slope typically ranges from 20
to 35 degrees, depending on the types and shear strength of the soils. In Southern
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cost of a geogrid reinforced slope.
PROJECT AND SITE DESCRIPTION

A number of geogrid reinforced slopes were constructed as a portion of a 100-ha
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(250~acre) hillside development in the City of Camarillo, Ventura County, California.
Prior to grading, the elevations of the study area ranged from 30 meters (100 feet) at
the western side to a maximum elevation of 120 meters (393 feet) at the central ridge
top, with a maximum topographic relief of approximately 88 meters (290 feet). Over
10.4 million m® (13 million cubic yards) of earthwork grading involving significant
amounts of cut and fill were required to achieve the final grades. The grading
included infilling of most of the north-south trending canyons, some of which were over
30 meters (100 feet) deep. The proposed development will consist of the construction
of 159 residential lots, two condominium sites and an 18-hole golf course with the
associated clubhouse and maintenance facilities. For the preliminary investigation,
over 150 exploratory borings and numerous trenches were excavated on the subject site.
The field exploration indicated the presence of adverse bedding planes, and complex
landslide and faulting systems. These unfavorable geology features required the
construction of massive shear keys below the 1H:1V geogrid reinforced slopes. An
aerial view of the project site during construction is shown in Figure 1, and the
location of the geogrid reinforced slopes is presented in Figure 2.

In addition, the northwestern area of the subject site (Slope A, Figure 2) was
found to be partially underlain by compressible alluvium. Since the alluvium extended
beyond the property line, a complete removal of the alluvium and replacement with
compacted fill was not feasible. As such, the shear key in this area was conatructed
against compressible alluvium. A finite element analysis was performed to determine
the impact from deformation of the alluvium on the stability of the slope. The maximum
tolerable movement at the toe of the slope was determined from the analysis. An
inclinometer and five settlement monuments were installed at the toe of the slope to
monitor vertical and horizontal ground movements during construction. A typical cross
section showing the geogrid reinforced slope and the underlying shear key is shown in
Pigure 3. This cross-section depicts the northwestern area where Slope A is located
(see Figure 2). The inclinometer and two of the settlement monuments were located in
the vicinity of this cross-section.

Figure 1 ~ RAerial View of Project Site During Construction
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GEOLOGIC CONDITIONS

Most of the site was covered by a thin colluvial top soil layer,
generally less than one meter (three feet) in thickness. Alluvial soils as thick as
12 meters (40 feet) exist at lower elevations around the perimeter of the site and in
canyon bottoms. The alluvium mainly consisted of silty fine sand with minor quantities
of sandy clay and sandy silt. Saugus Formation bedrock underlaid the surficial
deposits. This formation consisted of Plio-Pleistocene-age shallow marine to younger
overlying non-marine interbedded sandstones, siltstones, and claystones. Some of the
claystones were ruptured, highly plastic, and possessed numerous shiny parting surfaces
and slickensides. Shear keys on the study area were designed to prevent potential
slope failures along these clay layers.

Numerous landslides exist on the subject site, and a relatively large area
involving a complex of six translational landslides was identified at the western side.
Smaller landslides which might had resulted from erosional undercutting of adversely
oriented bedding planes were encountered in the northern and south-central portion of
the site. The slide boundaries were clearly marked by rupture surfaces that exhibited
slickensides. The landslide material was derived from alluvium and weathered Saugus
Formation bedrock. At greater depth, the landslide material wae observed to be
internally intact bedrock that had moved as a translational block along bedding planes.
This material was termed the ancient landslide.

Two major faults bisect the southern portion of the site in the east-west
direction. The Reservoir fault is located adjacent and approximately parallel to the
southern boundary of the site. Based on field exploration, this fault appears to have
become inactive during the late Pleistocene. On the contrary, the Springville fault,
located south of the Reservoir fault, is potentially active from the evidence of
substantial displacement of the "modern" soil resulting from the fault movement. The
approximate location of the faults is shown in Figure 2. The presence of the faults
had profound effects on the size of the shear keys along the southern boundary of the
site since the soil strength along the fault was significantly lower than the intact
bedrock.

SOIL STRENGTH PARAMETERS

Direct shear and triaxial tests were conducted on both undisturbed and remolded
soil samples to determine the shear strength parameters for design. The parameters for
along the bedding clay were obtained from multi-cycle residual direct shear tests. The
samples were sheared forward and backward with a normal load of 450 kPa (9,000 psf) and
at a rate of 0.0025 centimeters (0.001 inch) per minute until no further decrease in
shear strength was observed with continued shearing. After the equilibrium state was
reached, the shear value for that normal load was recorded. The normal loads were then
reduced gradually without shearing the sample and the shear values were recorded for
different normal loads. This method was found to yield conservative residual strength
parameters as compared to the conventional method where soil samples were sheared
repeatedly under different normal loads.

with the general availability of computer programs that provide fast yet
sophisticated means for slope stability lysis, the sele of soil strength
parameters has generally become the major of a project. A ry of all residual
test results performed on the claystone is plotted in Figure 4. A lower-bound value
of ¢ = 9 degrees and cohesion of 2.5 kPa (50 psf) were selected for the slope stability
analysis. The selected parameters for other materials are also summarized in Table 1.
These parameters were based on the lower bound of the test results.

For the finite element analysis, the undrained shear strength from the triaxial
tests was used because the short-term condition was considered to be more critical.
The stability of the compacted fill slope would be favorable in the long term as the
pore water pressure induced by the construction dissipated. Moreover, the alluvium was
not susceptible to collapse which was a favorable long-term condition.
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Tabl 1 - Summary of Soil Str ngth Pr ¢t r

Material Unit
Description Drained Undrained Weight (pcf)
c Phi (deg. c

Alluvium 0 325 3000 0.0 116
Compacted fill 130 30.0 800 15.0 123
Bedrock:

Across bedding 600 27.5 - 116

Along bedding 50 9.0 - 116

Along fault 30 19.5 - 116
Note: 1 =0. =0.16

The computer programs TENSLOl and PCSTABL5M were used for design of the reinforced
slopes and shear keys, respectively. In addition, the finite element computer program
FEADAMS84 was utilized for analysis of the deformation characteristics of the reinforced
slopes. The capabilities of these computer programs are briefly summarized below.

This computer program, developed by The Tensar Earth Technology, Inc.,
considers circular failure surfaces and uses the Modified Bishop method. An additional
rotation-resisting moment resulting from the geogrid tensile force is included in the
calculation to account for the effect of the geogrid reinforcement. The number,
lengths and elevations of the geogrid reinforcement layers required to increase the
internal and global stability to acceptable levels are evaluated using an iterative
procedure. The most critical failure surface is located using an automatic search
routine.

This computer program for two dimensional slope stability analysis was
developed at Purdue University (Carpenter, 1986). It includes three different limit
equilibrium methods, namely Modified Bishop J , and Spencer’'s
method of gslices. It has the random surfice 8 can be used to
search for the most critical potential failure surfaces. It is also capable of
modeling the anisotropic soil strength parameters.

This is a plane strain, two-dimensional, finite element computer program
(Duncan et al., ). It is mod incremental fill c uction
using non-linear stress his ent rain relations. As of the
input of the computer program, the stress-strain relations are approximated by a
hyperbolic model (Duncan et al., 1980)

APPROACH OF ANALYSIS

The lengths and numbers of layer of the geogrids were first determined using
TENSLO1 for the 1H:1V reinforced slopes. In areas where the shear keys were affected
by left-in-place, compressible alluvium, a finite element analysis using FEADAM84 was
performed to evaluate the performance of the reinforced slopes from the possible
deformation of the alluvium.

The design of the r f ac lished by s ing lo n of the
critical cutoff of P £ re e along the sur . this was
determined, PCSTABL5M was used to generate a search to find the critical breakout at
the toe of the hypothetical slip surface. All searches were performed using the
Simplified Janbu method. The more elaborate and time-consuming Spencer’s method was
then used to analyze the critical failure surface determined from the search.
Additional analyses were also performed to determine the trend of safety factors for
similar potential failure surfaces above and below the critical slip surface. A
subroutine has been developed to expedite the search procedures (Chandra and Jiang,
1993). Typical plots of Slope A from TENSLOl and PCSTABLSM output are presented in
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Figuree 5 and 6 , respectively.

For the finite element analysis, the stress-strain curves for the alluvium and
compacted fill from the triaxial test results were approximated using the hyperbolic
model. The finite element mesh used for this study is presented in Figure 7. A higher
shear strength was used in the area affected by the presence of the geogrids to account
for the effect of the geogrid reinfércement. It was found that a twenty percent
increase in shear strength in that particular area was necessary to achieve a safety
factor of 1.5 for an identical slope with reinforcement. A detail of the finite
element analysis was presented elsewhere (Chandra and Lay, 1992).

GEOGRID SELECTION

In selecting geogrid for geotechnical application, durability is one of the most
important elements to be considered. Factors related to durability include the ability
to sustain the effects of creep under long-term loading, and resistance to
deterioration. Another important property of geogrid is the ability to achieve itse
working strength at a low strain level. The working strength should develop at a
strain level compatible with soils such that no significant movements will be
encountered. In addition, the ability of the geogrid to effectively interlock with
surrounding soils should be considered since it largely determines the required length
of embedment. Generally, the different characteristics of geogrids are readily
available from extensive testing performed by geogrid manufacturers. In the design
calculation for reinforced slopes, the selection of geogrids eventually depends on the
required tensile strength to achieve the required factor of safety. For this project,
uniaxial geogrids with allowable working tensile strengths ranging from 454 to 1,317
kilograms (1,000 to 2,900 pounds) per linear foot were selected. The embedment lengths
for the geogrids ranged from 1.8 to 25.5 meters (6 to 85 feet). Biaxial geogrids with
a typical embedment length of 1.5 meters (4.5 feet) were installed at 0.3-meter (one-
foot) intervals for surficial stability and erosion control. For further protection
of the slope face, an erosion control mat which retaines soil particles and promotes
vegetative growth was placed on the slope face.

RESULTS OF FINITE ANALYSIS

The results of the finite element analysis indicated that deformation movement at
the toe of Slope A due to the construction of the fill slope would be primarily
horizontal. The vertical movement was found to be negligible. The horizontal movement
computed at the toe of the slope is plotted as a function of fill elevation in Figure
8. The slope was capable of tolerating this movement as determined from the stress
level of each soil element which was calculated to be less than 90 percent. Stress
level is the ratio of the stress in the elements to the failure stress. It provides
an indication of how close the soil is to shear failure. A stress level over 90
percent indicates the presence of plastic zone, and a stress level greater than 95
percent indicates shear failure. From the analysis, the elements near the toe of the
slope were found to have a stress level close to 90 percent. Therefore, the lateral
deformation curve from the finite element analysis in Figure 8 was established as the
maximum tolerable movement. The top of the slope would have a finish grade elevation
of 50 meters (165 feet). From the curve in Figure 8, theoretically, the slope would
perform satisfactorily if the movement at the base of the slope was less than 6.4
centimeters (2.5 inches).

CONSTRUCTION CONSIDERATIONS

The main benefit of geogrid reinforced slopes from construction standpoint is that
conventional construction methods and equipment can be used, and no additional skilled
labor is needed. However, the geogrids must placed at correct elevation and
orientation. Proper drainage should be installed to prevent saturation of the
reinforced soil from ground water infiltration or surface runoff. Water will
significantly reduce soil strength and decrease the factor of safety of the slope.
Uniaxial geogrids, like those used for primary slope reinforcement in this project, do
not require overlapping. Overlapping of this type of geogrids may produce geogrid on
geogrid contact which will create an interlocking capacity that is not uniform to that
produced by geogrid and the surrounding soil.
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Prior to construction, one inclinometer and five settlement monuments were
instal at the of Slope A. Readi taken Y g construction
to ens that h ontal movement at of th w the tolerable
limit. The construction would be stopped immediately if the readings exceeded the
lateral deflection predicted by the finite element analysis. Settlement Monuments 6232
and 6236 were located in the vicinity of Cross-Section A-A’. The readings from these
two monuments along with those from the inclinometer are plotted in Figure 8. Later,
the two monuments were disturbed, and subsequent readings were not plotted. At the end
of construction, the lateral deformation at the toe of the slope as recorded by the
inclinometer was significantly less than the calculated maximum tolerable movement.

BENEFITS OF GEOGRIDS

The of geog had st ed the 8 which increased ep Yy the
top of slope. aring 2H:1V with no reinforc a g rid
reinforced slope with a height of 24 meters (80 feet), for instance, resulted in an
additional usable land of 12 meters (40 feet) at the top of the slope. The additional
land had tremendous financial value in Southern California.

In addition, the steeper slopes provided increased overburden pressures at the base
of the hill. In designing the shear keys to stabilize the hill, these additional
overburden pressures increased the resisting force at the base of the hill which
permitted shallower and narrower shear key.

CONCLUDING REMARKS
The use of geogrid reinforcement enabled the construction of globally and

surficially stable slopes steeper than the maximum 2H:1V gradient required by the
governing agency. The benefits included lower construction costs for the shear keys

as 1 r the of slopes due er final
gra . £ reinf ds 8 resulting possible
def at t sible alluvium in the northwestern area of the
project site, was a finite 8 at the toe of
the slopes were m cally dur st and the slopes

were found to perform satisfactorily.
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Design and Construction of a 13.7 Meter (45 Foot) High, 1:1 Geogrid-
Reinforced Slope in Highly Cemented Loess Soils
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ABSTRACT

In Natchez Mississippi, erosion from a stream was undermining the toe of a 13.72 m (45 ft)
high loess slope. When this degradation began to threaten residences at the top, officials
evaluated several options for remediation. A 1 vertical (V) to 1 horizontal (H) geogrid reinforced
slope was selected for its cost effectiveness, ease of construction and aesthetic appeal.

Design and construction of the slope presented several unique problems. Because of the highly
cemented nature of the existing loess deposit, a combination of the tie-back wedge method and
the modified Bishop method for slope stability analysis had to be incorporated. An economical
solution was developed that incorporated geogrid reinforcement for the entire height of the slope
along with a system of rip-rap filled wire forms for protection of that portion of the slope that
would be exposed to water flow . Both design and construction had to address the curvilinear
geometry of the slope and the proximity of the residences to the crest of the slope.

This paper presents a case history of the design, construction and performance to date of the
geogrid reinforced slope.

INTRODUCTION

In late 1989, the Natchez Housing Authority of Natchez Mississippi initiated studies for the
Maryland Heights Public Housing Project. A stream at the edge of the property had been, over
a period of several years, undermining the toe of a 13.7 meter (45 ft) high loess slope. As this
undermining progressed, the highly cemented nature of the loessial soils had resulted in a near
vertical bluff. The regression of the bluff was beginning to threaten existing residences at the top.

Jordan, Kaiser & Sessions, a Natchez Mississippi engineering firm, was retained by the housing
authority to develop plans for the remediation. Alternates that they studied included; realignment
of the channel to allow reconstruction of a flattened slope using conventional means, enclosing
the stream and reconstructing a flattened slope over the top of the enclosure, relocation of the
residences at the top of the bluff, and reconstruction of a steepened slope by reinforcing the in
situ soils with geogrid reinforcement.
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The steepened, geogrid reinforced slope was chosen primarily for its low cost. Realignment
of the existing channel would require purchasing additional property and it presented problems
with state regulatory agencies. Enclosing the channel and reconstructing a flattened slope proved
to be cost prohibitive. While at first glance, relocating the residents would appear to be the most
cost effective alternative, requirements for relocating residents of public housing resulted in an
estimated cost that was almost twice the cost of slope reconstruction. In the end, a geogrid
reinforced slope allowed the housing authority to maintain the residences, avoid altering the
existing channel alignment and reconstruct a stable steepened slope using site available soils.

DESIGN

The design of the slope was based upon the maximum slope height of 13.7m (45 ft)
considering a 1V to 1H slope. The reinforcement layout determined for this critical section was
conservatively extended throughout transitional slopes steeper than 1V to 2.5H. Analyses
indicated that slopes flatter than 1V to 2.5H would not require reinforcement. The minimum
factor of safety for slope stability was taken to be 1.5. This factor of safety was considered
appropriate due to the proximity of residences to the crest of the slope.

Design of the reinforced slope was accomplished in the following steps:
- Develop the design parameters for the undisturbed and recompacted site soils.
- Evaluate the existing conditions to verify the accuracy of the selected in situ soil parameters.
- Establish the reinforced soil zone geometry by considering the physical constraints of the project.
- Establish the vertical spacing of the reinforcement using a Tie-back Wedge Analysis in junction
with the reinforcement properties.
- Analyze the reinforced soil mass using the modified Bishops method for limit equilibrium slope
stability analysis.
- Develop surficial stability and erosion protection details.

No site specific soils data was available for the development of the soil
parameters utilized in the analysis and design. The design parameters were selected based upon
the area geology and local experience with loessial soils. These parameters were then verified
through an analysis of the existing conditions.

The project site consisted of a meandering creek channel at the toe of a near vertical bluff.
The site is located within the Loess Hills physiographic region immediately adjacent to the eastern
edge of the Mississippi River alluvial valley. The soils comprising the bluff generally consist of
a thick deposit of loess, underlain at depth by a complex fluvial deposit of the Natchez formation.
Recent alluvial and colluvial deposits exist within the creek channel and along the opposing creek
bank.

Loess is generally a stable material which provides a safe foundation for properly designed
structures. Undisturbed loess has the unusual characteristic of standing in high vertical cuts. This
property is primarily attributable to cementation of the soil grains. The effectiveness of the
cementation is reduced when the soil becomes wet. Loess typically has a high shear strength and
low compressibility when the moisture content is low. However, increases in the moisture content
are generally accompanied by dramatic increases in compressibility and a loss of shear strength.
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Since loess is composed predominantly of non-plastic, silt size particles, it has a low resistance to
erosion resulting in susceptibilities to failure which must be considered if an adequate design is
to be achieved.

An ive t ilures the at hez Missi
was co db of En s, Vi in 5! This
included detailed mapping of the geologic formations comprising the bluff and the results of
consolidated-undrained triaxial tests performed on samples of the loessial silts. These test results
indicate a fairly uniform strength for the samples tested with average values of friction angle (2)
and cohesion (C) of 26 degrees and 28.72 kN/m? (600 1b/ft?), respectively. These values were
selected for use in the analysis of existing conditions at the site.

The cementation, which results in an apparent cohesion in undisturbed loess, is lost upon
excavation and recompaction. The drained strength of the remolded sample is generally
characterized by a friction angle varying from 26 to 33 degrees with no cohesion. Therefore,
reasonable yet conservative values of & = 26 degrees and C = 0 were assigned to the compacted
loess within the reinforced zone of the slope. The moist unit weight of both the in situ and
compacted soils was estimated to be 18062 kg/m® (115 Ib/ft?).

Loess is seldom saturated unless a perched water table develops. Surface water which
infiltrates the soil is able to drain through open pores without causing complete saturation.
Improvements to the surface drainage were included in the plans. It is expected that these
improvements will prevent any significant percolation of surface water into the in situ soil or the
compacted reinforced fill. Therefore, it was assumed in the analysis that no significant water
pressures would develop in the slope.

Analyses were performed for existing slopes to evaluate the
accuracy of the assumed shear strength parameters of the in situ loess. Available site mapping
indicated that a 2.5V to 1H slope approximately 13.72m (45 ft) in height represented the average
condition within the critical reach. An analysis of this geometry using the assumed shear strength
parameters of & = 26 degrees with C = 28.72 kN/m? (600 Ib/ft?) yielded a factor of safety of 1.2.
This factor of safety was felt to be consistent with the observed performance of the in situ soils.
Therefore, these shear strengths were considered appropriate for use in the design of the
reinforced soil mass.

Physical constraints at the site influenced the selection of the reinforcement
lengths. The channel alignment and therefore, slope toe alignment had been established by
hydraulic considerations and property constraints. A minimum offset of 4.6m (15 ft) between the
residences along the top of the bluff and the crest of the excavated slope was required. These
restrictions combined with a maximum acceptable excavation slope of 3 V on 2 H limited
reinforcement lengths to 12.2m (40 ft) at the base and 7.6m (25 ft) at the crest.

The design considered primary and intermediate reinforcement to

provide adequate factors of safety for global and surficial stability, respectively. The primary
had an all long- f 40.9 kN/m the

Since the ed slo sented by the ion,
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reinforcement strength along the secondary axis was not a consideration for stability. The
long-term design strength accounted for the effects of installation damage, chemical and biological
degradation, junction strength and creep. The intermediate reinforcement was a light-weight
biaxial geogrid with high junction efficiency extending 1.4m (4.5 ft) into the slope face.

The coefficient of interaction is the ratio of the shear strength developed at the
soil-reinforcement interface to the peak soil shear strength. This ratio is used to estimate pullout
resistance of the reinforcement for stability calculations. Based upon the manufacturer’s
recommendations, a value of 0.8 was selected for the analysis.

The required vertical spacings of the reinforcement to provide internal
stability were determined by the tie-back wedge method of analysis. With this method, it is
assumed that the ultimate shear strength of the soil is mobilized and the lateral earth pressures
are resisted by the reinforcement tensile force. The assumed failure plane is defined by the
Rankine failure surface forming an angle of 45 + &/2 from the horizontal.

Due to the high undisturbed strength of the in situ loess and, consequently, the ability of loess
to stand in high vertical cut sections, it was not considered appropriate to evaluate required
geogrid embedment lengths by the usual method. To do so would yield unconservatively short
embedment lengths indicating that a thin veneer of reinforced fill would insure global stability.
Therefore, minimum lengths of reinforcement at the slope base and crest were based upon the
physical constraints described previously. The specifications also required that each layer of
primary reinforcement extend from the slope face to the in situ loess.

Limit equilibrium slope stability analyses were performed to evaluate the existing conditions
(discussed previ ), the internal ility o rced fill and
stability of the d These anal were using the T
program developed by the Tensar Corporation. This program calculates factors of safety for
circular failure surfaces using an extended version of the modified Bishop method. The locations
of the critical slip surfaces are determined by multiple computer runs using automatic search
routines available in the program. The program incorporates the effects of horizontal
reinforcement, as a function of the embedment length and the long-term design strength of the
reinforcing material, in calculating the factor of safety for each trial circle. The coefficient of
interaction is used to compute the available pullout resistance based upon the embedment length
of the reinforcement in front of and behind the trial failure surface. The design pullout resistances
are determined by applying a pullout factor of safety to these values. The reinforcement tensile
strength used in the calculations is the minimum of the pullout resistances calculated or the
long-term design strength of the reinforcement.

DESIGN RESULTS

The tie-back wedge method of analysis was utilized to establish the
maximum allowable vertical spacings of the primary reinforcement. The Rankine lateral earth
pressures were estimated using a factor of safety of 1.5 and an assumed shear strength of & = 26
degrees for the recompacted loess. Limiting the tensile stress in the primary reinforcement to 40.9
kN/m (2,800 lbs/ft) resulted in vertical reinforcement spacings ranging from 0.3m (1 ft) at the
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base of the slope to 1.24m (4 ft) near the slope crest. The resulting cross section is shown in
Figure 1.

Limit equilibrium analyses were performed to verify internal
stability and to evaluate global stability. Internal stability was considered to consist of potential
failure surfaces confined to the reinforced compacted fill. Failure surfaces located partially or
entirely within the in situ soils were classified as global. Multiple computer runs using automatic
search routines available in the computer program identified the critical failure surface. The
critical failure surface passes through the lower portion of the reinforced mass and up through the
in situ loess. The computed factor of safety for this global type failure was approximately 1.5.
Computed factors of safety for internal failure surfaces were somewhat higher.

While surficial stability was not directly analyzed, the specifications required
continuous layers of intermediate reinforcement extending 1.4m (4.5 ft) into the slope face and
at 0.3m (1 ft) vertical intervals along the slope face. The intermediate reinforcement was
considered a necessity in preventing surficial failure of the essentially non-plastic fill. Inclusion
of the intermediate reinforcement at relatively close spacing also improves compaction of the fill
materials near the slope face. The intermediate material specified was a light-weight biaxial
geogrid with high junction efficiency.

DESIGN DETAILS

The primary cause of the degradation of the existing slope was erosion
of the stream bank at the slope toe. The design process, therefore, had to incorporate a protective
facing on that portion of the slope where exposure to the water flow in the stream was a concern.
The combination of the proposed 1H to 1V slope and the forces generated by the water flow
required a facing with a positive connection to the slope. The final detail (Figure 2) incorporated
a wire form which was wrapped on the inside with the primary reinforcement. This was filled
with an 0.46m (18") thick layer of 0.15m (6") nominal diameter stone and was backed with a
nonwoven geotextile to separate the soil fill from the stone facing. The secondary geogrid wrap
was supplied in 1.3m (4.26 ft) widths and embedded 1.19m (3.9 ft) on the top and bottom of the
wrap, thus providing a positive facing connection. The wire form was manufactured from 10cm
(4™ X 10cm (4") welded wire fabric. The form was bent to provide the required 1H to 1V face
slope and assisted in controlling pillowing of the geogrid wrap as well as getting the lower portion
of the slope aligned on the required layback.

The low plasticity of the loessial silts makes them highly
susceptible to erosion from surface runoff. This was evident from the high number of rills and
gullies in the existing bluff face. To prevent surface flows from adversely effecting the reinforced
slope, concrete lined diversion ditches were incorporated at the slope crest. The collected water
was transported down the slope face in an enclosed pipe. Embedment of the pipe in the slope
face either during or after construction of the slope would have been a difficult task at best. The
pipes were therefore run along the surface of the slope and anchored at intervals with a
foundation and strap.

Erosion Mat. While the design did provide for diversion of the surface runoff, the erodible nature
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of the loess soils called for protection of the slope face in those areas above the 4.6m (15 ft) high
armored protection system. In these areas a three dimensional turf reinforcing mat (TRM) was
used. The selected mat consisted of three layers of polyethylene netting that are melt bonded at
regular intervals in a manner that creates a three dimensional structure.

Project details called for the mat to be keyed into the slope face on 1.22m (4 ft) vertical
intervals with a minimum embedment of 91cm (3 ft) into the slope. The specifications also called
for the slope face to be seeded prior to placing the TRM.

CONSTRUCTION

Construction of the project was started in January, 1991.
Weather delayed the start of excavation until March, 1991. The initial phase of construction
required the excavation of the existing bluff to provide for the depth of reinforcement embedment
and to reach competent, intact loess soils. During this process a berm and channel were
constructed to divert the existing stream flow away from the construction area. The excavated
material was stockpiled for later use in the reinforced fill zone.

After excavation of the project area was completed, construction of the reinforced fill was
started. Construction of the lower portion of the slope required significant coordination of the
reinforcing components. Primary reinforcing elements extended from the back of the excavated
zone to the face of the soil fill zone (Photo 1). In addition, the geogrid wrap used to contain the
stone inside of the wire form, and the geotextile wrap at the back face of the stone, had to be
placed prior to placing the soil fill. The soil was placed in 20cm (8 in) loose lifts and compacted
to 100% of standard Proctor density in accordance with the project specifications. After the soil
fill had progressed 50cm (1.5 ft) vertically, the geotextile was wrapped around the soil face. The
stone fill was placed inside the wire form and the geogrid wrap was laid back into the soil fill
completing the positive connection of the stone facing to reinforced soil zone. This process was
repeated until the fill placement had achieved the required 4.6m (15 ft) vertical height for the
stone facing.

Construction of the slope above the stone facing progressed significantly quicker. The primary
reinforcement was placed perpendicular to the slope face at the intervals designated by the project
plans. The intermediate reinforcement was placed in between the primary reinforcing on 0.3m
(1 ft) verticals intervals. The selected material was a biaxial geogrid having its strongest axis in
the cross-machine direction. It was provided in 3m (9.8 ft) wide rolls that were cut in half and
then rolled out parallel to the slope face. This provided 1.5m (4.9 ft) of embedment.

The turf reinforcing mat was also instalied as the slope construction progressed. The mat was
cut to the appropriate length embedded 91cm (3 ft) into the slope face and allowed to hang down
over the slope below. When the fill had achieved the required elevation, the slope face was
seeded, and the mat was wrapped around and embedded into the fill.

Upon completion of the reinforced slope, the drainage improvements at the slope crest were

constructed and a protective safety fence was placed at the top of the slope. Construction of the
project was substantially completed in November 1991 (Photo 2).
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The slope was constructed in a curvilinear geometry
(Figure 3) involving a significant reverse curve as well as a channel bottom drop of over 0.9m (3
ft) vertically. The slope of the channel required a field determination of the appropriate stepping
for the lowest geogrid layers and wire form facing. The severe curvilinear geometry required
fanning of the geogrid reinforcement. Because of the radius of curvature and the length of the
reinforcement, those layers in the inside curve required an overlap at the tail of the geogrid.
Based upon the geogrid manufacturers recommendations, project specifications called for the
placement of 10cm (3 in) of soil fill between the overlapping layers. Additionally, the tight
horizontal radius of curvature made proper alignment of the 3.1m (10 ft) long wire forms
difficult.

Recompacted loessial silts are extremely sensitive to moisture content. This made the specified
densities difficult to achieve during the construction process. Weather conditions were either too
wet, resulting in an unworkable soil, or too dry, requiring careful control of the additional water.
Weather delays, scarification and recompaction were common practice to achieve the specified
density.

After completion of the project in November 1991, the lower Mississippi Valley experienced
several significant rainfall events. The slope, having been constructed and seeded in late summer
and fall, had not had the opportunity to develop any significant vegetative growth. As a result,
a portion of the slope experienced some minor surficial slides. The saturated soil slid beneath the
TRM, pulling some portions loose from the anchor trenches. The failed areas were covered with
a protective plastic sheeting until repairs could be initiated in May 1992.

CONCLUSIONS

Design of the geosynthetic reinforcement was accomplished through the use of conventional
methods of slope stability analysis. The single most important factor was an understanding of the
unique characteristics of the loessial soils. This was accomplished through the use of locally
available studies such as the U.S.A.C.E. investigation and the extensive local experience of the
project designers. Care had to be taken to interpret the testing results. Use of the in situ loess
strengths alone would have resulted in a potentially unstable design while use of the remolded
soil strength would have resulted in an overly conservative and thus expensive design.

Construction of the slope along the curvilinear geometry was difficult to control. The only
solution to this would be to provide for a more linear channel alignment; however, the channel
geometry was a function of the stream hydraulics and other physical constraints and, therefore,
was unavoidable.

The surficial slides that occurred after the completion of the project can be attributed to two
factors. First, the vegetative growth did not have adequate time to establish itself. Use of sod
in conjunction with the TRM had originally been considered. In light of the delayed construction
schedule, this may have made a significant difference. Second, the project details called for keying
the TRM into the slope face on 1.2m (4 ft) vertical intervals. There is some evidence that the mat
was keyed in at much wider spacings. The performance of a TRM is dependent upon its ability
to maintain intimate contact with the soil and its ability to restrain the surface soils. The
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increased key interval allowed the shallow surficial sloughing to build up force. This caused the
mat to pull away from the slope face and become ineffective in preventing further sliding or in
assisting with seed germination. Installing check slots at 1.2m (4 ft) intervals would have
controlled the slides more effectively.

Final project costs are around $620,000. These costs were as little as one half of the costs
estimated for the other repair alternates. In addition, reconstruction of the slope with
reinforcement maintained the existing channel alignment and provided the desired slope stability.
While the project has been complete only a short period of time, performance has been as
expected.
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The slope was constructed in a curvilinear geometry
(Figure 3) involving a significant reverse curve as well as a channel bottom drop of over 0.9m (3
ft) vertically. The slope of the channel required a field determination of the appropriate stepping
for the lowest geogrid layers and wire form facing. The severe curvilinear geometry required
fanning of the geogrid reinforcement. Because of the radius of curvature and the length of the
reinforcement, those layers in the inside curve required an overlap at the tail of the geogrid.
Based upon the geogrid manufacturers recommendations, project specifications called for the
placement of 10cm (3 in) of soil fill between the overlapping layers. Additionally, the tight
horizontal radius of curvature made proper alignment of the 3.1m (10 ft) long wire forms
difficult.

Recompacted loessial silts are extremely sensitive to moisture content. This made the specified
densities difficult to achieve during the construction process. Weather conditions were either too
wet, resulting in an unworkable soil, or too dry, requiring careful control of the additional water.
Weather delays, scarification and recompaction were common practice to achieve the specified
density.

After completion of the project in November 1991, the lower Mississippi Valley experienced
several significant rainfall events. The slope, having been constructed and seeded in late summer
and fall, had not had the opportunity to develop any significant vegetative growth. As a result,
a portion of the slope experienced some minor surficial slides. The saturated soil slid beneath the
TRM, pulling some portions loose from the anchor trenches. The failed areas were covered with
a protective plastic sheeting until repairs could be initiated in May 1992.

CONCLUSIONS

Design of the geosynthetic reinforcement was accomplished through the use of conventional
methods of slope stability analysis. The single most important factor was an understanding of the
unique characteristics of the loessial soils. This was accomplished through the use of locally
available studies such as the U.S.A.C.E. investigation and the extensive local experience of the
project designers. Care had to be taken to interpret the testing results. Use of the in situ loess
strengths alone would have resulted in a potentially unstable design while use of the remolded
soil strength would have resulted in an overly conservative and thus expensive design.

Construction of the slope along the curvilinear geometry was difficult to control. The only
solution to this would be to provide for a more linear channel alignment; however, the channel
geometry was a function of the stream hydraulics and other physical constraints and, therefore,
was unavoidable.

The surficial slides that occurred after the completion of the project can be attributed to two
factors. First, the vegetative growth did not have adequate time to establish itself. Use of sod
in conjunction with the TRM had originally been considered. In light of the delayed construction
schedule, this may have made a significant difference. Second, the project details called for keying
the TRM into the slope face on 1.2m (4 ft) vertical intervals. There is some evidence that the mat
was keyed in at much wider spacings. The performance of a TRM is dependent upon its ability
to maintain intimate contact with the soil and its ability to restrain the surface soils. The
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increased key interval allowed the shallow surficial sloughing to build up force. This caused the
mat to pull away from the slope face and become ineffective in preventing further sliding or in
assisting with seed germination. Installing check slots at 1.2m (4 ft) intervals would have
controlled the slides more effectively.

Final project costs are around $620,000. These costs were as little as one half of the costs
estimated for the other repair alternates. In addition, reconstruction of the slope with
reinforcement maintained the existing channel alignment and provided the desired slope stability.
While the project has been complete only a short period of time, performance has been as
expected.
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Landform Contour Grading—Natural-Looking Slopes from Geosynthetics
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ABSTRACT

Geogrid reinforcement is being used by the hillside development industry to construct
natural appearing, undulating landforms. These landforms have included steepened slope sections
greater than 30 meters high with surface grades of up to 45 degrees. Additionally, all hillside
developments require some degree of corrective grading to mitigate severe engineering and
geotechnical constraints such as steep topography and ancient landslides. Conventional solutions,
including flatter slopes, soil cement, lime treatment, and battered retaining systems can be
uneconomical and aesthetically unacceptable. The landform contour grading concept, its use in
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of safety while at the same time improving the project’s economic viability and environmental
acceptance.

INTRODUCTION

Large hillside land developments, such as those which have been occurring in Southern
California for the past 30 years or more, are unique. These developments require an enormous
un  earthw eno land for ally
le ect. It of housing end
residential developments. The large grading quantities are necessary because the land planner
and engineer must comply with a variety of city and county ordinances and
public works standards, which were formulated over the years to protect the public safety and
welfare. These codes usually specify a maximum slope t of 2H:1V (horizontal:vertical)
together with definitive specifications for street grades, widths, vertical curves and radii.
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In order to design a development having enough useable land that is not taken up by very
high 2H:1V (or flatter) slopes and ample street geometries, the land planner and engineer must
literally mass grade most of the site. In addition, almost all hillside land parcels contain many
geotechnical constraints that require extensive mitigation. These constraints include high ground
water tables, liquefiable soils, compressible soils, creep zones, terrace deposits, organic stratum
and expansive soils, adverse (dip slope) bedding planes, folds and flexure-slip surfaces, faults and
tectonic shear zones, open joints and fractures, clay and gypsum seams, as well as ancient and
historic landslides. Conventional solutions for these problems also create large volumes of
grading (corrective grading) in the form of deep removals, overexcavation and recompaction,
shear keys and buttress fills. Massive retaining systems, shear pins, compaction grouting, soil
cement, lime treatment and other traditional geotechnical engineering solutions are sometimes
employed along with the massive earthwork requirements to provide the corrective solutions.

In recent years, hillside projects requiring extensive grading have been severely criticized
on environmental and aesthetic grounds. The standard 2H:1V maximum terraced slope mandated
by building codes is criticized for having an artificial, regimented and unnatural appearance.
Several cities have responded to these concerns by passing ordinances that restrict the heights and
lengths of slopes, the depth of cuts and fills, the allowable densities per acre and other measures
that further limit or prevent hillside land development.

In an effort to deal with the geotechnical, environmental, political and aesthetic constraints
of large hillside developments, a new technology has emerged. The technology combines geogrid
reinforcement with state-of-the-art land planning and design. This new technology is
known as Landform Contour Grading. Landform Contour Grading was introduced to the hillside
development industry by Sukut Construction, Inc. in 1987 on a 35 meters high 1H:1V reinforced
buttress in San Diego (Chu & Poormand, 1989).

Although other types of geosynthetics, such as geonets and geotextiles are also being used
in hillside developments as cost effective alternatives to conventional engineering and
construction techniques, this paper will focus on Landform Contour Grading using geogrid
reinforcement.

LANDFORM CONTOUR GRADING

Landform Contour Grading is the construction of natural looking slopes that have
topographic contours and vegetation similar in appearance to the original and surrounding,
ungraded terrain. To achieve this objective, slopes and contours are designed and constructed
with variable horizontal and vertical angles. To simulate natural slopes, while at the same time
creating enough useable land to produce an economically viable project, the land planner must
have the ability to incorporate steepened sections within the designed, variable slope. To ensure
both global and surficial slope stability in most soils, tensile reinforcement must be included in
the design and construction of any portion of the variable slope that is steeper than approximately
2H:1V. Geogrids have proven to be the most practical and cost effective method of introducing
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additional tensile strength to earth materials as will be specifically demonstrated in the case study
section of this paper.

Revegetation of the finished, landform contour graded slopes with native and introduced
drought tolerant plant materials is mandatory in order to achieve the desired natural appearance.
Figure 1 depicts a typical Landform Contour Grading design using 2H:1V angles at the toe and
top of a variable slope that includes a 1H:1V reinforced section in the middle. Figure 1 also
includes an appropriate natural revegetation specification for landform contour graded slopes.
Figure 2 shows a revegetated 21 meters high landform contour graded slope. The upper 9 meters
is a geogrid reinforced section.

Landform Contour Grading mitigates environmental and aesthetic concerns by reducing
the visual and physical impacts that result from conventional grading design and construction
methods. Figure 3 illustrates an actual and typical hillside design situation where a steep walled
canyon will be filled to construct a road. The conventional 2H:1V slope with surface drains
every 9 meters produces severe physical and visual impacts because of the much larger slope
when compared to the landform contour graded slope. Conversely, the landform contour
design significantly reduces the amount of natural ground and vegetation that is physically
impacted by grading. Furthermore, reducing the area to be graded also produces substantial cost
savings by reducing the amount of clearing and grubbing, alluvium and colluvium removals,
canyon subdrains, embankment, surface drains and landscaping.
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Figure 1. LANDFORM CONTOUR GRADING, SHOWING REINFORCED SLOPE SECTION
AND REVEGETATION AT THE EDGE OF A DEVELOPMENT
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Figure 2. REVEGETATED 21 METER HIGH LANDFORM CONTOUR GRADED SLOPE
HAVING A 1H:1V REINFORCED SECTION IN THE UPPER 9 METERS.
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Figure 3. LANDFORM GRADING USED TO REDUCE THE SIZE OF A CANYON FILL
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The cost of purchasing and installing the geogrid reinforcement materials is usually minor
when compared to the direct, measurable construction cost savings. Indirect benefits can also
result from Landform Contour Grading such as the production of more useable land. The natural
appearance of Landform Contour Grading also tends to increase both the land values and

of a development. Another important indirect benefit of Landform Contour
Grading is that more reliable slope performance is possible. Properly selected geogrids provide
long-term durability of slopes even if the slopes are neglected and abused. For example, high
density polyethylene (HDPE) geogrids are relatively immune to chemical and biological
degradation and are indigestible to burrowing rodents. Geogrid reinforced slopes can be designed
to resist erosion even if they are saturated from overwatering, as frequently happens.

DESIGN OF LANDFORM CONTOUR GRADED SLOPES

The design process for landform contour graded slopes has only a few differences from
that used for conventional fill slopes. The primary difference is the treatment of the geogrid
reinforced section. The overall process begins with a geotechnical investigation which identifies
maximum safe angles and heights for unreinforced fill slopes. In addition, preliminary
reinforcement layouts are identified for steeper slopes (typically up to 1H:1V). Based on the
results of the geotechnical investigation, the land planner and civil engineer incorporate multiple
slope gradients and slope contouring into the master plan for the development. The reinforced
and compound slope sections are analyzed for specific geogrid requirements. The slope
reinforcement layout, details and specifications become part of the construction documents.

In areas requiring reinforcement, the goal of a comprehensive design is to determine the
type, length, and spacing of geogrids to achieve a safe slope. A safe slope is quantified by the
factor of safety against sliding along some critical slip surface. Depending on the final slope
conditions, slopes may require only surficial reinforcement or both surficial and global
reinforcement.

A significant amount of information has been published which describes the analysis of
slopes reinforced with geogrids, the mechanisms of geogrid reinforcement, and the field and
laboratory base used to develop design methods (Christopher et al. 1990 and Mitchell and Villet,
1987). Consequently, the following discussion is an overview of the design process.

The required design parameters for reinforced slope sections are: 1) the slope geometry,
2) the soil strength properties of the fill and in-place soils, 3) the tensile and soil interaction
properties of the geogrid, and 4) the performance criteria of the slope. The performance criteria
are usually defined by acceptable safety factors and long-term durability of the geogrids. Current
state-of-the-practice designs utilize soil es and reinforcement properties developed by
extensive laboratory testing. A discussion of important properties for geogrids is presented in
the Case Study section.
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Analyses of safety factors (slope stability) are generally accomplished by computer.
Sound geotechnical engineering practice is utilized to select the type of analyses required for each
application. Failures of slopes can occur by several mechanisms: 1) rotational slides generally
modelled as cylindrical surfaces and analyzed by a "Simplified Bishop" type equation, 2) wedge
failures and general failure surfaces modelled by one or more linear surfaces and analyzed by
a "Janbu" type method, and 3) long translational slides modelled as infinite slopes. These
analyses generally result in a computed factor of safety, which is the ratio of the forces (or
moments) resisting failure and those forces (or moments) tending to cause shear failure along the
assumed slip surface.

Many slope stability computer programs have incorporated geogrid reinforcement. The
geogrid reinforcement is considered to be an additional resisting force where it crosses the slip
surface. The design tensile capacity is the lesser of the allowable tensile strength of the geogrid
and pullout resistance of the geogrid where it is embedded behind the failure surface.

Slope sections requiring reinforcement should be analyzed for both surficial and global
stability. Surficial stability is usually modelled as a long, downslope translational slip plane of
some finite depth, usually less than 1.3 meters. The soil above the slip surface is assumed to be
saturated, and an adequate spacing and length of surficial or secondary geogrids is specified to
resist failure. A method of analyzing surficial stability of reinforced slopes in presented by
Thielen and Collin (1993).

In addition to stability issues, surface erosion should be considered. Surface erosion is the
degradation of the slope face by external forces such as flowing water, blowing winds, and
trafficking or boring by animals. These conditions can be exacerbated by seasonal wetting and
drying cycles that may loosen the outer several centimeters of surface soils. Current practice for
reinforced slopes is the same as for unreinforced; that is, to vegetate the slope with ous
plant species that will resist erosion and maintain consistent soil moisture.

Although internal stability and erosion should be treated separately during design, they can
affect one another. Slope face erosion can accelerate surface water intrusion, resulting in a
saturated condition. A saturated condition at the slope face results in reduced surficial stability.
Conversely, geogrids placed in the outer several meters of the slope for surficial stability can
enhance erosion control by preventing the formation of surface rills.

Surficial reinforcement of the slope face of otherwise stable fills is finding increased
acceptance on large hillside grading projects. Surficial reinforcement of fill slopes with geogrids
is being used by some prudent Southern California hillside land developers to reduce their
exposure to the long-term liabilities associated with slope failures. Some geotechnical consultants
and engineering contractors, as part of their risk management program, are encouraging their
clients to surficially reinforce all of their fill slopes.
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CASE STUDY - SPANIS  ILLS GOLF AND COUNTRY CLUB

ub is located in
Co 1,5 m? of hillside i
18 club house, 151 estate lots and 2 condominium

sites. The grading improvements were started in November of 1990 and were completed in
November of 1992.

The project presented a tremendous grading challenge due to an 80 meters high hillside
dissected by 11 steep canyons. Adding to that challenge were fault zones and associated tectonic
features that traversed the site as well as a bedrock structure that contained out-of slope bedding
planes with weak seams. The original grading plan for this project utilized very high
conventional 2H:1V perimeter slopes with horizontal terrace drains every 9 meters vertically.
In addition, most of the perimeter slopes would have required large shear keys of up to 25 meters
deep and over 65 meters wide. Crib-type retaining walls were proposed at numerous locations
within these slopes in order to yield enough useable land for an economically viable project.

This original plan was rejected because of political, economic, aesthetic and geotechnical
considerations. The City and adjacent land owners would have objected to the unnatural
appearance of high, conventional slopes and walls. Furthermore, the regimented appearance of
these slopes would have created a marketing and public relations problem for the project. Lastly,
the geotechnical consultant discovered that the slopes with the crib walls did not produce
acceptable factors of safety.

Conventional engineering solutions to these problems such as flatter slopes, larger walls,
and soil-cement or lime-treated buttresses were not feasible. Flatter slopes would have eliminated
32 estate lots or required the purchase of a tremendous amount of off-site acreage. Larger walls
would have been unsightly and uneconomical. Soil-cement or lime-treatment was not only
uneconomical but would have made it difficult to landscape the slopes.

Landform Contour Grading proved to be the only viable solution. A total of 29 reinforced
slopes were contoured both horizontally and vertically. A maximum slope gradient of 1H:1V
was used. The highest compound slope, having variable gradients of between SH:1V and 1H:1V
was 41 meters high. The highest 1H:1V slope section was 20 meters high and 550 meters in
length. All slope sections steeper than 2H:1V utilized primary reinforcement layers of HDPE
geogrids. Intermediate reinforcement consisted of layers of polypropylene geogrids. All of the
walls were eliminated by the reinforced slopes.

Landform Contour Grading dramatically reduced the environmental and visual impacts of

the perimeter slopes. Also, many of the project’s interior slopes, including those surrounding the
golf course, utilized steep reinforced slope sections to produce aesthetically pleasing final grades.
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The ability to produce steep slopes also provided an economic solution to the adverse
bedding plane problems. By placing the 1H:1V sections near the toes of the fills that buttressed
against the bedding planes, the sizes of the shear keys were reduced dramatically. This is due
to the higher shear resistance in the shear keys that was obtained by increasing the height of the

er the shear The on th 45

wide. It wa ated ntour ear
key construction.

A typical analysis cross section through a reinforced project slope is shown in Figure 4.
The section shows the slope geometry, the geogrid elevations and lengths, the soil properties, and
information about the design slip surface. Two types of analyses were conducted to determine
the type, spacing, and length of geogrids required for the slopes: circular global stability analysis
and surficial stability analysis. These analyses were conducted following the guidelines discussed
in the previous section on design. In addition, finite element analyses were conducted to evaluate
the deformation of the largest reinforced slope (Chandra and Lay, 1992 and Bray et.al., 1992).

'CRITICAL CIRCLE DATA"
CENTER AT (315,343)
RADIUS = 240

SAFETY FACTOR = 151

208 (146,191) GEOGRID LEGEND:
5 —— Ux%gge HDPE GEOQGRID
--- UX1500 HDPE GEOGRID
188 | (189,170)
(197,170)
160 5
| (255,141
140 1 (261,139
4 VERTICAL (269,135)
120 SPACINGS 1
2' VERTICAL
100
OM ORID AT EL. 105
80 ALL SOILS
¥ = 123 PCF | ft = 8305 m
@ = 38 DEGREES | psf = 4788 N/m2
C = 130 PSF I pcf = 157.1 N/m3

Figure 4. TYPICAL COMPUTER MODEL CROSS SECTION FOR A CONTOUR
GRADED SLOPE AT SPANISH HILLS
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Geogrids were required to meet the following selection criteria: 1) they had to be capable
of developing the required long-term allowable design tensile strength, 2) they had to have high
soil interaction to develop pullout resistance over a reasonable length, 3) they had to have long-
term durability in order to meet the design assumptions over the life of the slopes, 4) they had
to resist construction induced damage, and 5) they had to be suitable for the large scale, high
production earthwork operations that were employed on this project.

The specifications for the geogrids were based on testing standards established by both
ASTM and the Geosynthetic Research Institute (Koerner and Wilson-Fahmy, 1991). These
standards included evaluation of tensile strength, long-term creep, soil interaction, chemical and
biological on, construction induced damage, and susceptibility to ultraviolet light.

The requirement that the geogrids be suitable for large-scale earthwork projects was very
important. The geogrids had to be capable of storage in staging areas for sustained periods of
time without losing strength. Furthermore, the geogrids had to be capable of withstanding traffic
by large rubber tired construction equipment g directly on the geogrid. The geogrids had
to be stiff enough to retain their shape when compacted in fills and not conform to local
irregularities in the fill surface. Based on the selection criteria, HDPE primary geogrids and
polypropylene secondary geogrids were used. A typical as-built section of a constructed slope
is shown in Figure 5.

CONCRETE LINED
TERRACE DRAIN

UNIAXIAL GEOGRID

EL. 297, 16 FT. LONG PINNED TO SLOPE

EL. 293, 33 FT. LONG INTERMEDIATE BIAXIAL GEOGRID-
1 FT. VERTICAL SPACING
EL. 289, 40 FT. LONG (TYPICAL)

EL. 285, 4@ FT. LONG

EL. 283, 48 FT. LONG
EL. 281, 4@ FT. LONG 12" DEEP ANCHOR TRENCH

TOP AND BOTTOM

LEGEND:

— — UX150@ HDPE UNIAXIAL GEOGRID
~—- UX1400 HDPE UNIAXIAL GEOGRID
—-- BX118@ BIAXIAL GEOGRID

ELEVATIONS GIVEN IN FEET
1 ft = 8305 m
1 in = 254 cm

Figure 5. CONSTRUCTION DETAIL OF CONTOUR GRADED SLOPE FOR SPANISH HILLS
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The most complicated and critical component of constructing the landform contour graded
slopes and shear keys on this project was not the handling or placement of the geogrid materials,
it was the earthwork logistics planning and design. To control potential catastrophic failures in
the very high and steep temporary construction slopes associated with corrective , the
earthwork operations had to be carefully phased. To control earthwork construction costs and
to maintain production when placing the geogrids, the construction equipment had to be
temporarily assigned to other sectors of the job. If reinforced fill areas were not available,
sections of the unreinforced fills were constructed adjacent to the reinforcement materials
placement zone in order to keep the equipment working. In severely restricted areas, temporary
waiting periods were sometimes unavoidable and had to be factored into the earthwork costs and
logistics design.

The specific construction methods for using HDPE geogrids to construct landform contour
slopes at the Spanish Hills project were as follows:

1) After the geogrids had been delivered to the job site storage area by the manufacturer,
they were unrolled and pre-cut to specified lengths. The lengths and placement of a
specific grade of geogrid was controlled by a geogrid schedule ("cut sheet") developed by
the contractor from the approved reinforcement plans.

2) After the geogrids had been pre-cut, they were re-rolled, marked and stacked in order
for delivery to the work area. Two laborers were required for pre-cutting.

3) The geogrids were delivered to the work area on a flat bed truck and rolled out in the
predetermined order onto the prepared, tested and approved subgrade. This on
usually required 2 or 3 laborers.

4) Fill materials were dumped at the work area by 30 m> wheel tractor-scrapers
(scrapers). The scrapers were not allowed to turn or exceed 16 kilometers per hour while
traveling directly on the geogrids. This is illustrated in Figure 6. Whenever possible, the
fill materials were pre-watered and mixed in the excavation area before delivery to the
reinforcement work zone.

5) Each lift of fill was spread in 15 to 20 centimeter thick lifts, mixed and compacted by
wheel tractors (rubber-tired dozers), motor graders, track-type tractors (dozers) and
s to of of the in with
D1 ed tor). fo m>,
Tracked-type equipment was not allowed to operate without a minimum of 0.3 meters of
soil cover on the geogrids. Figure 7 shows geogrids in place and fill being spread over
them.
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Figure 6. SCRAPER DUMPING FILL SOIL ONTO GEOGRIDS

Figure 7. FILL SOIL SPREAD ONTO GEOGRIDS
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6) Vertical elevations were checked every 0.6 meters in vertical height to insure that the
geogrids were being placed in accordance with the plans and specifications. Also,
frequent grade checking and staking were required to control the variable horizontal and
vertical angles of the landform contour graded slopes.

7) At the request of the City, a lightweight geogrid was placed directly on the face of the
reinforced slope sections. This geogrid was pinned to the slopes with landscape staples
or attached to the reinforcement geogrids using hogrings.

Figure 8 shows a completed landform contour graded slope, just prior to revegetation.

Figure 8. COMPLETED LANDFORM GRADED SLOPE PRIOR TO REVEGETATION

The corrective grading quantities on the project totaled 7,952,000 m°> including the
removal and recompaction of 1,835,000 m” of alluvium, colluvium and other compressible
materials, 1,147,000 m” of landslide removals, 1,912,000 m> of overexcavation to prevent
differential settlement and 3,058,000 m3 of shear key and buttress fill construction. The general
excavation quantity was 5,200,000 m°>. The combined grading quantities were 13,152,000 m°.
In addition, over 40,000 m2 of nonwoven geotextiles were installed for subdrains in the canyon
fills, shear keys and buttress fills. In excess of 314,000 m? of primary HDPE uniaxial geogrids
and over 117,000 m? of secondary polypropylene biaxial geogrids were used in the reinforcement
of shear keys, buttress fills and the steep portions of the landform contour graded slopes.
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Sukut Construction, Inc. was the earthwork design consultant, contractor and

engineering construction manager. Midstate Engineering was the project Civil Engineer.

The project geotechnical consultant was Leighton and Associates, Inc. Design of the reinforced
slope sections was by Tensar Earth Technologies, Inc. and David Evans & Associates.

CONC SIONS

1. Landform Contour Grading that incorporates geogrid reinforcement to produce a variety of
surface ts can be utilized to construct natural-looking slopes. The variation of vertical as
well as horizontal grades in a development can produce an attractive alternative to the traditional
uniform slope and terrace construction.

2. Landform Contour Grading, incorporating steep slopes can mitigate the environmental and
visual impacts of hillside developments. This is most easily illustrated by a traditional canyon
fill that can be steepened to significantly reduce the amount of natural canyon that is impacted
by the fill.

3. Landform Contour Grading that utilizes steep slopes can result in the benefit of more useable
land. The additional land can be used for development or open space.

4. Landform contour graded slopes reinforced with geogrids can be a practical and cost effective
solution to engineering and geotechnical problems on hillside land development projects.
Geogrids are being used to replace soil-cement and lime reinforcement materials for shear keys,
buttress fills and steep slopes. These geogrid reinforced slopes can be revegetated. Steep
reinforced slopes can be utilized to provide additional weight over slope shear keys.

5. Landform Contour Grading projects that incorporate geogrid reinforcement can be constructed
with conventional equipment and easily modified construction methods.

ACKNO EDGEMENTS
The authors acknowledge the cooperation of Spanish Hills Development

Company and the editorial assistance of Linda Adams, Mike Crawford, Margaret Herley, Jerry
Pabbruwee, Mary Ann Schulte, Myron Sukut, and Steve Sukut, all with Sukut Construction, Inc.

R ERENCES
1 Christopher, B.R., Gill, S.A., Giroud, J.P., Juran, I, Mitchell, J.K., Schlosser, F. and
Dunnicliff, J., "Design and Construction Guidelines for Reinforced Soil Structures -

Volume 1" and Summary of Research - Volume II," Report No. FHWA-RD-89-043,
Federal Highway Administration, U.S. Department of Transportation, 1990.

Geosynthetics '93 - Vancouver, Canada - 279



2. Mitchell, J.K. and Villet, W.C.B., "Reinforcement of Earth Slopes and Embankments",
National Cooperative Highway Research Program Report No. 290, Transportation
Research Board, Washington, DC, 1987.

3. Chu, D. and Poormand, I., "Reinforcement of an Earthen Buttress with a Polymer
Geogrid", San Diego, Vol. 1, February
1989, p.p. 243-254.

4, Thielen, D.L. and Collin, J.G., "Geogrid Reinforcement for Surficial Stability of Slopes",
Geosynthetics '93 Conference, Vancouver, British Columbia, March 1993.

5 Bray, J.D., Boulanger, R.W., Chew, S.H., and Seed, R.B.,"Finite Element Analysis in
Geotechnical Engineering",
, ASCE, Dallas, Texas, February 1992.

6 Chandra, D., and Lay, G., "Performance of a Geogrid Reinforced Slope on Compressible
Foundation",
Boise, Idaho, April, 1992.

7. Koerner, R.M. and Wilson-Fahmy, R.F., "Application of Geogrids - Volume 1", Report

No. FHWA-PA-91-003+90-17, Federal Highway Administration, U.S. Department of
Transportation, Pennsylvania Department of Transportation, 1991.

280 - Vancouver, Canada - Geosynthetics '93



New Construction Techniques Jor the Facing of Very Steep Geogrid
Reinforced Soil Slopes

C.W. Thompson IV
Contech Construction Products Inc., USA

J.S. Bailey I
Tensar Earth Technologies Inc., USA

ABSTRACT

Construction of geosynthetic reinforced slopes steeper than 1.0 horizontal to 1.0 vertical (1H:1V)
has previously been a difficult task as most soil cannot be compacted to hold an angle steeper than 45
degrees. By using a geotextile wrapped face and wooden form work a very steep slope can be built.
This method is tedious and the resulting slope face has an unnatural stepped appearance sometimes not
aesthetically compatible with natural looking landscaping.

An economical and aesthetically pleasing alternative to a stepped geotextile wrapped slope facing
is a slope face built using prefabricated welded steel wire fabric forms and polymer geogrid to retain a
natural rock or vegetated face.

This paper will discuss the design and construction of the facing of two 0.5H:1V geosynthetic
reinforced slopes built in 1991. W4.0 gage black steel welded wire fabric was formed into light-weight
two sided forms used to compact against in the same way wood forms are used in traditional
geosynthetic wrapped walls. Wire struts placed on 30 to 60 centimeter (1.0 to 2.0 foot) centers were
used to hold the forms to the specific slope angle required for these two projects. Geogrids stabilized
against ultra-violet light degradation were wrapped inside of the forms to retain a stone facing in one
project. In the other project a lightweight geotextile was wrapped inside of the geogrid to temporarily
retain the soil at the slope face until grass vegetation was established.

INTRODUCTION

Conventional grade separation structures have typically been poured concrete cantilever retaining
walls with stable unreinforced soil slopes above the walls. Many of these structures could be
economically replaced with steep geosynthetic reinforced soil slopes. Constructing permanent facing
systems for steep geosynthetic reinforced slopes can be difficult. Synthetic erosion mats or blankets
have been used successfully to stabilize reinforced steep slope faces with angles of repose up to 1H:1V
(45 degrees from horizontal). For slopes steeper than 1H:1V special considerations usually need to be
made in order to insure proper compaction and prevent sloughing or erosion at the slope face. This
paper will discuss two projects where 0.5H:1.0V slopes (63.4 degrecs from horizontal) were
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successfully constructed using a geogrid wrapped face with pre-fabricated welded wire forms to aid in
maintaining proper alignment during compaction.

PITTSBURGH, PENNSYLVANIA LANDSLIDE REPAIR - VEGETATED FACING

In 1988 the top half of an existing 1.25H:1.0V slope approximately 9.1 m (30 ft.) high
and 46 m (150 ft.) long failed leaving a homeowner with virtually no usable back yard ( Figure 1). After
consideration of repair options ranging from constructing a poured-in-place concrete retaining wall to
"do nothing", a two tier geogrid reinforced 0.5H:1V vegetated slope was chosen by the owner and
engineer because of aesthetics and cost. The two tier profile (Figure 2) would allow for the creation of
an intermediate plateau while avoiding disturbing an existing sewer line. The project was designed by
GeoMechanics, Inc. of Elizabeth, Pennsylvania.

The project was designed using Bishop's method of slope stability analysis modified to
incorporate reinforcement within the soil structure. The design factor of safety for global stability
achieved in this analysis was 1.5. The designer specified 15 layers of HDPE structural geogrids placed
every 62 cm (2 ft.) vertically as the slope was constructed in compacted soil lifts. The structural
geogrids specified had a creep limited strength of 30 kN/m (2000 1b/ft). The maximum geogrid
embedment length into the soil slope was 6.2 m (20.5 ft.).

The facing detail used in this design called for the HDPE geogrids to be wrapped around the face of
the slope fill to prevent soil sloughing and erosion. The HDPE geogrid was specified for the structural
face wrap due to its excellent chemical durability and weathering resistance. The HDPE geogrid
contained approximately 2.5% carbon black to aid in resistance to ultra-violet light degradation until
vegetation could be established to shade the geogrid. A light weight non-woven geotextile was placed
immediately behind the geogrid wrap to temporarily retain soil fines until vegetation (placed by hydro-
seeding) took hold.

Construction of the geogrid wrapped slope face was aided by the
use of welded wire forms as shown in Figure 3. Unlike the welded wire fabric used in the Hilfiker and
other systems as permanent facing and reinforcement, the welded wire forms were used here only as a
construction tool and have no long-term structural value. The forms were prefabricated at a 0.5H:1V
slope angle.

The slope face was constructed in the following sequence:

1. Reinforcing geogrid is extended out approximately 1.5 m (5 ft.) from slope face. This geogrid "flap"
will later be wrapped around a form to confine soil fill (Figure 4).

2. A welded wire form is placed on top of reinforcing geogrid at the slope face.

3. Needle punched non-woven geotextile wrap is placed inside of the welded wire form.

4. Support strut clips are punctured through the geotextile on 30 to 60 cm (1.0 to 2.0 ft) centers and
attached to welded wire form to hold slope angle during construction.

5. Soil is compacted in specified 20 cm (8 in.) lifts to top of baskets. Hand operated compaction
equipment is to be used within 1m (3 ft.) of slope face.

6. Geogrid "flap" from geogrid mentioned in step 1 is wrapped around wire form.

7. Repeat with next layer of grid at step 1.
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Figure 1. Pittsburgh Slope Failure Prior to Repair
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Figure 2. Geogrid Reinforced Slope Cross Section
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Conclusion. The final constructed slope (Figures 5,6,7) allowed for an estimated 50% savings versus a
poured-in-place concrete wall. Vegetation was established within one year of construction (Figures
8,9,10).

MIDDLETOWN, NEW YORK FILL SLOPE - STONE FACE

Site plans for this project were developed by Wehren Associates and called for several
retaining walls and reinforced fill slopes to be constructed to allow for parking areas for a large
shopping mall. The project was bid with reinforcement design for walls and slopes to be provided by the
contractor. Contech Construction Products supplied the geogrid reinforcement and design by Tensar
Earth Technologies, Inc. The project involved geogrid reinforced vertical walls and geogrid reinforced
steep slopes. A portion of the reinforced slopes required a very steep 0.5H:1V slope angle and abutted
New York State Route 84. This slope was to be approximately 6 m (20 ft.) high and 61 m (200 ft.) long.

The owner desired a natural looking rock face for the 0.5H:1V slope. The factor of
safety for global stability required on this project was 1.3. A modified Bishop's slope stability analysis
yielded a requirement of 14 HDPE geogrids approximately 4.5 m (15 ft.) to reinforce the soil fill slope.
The HDPE geogrids specified had a creep limited strength of 21 kN/m (1400 1b/ft). These primary
reinforcement geogrids were placed at vertical intervals corresponding to one half the height of a
welded wire form (22.5 cm or 9 in). Polypropelene (PP) geogrids with apertures measuring 2.5 cm (1
in) x 3.3 cm (1.3in) were used to confine and wrap the rock face. The PP geogrids were manufactured
with 2% carbon black to stabilize the polymer against ultra-violet light degradation. This PP geogrid
was selected for the wrap of the rock face due to low cost, small aperture size, and the fact that this
material is manufactured in large rolls which could be more efficiently installed than smaller primary
HDPE reinforcing geogrids. A non-woven geotextile was used as a filter between the backfill soil and
the veneer of rock at the slope face (Figure 11).

Construction of the geogrid wrapped slope face was aided by the
use of welded wire forms as shown in Figure 11.

The slope was constructed in the following sequence:

1. Place first lift of welded wire forms on prepared foundation.

2. Place PP geogrid inside of wire form leaving a 1.32m (4.05ft.) flap over face temporarily. Roll out
geogrid parallel to wall face.

3. Place primary HDPE geogrid rolled out perpendicular to wall face at lifts shown on drawings.

4, Attache support strut clips to welded wire form to hold slope angle during construction.

5. Place 4 cm (1.5 in.) + stone into forms a minimum of 30 cm (1 ft.) behind slope face.

6. Place nonwoven geotextile behind stone.

7. Place backfill adjacent to stone and compact. Use light weight hand operated equipment within 1 m
(3 ft.) of wall face.

8. Wrap geotextile and geogrid around compacted lift and place next layer of welded wire forms.

9. return to Step 2.
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Figure 5. Completed Geogrid Wrapped Slope Prior to Vegetation
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Figure 6. Geogrid Wrapped Slope Face Close Up

Figure 7. Geogrid Wrapped Slope Prior to Vegetation
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Figure 8. Vegetated Slope Face
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Figure 10. Vegetated Slope Face Eight Months After Construction
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Figure 12. Geogrid Wrapped Rock Slope Face Close Up

Figure 13. Completed Geogrid Wrapped Rock Faced Slope
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Figure 14, O.5H:1.0V Rock Face Slope Wrapped With Biaxial Geogrid
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Conclusion. The final constructed slope has an attractive appearance similar to gabions and is an
economical option to conventional grade separation structures (Figures 12,13,14). The PP geogrid face
wrap proved to be more workable for constructing a face wrap then did the HDPE geogrid used in the
Pittsburgh project described above.

CONCLUSION

Both vegetated face and stone faced geogrid slope wrapping techniques are economical and
constructible steep slope facing methods. The utilization of pre-fabricated welded wire forms greatly
aids in efficiently constructing a very steep slope by easing compaction efforts and holding the required
slope angle. Both projects were designed for 100+ year design lives. Only time can determine the long-
term durability of each facing system in the two projects described.
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Hubrey Road: A Geosynthetic Reinforced Embankment Constructed on a Soft
Organic Deposit

B.L.J. Mylleville
Golder Associates Ltd., Canada

R.K. Rowe
University of Western Ontario, Canada

ABSTRACT

A section of a full-scale reinforced embankment constructed on a soft compressible
organic deposit was instrumented. Using information obtained from a program of field
monitoring together with engineering properties of the soils obtained from laboratory tests,
stage I construction was back-analyzed using the finite element method. The results of the
analyses are shown to be in very good agreement with the observed performance of the
instrumented section. In addition, comments are made regarding the performance of this
instrumented section in relation to earlier published recommendations.

INTRODUCTION

This paper briefly summarizes a study which was undertaken to examine the behavior
of a geogrid reinforced embankment constructed on a soft, compressible organic deposit.
Factors discussed include the geotechnical investigation, the instrumentation, and the
monitoring program. In addition, the back-analysis of the embankment will be described
and the calculated and observed behavior at the instrumented cross-section will be
compared.

The site of the embankment is located just south of the intersection of Hubrey Road
and Wilton Grove Road in the Town of Westminster, County of Middlesex (which is located
just outside the City of London in Ontario, Canada). As part of the general Hubrey Road
Reconstruction project, an embankment fill was constructed to traverse a very wet swampy
area, providing a direct link between Hubrey Road to the south of the site and Highway 126
to the north.
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SI CONDITIONS

The Hubrey Road embankment site is located in the physiographic area of
southwestern Ontario referred to as the Ingersoll Till Moraine (Chapman & Putnam, 1984).
During the retreat of the last glacial ice sheet, large blocks of ice were deposited on the
surface of the tills and overlying alluvial outwash to form the moraine as it presently exists.
These large ice blocks subsequently melted to form isolated waterfilled depressions. The
lack of any continuous deep drainage of these waterfilled depressions resulted in the
deposition of considerable depths of peat and organic silts.

In the winter of 1989, the site was cleared and tree stumps and brush were close cut.
In August of 1989, three boreholes (U1, U2 and U3) were drilled at the location of the
proposed instrumented section as shown on Figure 1 to supplement previous investigations.
Samples for classification and laboratory testing were obtained using 70 mm diameter thin-
walled, open Shelby tubes and 150 mm diameter thin-walled, piston Shelby tubes.

In general, the soil stratigraphy at the instrumented section consisted of 1.8 to 1.9 m
of soft to firm black fibrous peat, underlain by 2.2 to 2.4 m of very soft, tan colored organic
silt with numerous shells, which is in turn underlain by 0.4 to 0.6 m of soft fine organic silt
with no noticeable shells and an almost jelly-like texture. Fine to medium sands and firm
sandy silts with some clay were encountered below the organic silt. At the time of the
investigation, the water table was located approximately 0.44 to 0.48 m below the existing
ground surface.
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Figure 1. Plan Location of Instrumented Section (Chainage 0+740)
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The black fibrous peat had a water content which ranged between 250 and 700%.
The organic content of the peat was found to lie in the range between 76 to 90% (as
determined by ASTM Standard D2974). The very soft organic silt which underlies the peat
had a lower water content, typically ranging from 250 to 480%. Compared to the peat, the
organic silt had a significantly lower organic content, typically ranging from 13 to 34%. The
organic silt consisted of approximately 60% silt size particulate with the remaining 40%
being made up of fine to medium sand, some shells and organic matter.

EMBANKMENT CONSTRUCTION

Several options are available to facilitate embankment construction on very soft
compressible foundation soils such as peats and organic silts. One option would be to
completely subexcavate the poor foundation soils and replace them with suitable granular
fill. Complete subexcavation and back-filling was considered to be impractical in this case
because of the quantity of peat and organic silt which would have to be removed. Another
option would consider construction directly on top of the poor foundation using lightweight
fill (e.g. wood chips and sawdust). Lightweight fill was not locally available. As a result, it
was decided to construct the embankment directly on top of the poor foundation soil, using
a geosynthetic reinforcement to aid in constructibility, as well as, help maintain embankment
stability.

Since the deposit is very soft and a large quantity of fill is required to build the
section of roadway to match the existing grades at either end of the site, it was decided to
place the fill in stages over a period of time. Constructing the embankment in stages allows
time for generated excess pore pressures to dissipate and the soft underlying foundation soil
to gain strength as it is compressed under the weight of the fill prior to adding subsequent
stages. In addition to using stage construction, reinforcement was placed directly on top of
the close-cropped surface of the soft organic deposit prior to adding fill. The reinforcement
selected by the design consultants was an extruded polypropylene biaxial grid reinforcement
with a tensile strength of 19 kN/m and secant modulus (0-2%) of 450 kN/m as determined
by CAN/CGSB 148.1 Method 7.1.

Stage I construction, which is being considered in this paper, consisted of placing 1.5
m of granular fill on top of the geogrid reinforcement. The reinforcement was rolled out
in advance of fill placement, overlapped by 1 m and wired together to avoid excessive
movement during fill placement. The direction of fill advance was from south to north.

INSTRUMENTED SECTION
In order to monitor the behavior of the embankment fill during and after stage I
construction, instrumentation was installed at a section located at chainage 0+740 (see also

Figure 1). The arrangement of the instrumentation installed at the section is shown on
Figure 2.
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Figure 2. Arrangement of Instrumentation at Section 0+ 740

A horizontal profiling system (or profiler tube) was installed in order to obtain a
continuous settlement profile across the entire instrumented section. Settlement plates and
augers were also used to measure vertical movements at several points along the section as
shown on Figure 2. The combination of settlement plates and augers was used to obtain
readings of total settlement and to provide an estimate of the relative proportions of the
total settlement which occurred in the peat and organic silt. Pneumatic piezometers were
installed at the time of the geotechnical investigation in order to monitor the development
of excess pore pressure during construction (and subsequent dissipation) in both the peat
and organic silt. Strain gauges were attached to individual ribs of the geogrid as a means
of determining the magnitude of strains which were developed in the geogrid reinforcement
transverse to the road alignment.

RESULTS OF FIELD MONITORING

The observed settlement profiles at the initial end of construction (September 12,
1989) and at the end of stage I construction (August 21, 1990), just prior to stage II
construction are shown on Figure 3. At the initial end of construction, the maximum
settlement was 0.49 m and the average settlement across the section was 0.28 m. Due to
variability of the deposit, more settlement occurred on the west half of the section (see
Figure 3). The maximum settlement at the end of stage I construction (i.e. August, 1990)
was 1.5 m and the average settlement across the section was 1.1 m, again with more
settlement occurring in the west half of the section. Given the variability of the organic
deposit and the fact that the settlement plates were not located directly on top of the
profiler tube, the settlement measured using the profiler tube is considered to be in very
good agreement with values obtained using settlement plates (see Figure 3).
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Figure 3. Settlement Profiles at the Instrumented Section

The dip in the settlement profiles shown on Figure 3 is considered to be partly the
result of considerable concentration of construction traffic to the central region of the
section and partly due to the additional fill thickness in that region. The contractor did add
some fill to relevel the surface after the end of the initial construction and hence the
average fill thickness across the section at the initial end of construction was 1.46 m as
compared to 1.76 m at the end of stage I construction.

Figure 4 shows a plot of excess pore pressure versus time for the three pneumatic
piezometers located at the centreline, for a sixty day period starting the day before
construction. The actual depths at which each piezometer was installed beneath the ground
surface are shown on Figure 4. As one would expect, the excess pore pressures increase
rapidly when the fill is placed over the section and then gradually decrease as the excess
pore pressures dissipate. What is interesting to note is that the increase in the peat is in the
order of 12 kPa whereas in the underlying organic silt, the increase is much higher, 24 to 26
kPa. Assuming an average fill thickness of 1.55 m over the west half of the section (allowing
for submergence of some fill material below the watertable) and a fill unit weight of 22
kN/m? as measured in the field, the applied load is estimated to be about 31 kPa. The
magnitude of these peak excess pore pressure increases, compared to the magnitude of the
estimate of applied load, suggests that at the end of construction, although not truly
undrained, the organic silt is tending to behave in an undrained manner. On the other
hand, the peat response cannot be categorized as truly drained or undrained. This
observation was taken into account in performing short term (end of construction) analyses
described later in this paper.
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Figure 4. Excess Pore Pressure Observations at the Centreline

Figure 5 shows a plot of strains measured at various locations in the geogrid for the
first sixty (60) days of stage I, starting early in the morning on the day fill was advanced over
the instrumented section. Also superimposed on the plot are those readings of strain
measured at the end of stage I construction (21 August 1990). The strains reached a peak
value of strain for each gauge, then decreased slowly with time. This decrease in strain with
time is probably due to some relaxation which occurs as the underlying soft organic deposit
compresses and subsequently gains strength under the weight of the fill and is similar to that
reported by Rowe et al. (1984a,b). The peak strain was generally reached within the first
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Figure 5. Geogrid strains Measured in the Field
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10 days after placement of fill over the section. The peak values of strain measured in the
geogrid ranged between 0.25% and 1.75%. The considerable difference in the strains
measured for the various gauges is in large part due to the highly variable nature of the
organic deposit.

NUMERICAL ANALYSIS

For embankments constructed on soft compressible soils such as peat and organic
silts, it is important to take into account the effects of large deformations. This includes
considering the decrease in compressibility of the soil as the void ratio decreases and the
change in the pore pressure head as points in the soil change their position relative to the
water table. The results presented in this paper were obtained using the authors’ large
deformation adaptation of the program AFENA originally developed by Carter (1985). The
modified program takes into account large strain rotational effects and considers the
generation of excess pore pressure. The large strain modifications in the program are based
on the complete theory for finite consolidation of an elastoplastic soil proposed by Carter
et al. (1979). Instead of analyzing the full development and dissipation of excess pore
pressures using Biot theory, separate analyses were performed for the limiting cases of the
initial end of construction and a long time after construction (end of stage I construction).
Because of space restrictions only the initial end of construction will be considered in this

paper.

Based on the excess pore pressure observations in the field, the initial end of
construction (short term) case was analyzed treating the lower organic silt layer as being
undrained and allowing for partial dissipation of excess pore pressures in the overlying peat
layer. Due to their porous nature, peats typically experience some dissipation of pore
pressures during construction. In principle, it should be possible to calculate the pore
pressure at any time during the construction sequence using appropriate large strain
consolidation theory. However, at present there is insufficient understanding of peat to
allow such an analysis to be meaningfully performed. For example, the large changes in
permeability, including changes in the ratio of horizontal to vertical permeability, both with
position and loading history, have not been satisfactorily quantified even for a limited range
of cases. As a result, the excess pore pressures immediately after construction (end of
construction) were calculated using the following equation,

Au = BAo, (1)
where Au is the excess pore pressure at a point; Ao, is the increase in total major principal

stress at that point; and B is an empirical pore pressure parameter. This parameter, B, was
assumed to vary with depth in the peat and was given by

B (W/Una)*Boa (2)
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where the variation (u/uy,,) was determined using the "end of construction” curve shown on
Figure 6. It should be noted that a limiting isochrone, as shown on Figure 6 (Rowe &
Soderman, 1985), was adopted because of the scarcity of available data. This isochrone is
likely to provide a conservative estimate of the excess pore pressure distribution.

Based on observations of excess pore pressure in the peat at the instrumented section,
the average value of B,,,, was calculated to be 0.36. This calculation assumes a fill thickness
of 1.55 m and a fill unit weight of 22 kN/m3. It is worth noting that this magnitude of B,
is very similar to that reported by Rowe et al. (1984a) for a reinforced embankment at
Bloomington Road in Aurora, Ontario. The method described above was successfully used
by Rowe et al. (1984b) to analyze the Bloomington Road case history, which consisted of
a geotextile reinforced embankment constructed on a deep deposit of highly compressible
peat.

A finite element mesh with 2701 degrees of freedom was used to perform the
analyses. The results of the borehole investigation were used to define the soft foundation
soil profile. The actual fill thickness measured in the field was used in the analyses. To
obtain a reinforcement modulus value (J) to be used in the analysis, a sample of geogrid was
removed from the roll at the instrumented section and a wide strip test (CAN/CGSB-148.1
Method 7.1) was performed in the machine (roll) direction. The value used in the analysis
was J = 450 kN/m, which is representative of the secant modulus in the range 0-2% strain.
Details regarding the program of laboratory testing used to determine the engineering
properties of the various soils and geogrid reinforcement adopted in the analyses are
discussed in detail by Mylleville and Rowe (1991).
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Figure 6. Variation in Excess Pore Pressure With Depth (Rowe & Soderman, 1985)
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Initial End of Construction Settlements

Two separate analyses were performed considering the two values of drained Young’s
modulus obtained from consolidation tests on the peat, namely E’ = 230 kPa and
E' = 130 kPa. Figure 7 compares the observed and calculated settlements of the west half
of the section using a value of drained Young’s modulus E’ = 230 kPa for the peat. The
calculated total settlement of the embankment is in very good agreement with the observed
settlement, except near the centreline. The slightly greater observed (compared to
calculated) settlement at the centreline is considered to be partially due to the concentration
of construction traffic in that area (which was not accounted for in the analysis) and partially
due to uncertainty regarding the drained modulus of the peat. It is noted that the calculated
vertical movement of the peat/organic silt interface is in excellent agreement with the
observed movement of the settlement augers. This suggests that the undrained modulus E,
= 130 kPa adopted in the analysis (based on triaxial test results) is a reasonable value to
estimate the end of construction (short term) behavior of the organic silt.
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Figure 7. Observed and Predicted Settlements of the West Half of the Section at the
Initial End of Construction (Peat, E' = 230 kPa)

The effect of using a lower drained Young’s modulus E' = 130 kPa on predicted
settlements can be seen on Figure 8. The settlements are slightly overpredicted for most
of the embankment except near the centreline, where the agreement is excellent, however
this is considered to be partially fortuitous since it is anticipated that some of the settlement
is due to additional loading from construction traffic. From the foregoing, it would appear
that the drained Young’s modulus E’ of the peat does lie between 130 and 230 kPa, as
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suggested by the laboratory data, and is probably closer to the lower end of this range.

Figure 9 shows the distribution of calculated strain in the geogrid with position from
the centreline (for the west half of the section). Two curves are shown from analyses
performed assuming an undrained shear strength profile (based on field vane tests) for the
organic silt of ¢,, = 4 kPa and p. = 2 kPa/m (where ¢, is the surface undrained shear
strength and p, is the rate of increase in shear strength with depth), with one curve for each
of the two drained Young’s moduli considered to bracket the modulus of the peat, namely
E' = 130 kPa and B’ = 230 kPa. Also superimposed on the plot are the strains measured
for strain gauges SG2 to SG6 at the initial end of construction. In terms of the calculated
strain in the reinforcement, the Young’s modulus of the peat had very little effect on the
magnitude of the strains for the values of modulus considered. This is not surprising since
this wide embankment is settling in more or less a one-dimensional manner with very little
lateral movement. This also accounts for the relatively low magnitude of calculated strains;
in this case less than 1.75%. The maximum calculated strain is developed near the edge of
the embankment because displacement conditions change from one-dimensional beneath
the embankment to two-dimensional (vertical and horizontal movement) near the edge. The
actual measured strain values superimposed on Figure 9 show the same trend as the
theoretical values if one considers gauges SG4, SG5 and SG®6.
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Figure 8.  Observed and Predicted Settlements of the West Half of the Section at the
Initial End of Construction (Peat, E' = 130 kPa)
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Figure 9.  Calculated and Measured Geogrid Strains at the Initial End of Construction

As can be seen from Figure 9, the calculated and measured strains in the geogrid are
low at the instrumented section. Although the geogrid was not being loaded to its capacity
at the section under investigation, it is considered to have contributed to embankment
stability during construction by carrying some of the tensile stresses developed in the peat.
The geogrid is considered to have been more beneficial at other softer areas at the site.
This is best illustrated by examining the third curve shown on Figure 9 which was obtained
from an analysis assuming lower strength parameters for the organic silt (which might
approach those at a softer section) namely, ¢,, = 3 kPa and p. = 0.5 kPa/m, together with
a value of B, = 0.70 for the peat (simulating a faster construction rate). Clearly, the
geogrid develops considerably more strain (as can be seen on Figure 9) and hence should
contribute more significantly to embankment stability.

COMPARISON OF BE OR WITH PUBLISHED RECOMMENDATIONS

In general, it is not practical to construct embankments at a rate so slow that no
excess pore pressures develop in the underlying soft organic soil. Rowe and Soderman
(1985) discuss the importance of considering the magnitude of excess pore pressures
generated during the construction of embankments on peat. They recommended that the
construction rate be controlled such that B, (which is the ratio of maximum excess pore
pressure to applied load; in this case near the bottom of the peat) is less than or equal to
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0.34. Serious problems may occur if the embankment is constructed at a rate such that B,
is substantially greater than 0.34. For the instrumented section (chainage 0+740) at Hubrey
Road, B, values of 0.34 (at the centreline) and 0.38 (offset 13.5 m west of centreline) were
calculated for the two pneumatic piezometers located near the bottom of the peat layer.
These values are of the same order as the maximum recommended by Rowe and Soderman
(1985). There was no evidence of problems in the vicinity of the section during construction.

During construction of the second half of the embankment fill in the north half of the
site (in May of 1990) problems did occur. A second instrumented section was installed at
chainage 0+600 in the north half of the Hubrey Road site. During construction, a large
rotational failure occurred in a matter of 10 minutes, encompassing at least half of the 42
m crest width embankment. The dish shaped failure passed directly through the
instrumented section in the direction of fill advance (from south to north). Based on the
pore pressure readings taken just prior to the failure and estimates of applied load due to
the fill, B, wWas calculated to be in the order of 0.70 in the peat. The fact that a large
rotational failure occurred is not surprising since the B,,, measured at the time of the failure
was at least twice the maximum value of 0.34 recommended by Rowe and Soderman (1985)
for the level of reinforcement used. Subsequently, the contractor slowed the construction
rate and fill advance continued using a much smaller bulldozer.

Just prior to the actual rotational failure, measured strains in the geogrid
reinforcement were in the order of 2 to 3%, which is consistent with the calculated values
shown on Figure 9 for an assumed, B, = 0.70 in the peat.

SUMMARY AND CONCLUSIONS

The geotechnical investigation, instrumentation and field performance (stage I) of an
instrumented section of a geogrid reinforced embankment constructed on a very soft
compressible deposit of peat and organic silt has been described.

At the end of construction at the section, the amount of fill added varied between
1.30 m and 1.70 m, averaging 1.46 m across the entire section. Maximum settlements of
0.49 m were measured in the vicinity of the centreline at the initial end of construction. The
peat behavior was neither truly drained nor undrained, whereas the organic silt tended to
behave in an undrained manner (based on an examination of the pore pressure response).
Values of B, equal to 0.34 and 0.38 were measured in the peat indicating that the rate of
construction was generally in accordance with the recommendations of Rowe and Soderman
(1985). Maximum measured reinforcement strains ranged between 0.25% and 1.75%,
illustrating the highly variable nature of the deposit.

Large deformation finite element analyses have been successfully used to back-analyze

stage I construction of the Hubrey Road embankment fill. Analyses were performed for the
initial end of construction (short term) where the initial end of construction situation was
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analyzed allowing partial dissipation of pore pressure in the peat while treating the organic
silt as an undrained material. Parameters for the finite element model were obtained from
laboratory tests and data from an extensive program of field investigation and monitoring.

Calculated initial end of construction (short term) settlements were in very good
agreement with the actual settlements measured in the field. Distributions of calculated
strain developed in the reinforcement were presented for the initial end of construction
(short term). The strains measured in the field straddled the theoretical curves, however
the trend shown by the measured values is in good agreement with theory. In general, the
strains developed in the geogrid were low during stage I construction at the section under
consideration (chainage 0+740). This is not surprising since this wide embankment of low
height is settling in a manner which may be characterized as largely one-dimensional.

The embankment performed well during stage I construction with no signs of stability
problems at the primary instrumented section (chainage 0+740). From a practical
standpoint, the use of the geogrid reinforcement was considered to be most beneficial during
the placement of fill at the instrumented section. During construction, tension developed
in the natural root mat at the surface of the peat, in advance of fill placement, as was
evident from the formation of tension cracks. Some of these tensile stresses which
developed were carried by the geogrid reinforcement and thus helped to maintain
embankment stability during construction by preventing breaking through the stronger root
mat and into the much softer underlying peat and organic silt.

Although not utilized to its full capacity at the instrumented section described, the
presence of the geogrid was considered to be even more beneficial in helping to maintain
embankment stability during construction at other softer areas encountered on the site.
This was illustrated by examining results from analyses which demonstrated how the geogrid
develops more strain and hence should contribute more to embankment stability for softer
areas on the site (assuming a lower strength in the organic silt and faster construction rate).
A failure did occur at a second instrumented section, apparently as a result of an excessive
rate of construction which resulted in the development of excess pore pressures in the peat
approximately twice the maximum recommended by Rowe and Soderman (1985).
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Montana Department of Transportation’s Introduction to Geogrid Use for
Steepened Embankment Design

T.L. Yarger
Montana Department of Transportation, USA

R.S. Barnes
Montana Department of Transportation, USA

ABSTRACT

This paper gives a brief history of the introduction and use of geogrid for
steepened reinforced embankment design on state highways in Montana. Two case
histories are presented along with a brief description of an upcoming reinforced
embankment bridge approach fill project. One project is a small change order in a
highway overlay-widening project which required widening of the roadway over some large
diameter pipes in north central Montana. The more detailed case history project is
two, 18.3m (60 ft) high, 1:1 and steeper geogrid reinforced embankments around the
shore of Dickey Lake in northwestern Montana.

Uniaxial and biaxial geogrid was used to reinforce glacial till fill embankment
materials on the Dickey Lake project. Unique features or considerations were; use of
prefabricated wire forms on slopes steeper than 1:1, overall slope erosion protection
features and the experimental nature of the project which includes slope indicator
monitoring and surface surveying of the completed embankments.

INTRODUCTION

The concept of geogrid use for steepened embankment design was first introduced
to the Montana Department of Transportation at a Northwest Geotechnical Workshop
presentation by the Tensar Corporation in 1984. Since that time the Geotechnical
Section has considered the possible use of geogrid reinforced steepened slopes as an
alternative to retaining walls, shot rock fills or other design features used to save
room or facilitate a highway design.

THE GILDFORD - EAST PROJECT

In April, 1988, an overlay project ready for construction was in need of a
retaining or similar type structure for roadway widening. The need for the structure
was unaccounted for in design because several large diameter culverts in one area had
been omitted in the project survey. These culverts either needed to be lengthened in
order to accommodate the additional roadway width or a retaining structure needed to
be built on top of them. The Geotechnical Section of the Department recommended the
use of a 1:1 steepened slope using geogrid reinforcement. This alternative geometry
fit the conditions for roadway widening without having to lengthen the pipes. It was
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felt that constructing the grid reinforced steepened slopes should be fairly easy.
This feeling prevailed despite a lack of prior experience in the Department as well as
the contractor who was to build the overlay. Considering the alternative of having a
change order which would require another contractor build a retaining wall or lengthen
the pipes, the geogrid was the most logical and economic choice. The most important
characteristics of the project are listed below:

1 Typical design (figure 1) called for cohesionless material, 100% passing
the 152.4mm (6 in) sieve and no more that 15% passing the #200 sieve. The
outer 0.6m+ (2 ft) of embankment was to be constructed of a more topsoil-
like blend of silt/sand/clay to promote plant growth for erosion
protection.

2 Construction issues included:

a. In one area, grid protruded more extensively on the edge of the fill
than is normally acceptable. According to the project manager, this
could have been prevented by making sure that the entire lift and
grid is established on a good foundation. Loose material apparently
had filled a washout missed during the excavation.

b. Placement of the "topsoil" in the outer edge of the embankment
proved difficult. The soil was placed on the pit run gravels and
pushed out over the edge causing loss of material down the slope.

c. Initially it was decided erosion protection was not needed on the
slope. It was found, however, that aggregate was being lost through
the grid because of water erosion. Because seeding could not take
place during construction, a fabric erosion mat was provided to
allow for seeding at a later date.

The final cost of widening the roadway using this method was about $40,000. This
represents a substantial savings over the $100,000+ estimated for extending the
culverts. 1In his final remarks the Project Manager offered this in his report: "In
conclusion, I would like to recommend that this method of construction be used, any
time widening needs to be done on large fills, where the cost of extending culverts or
the cost of embankment would be prohibitive. I would also recommend that f£ill material
be the closest available A-4 or better, instead of using pit run aggregate. Also, any
time the proposed slope is a 1:1 or steeper, embankment protection should be required."

THE DICKEY LAKE PROJECT

Reconstruction of a portion of U.S. 93 around the shore of Dickey
Lake, in northwestern Montana (figure 2), required the use of retaining walls or other
roadway space saving structures to maintain grade and alignment. Global stability
analysis for the two embankment areas requiring retaining structures indicated factors
of safety less than 1.5. A minimum factor of safety of 1.5 is normally recommended by
Montana Department of Transportation (MDT) standards as well as the Federal Highway
Administration (FHWA).

Global stability analysis of a typical section (figure 3) incorporating a
Reinforced Earth-Type wall, with reinforcement strips, indicated higher factors of
safety. This pointed the way towards possible use of a geogrid reinforced embankment
to achieve the required minimum factor of safety of 1.5.

The project site is located in Montana, U.S.A.

on U.S. Highway 93 along the northeast shore of Dickey Lake approximately 40 kilometers
(25 miles) south of the Canadian border. The roadway follows the Rocky Mountain
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FIGURE NO. 2 - OBLIQUE VIEW OF THE DICKEY
LAKE PROJECT LOOKING NORTHWEST
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Trench, a crustal block let down along faults (figure 4). This trench (valley floor)
is covered with glacial debris soils left behind when glacial ice melted about 10,000
years ago. The area is fairly heavily forested. Precipitation averages 50 centimeters
(19.7 inches) per year. Average annual temperature is 6 degrees celsius (43 degrees
fahrenheit).

The glacial till fill borrow and foundation soils on the project area consist of
primarily gravel, sand and silt type soils. Classification and shear strength
properties of these soils for the areas of proposed steepened embankments are
characterized as follows:

a Foundation soils - Generally medium to very dense silty sands, gravels and
gravelly sandy silts.
b Borrow for critical height fills and reinforced embankment construction -

Soils from borrow and cut areas were heterogeneous but dominated by sand
and gravel fractions. Minimum friction angle for design was established
at 34 degrees. Cohesion was set at 0 n/m*2 (0 psf).

Groundwater is active in this area and its presence was confirmed when many seeps
and springs were encountered during construction excavation. The water levels vary
seasonally. Many of the aquifers are in perched or channelized configurations because
of the nature of the till materials.

Following the decision to
utilize a reinforced embankment for the Dickey Lake project, preliminary or conceptual
design assistance was solicited from a number of manufacturers, including a metal

grid/retaining wall supplier. This was done for fairness, and also because of the
Department ‘s general lack of design capability and knowledge regarding reinforced
embankments. Based on the responses received, design geometry was chosen, and

specifications were developed for a geogrid reinforced embankment.

Consideration was given to designing the embankment "in-house", but due to the
Department’s aforementioned limited experience, it was decided that prospective
suppliers would be required to design the embankment. Plans and specifications for a
geogrid reinforced embankment (8) were developed, with the plans indicating the desired
finished geometry(slope angle, height, etc.). The specifications provided prospective
suppliers with soil parameters, design life, required safety factor, and surcharge.
The specifications also explained submittal requirements, review procedure,
construction requirements, and basis of payment. Minimum acceptable geogrid
properties, long term design strength and junction strength/efficiency, were also
specified. A minimum design experience level was also specified.

It is perhaps an understatement to say that the above specifications (in
particular the minimum geogrid properties and the design experience level) sparked
something of a controversy. Prior to this project, the Department had not experienced
the continuing debates about creep testing, junction strength, durability, polymer
type, etc. It is beyond the scope of this paper or the ability of the Montana
Department of Transportation, to discuss these debates in depth. However, for the
purpose of the Dickey Lake project, the specifications were developed and upheld based
on the following:

1. The Department’s need for an experienced embankment designer/supplier.
2. The desire to have a well documented long-term strength.
3. Recommendations of FHWA.
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It should be noted that the Department utilized the services of an outside
consultant, recognized as a geosynthetics expert, in evaluating submittals by
prospective geogrid suppliers.

The successful geogrid supplier prepared a submittal in accordance with the plans
and specifications. This submittal included a resume of design experience, exhaustive
product data verifying long term design strength, and complete construction drawings.
Stability analysis of the geogrid reinforced embankment was accomplished using the
supplier’s software, which is reportedly a simplified Bishop’s analysis that accounts
for geogrid reinforcement. The resulting design called for primary reinforcing grids
4.6 to 18.3 meters (15 to 60 feet) long and spaced .6 to 1.2 meters (2 to 4 feet)
vertically throughout the reinforced embankment (figure 5). In addition, intermediate
reinforcement, consisting of lighter, biaxially oriented geogrid, was provided in
typical lengths of 1.5 meters (5 feet), and vertical spacing of 0.3 meter (1 foot), at
the face of reinforced slopes 1l:1 or flatter. Special face treatment for slopes
steeper than 1:1 is discussed below.

The design also incorporated subsurface drainage (figure 5). This drainage was
judged to be particularly important due to the aforementioned springs or seeps present
along the backslope of the embankment. The design incorporated prefabricated drainage
composite panels placed along the backslope, draining into a french drain at the toe
of the backslope. Laterals to "daylight" the french drain to the embankment face were
provided 30.5 meters (100 feet) on centers.

Erosion control material and design was excluded from the geogrid supplier’s
responsibilities. An organic erosion blanket was specified and utilized to aid
establishment of vegetation on the embankment face. For slopes 1:1 or flatter this
material was simply rolled down the slope face (figure 6) and staked, following
construction.

For embankment faces steeper than 1:1 (maximum 0.84:1 slope) a special detail to
control ravelling of material at the face (prior to establishment of vegetation) was
provided by the geogrid supplier (figure 7). This consisted of an L-shaped welded wire
form, braced by diagonal struts, with a wrap of biaxial grid behind the wire. Initial
plans called for the erosion blanket to be placed inside the geogrid wrap.

Earthwork was accomplished during construction of the reinforced
embankment using conventional equipment and methods (figure 8). Scrapers were used to
haul and place most of the embankment fill and a patrol grader was used for "delicate"
placement of fill around the slope face. Operators of both the scrapers and blade were
able to drive directly on the geogrid when necessary, provided that care was taken to
avoid sharp turns, high speeds, or other actions that might have shifted or disturbed
the geogrid. Compaction was accomplished with conventional equipment.

At several locations, preconstruction grades were as much as a meter different
from those shown in the plans. These areas required quick redesigns or checks by the
geogrid supplier’s design team. These changes were accomplished with minimal delay or
extra cost.

Installation of the drainage composite, french drain and laterals required a
little more than a week at the beginning of embankment construction. This involved
placement of more than 457 linear meters (1500 linear feet) of plastic pipe, all of
which had to be trenched in.
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FIGURE NO. 6 - COMPLETED 1:1 GEOGRID REINFORCED
EMBANKMENT WITH EROSION CONTROL FABRIC
FACING - DICKEY LAKE PROJECT
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FIGURE NO. 8 - GEOGRID REINFORCED EMBANKMENT
UNDER CONSTRUCTION AT DICKEY LAKE

FIGURE NO. 9 - GEOGRID REINFORCED EMBANKMENT
UNDER CONSTRUCTION AT. BN RAILROAD
OVERPASS - BOZEMAN, MONTANA
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Laydown of the geogrid and wire baskets (where used) was accomplished during
embankment construction using a crew of 3 to 5 laborers. Generally, this crew could
stay well ahead of the fill and compaction process.

Several problems were experienced in regard to erosion control during and
following embankment construction. As discussed previously, a wire form/wrap detail
was utilized to control ravelling of soil down the slope face during or following
construction for all slopes steeper than 1:1. The 1:1 "breakpoint" for ravelling
control was selected by the geogrid supplier, based on their experience, which was
primarily in other locations. However, at the Dickey Lake site, a significant amount
of ravelling occurred during and following construction of embankments flatter than 1:1
(perhaps as flat as 1.5:1). The amount of ravelling that occurred in these areas was
not enough to require remedial action, but it did cause some concern on the part of the
Department’s Project Manager. The general consensus among on-site personnel was that
it would have been better to extend wire form/wrap coverage out to slopes steeper than
1.5:1, for this site. This can probably be primarily attributed to the granular, non-
cohesive nature of the fill used at this site, which would tend to make ravelling more
severe.

Where utilized, the wire form/wrap detail proved quite effective in controlling
ravelling and assuring a completed slope face in close geometric conformance with the
design. Even though it added some cost to the project, it was judged to be well worth
it. Due to the gravel quantity present in the import fill, it was possible to
eliminate the erosion blanket inside the geogrid wrap, simplifying construction
greatly.

An attempt was made to correct these minor erosion control deficiencies in the
design of the Bozeman overpass, which is also discussed in this paper. Clearly a more
universally effective means of controlling erosion on the face of reinforced
embankments needs to be developed. It is believed that in most cases, the facing needs
to be "dense" enough to retain soil and yet porous enough to allow seeding to take
place.

As part of the experimental portion of this
project it is to be evaluated periodically by visual inspection and monitoring.
Surface surveys and slope inclinometer installations were established in the reinforced
embankment areas.

To date, no major problems have been observed in the embankments, although several
minor problems have come up. Erosion control fabric, which is used to aid in seed
protection and germination, was placed by rolling the material downslope and stretching
it in tension over and above the slope soon after construction. Consequently, grass
would not grow well in areas where the fabric did not come in contact with the slope.
A simple solution to this would have been to roll the fabric out in several sections
rather than one continuous piece.

Sometime between February 19, 1992 and March 2, 1992 cracks appeared in the
pavement parallel to the roadway alignment. They appeared around station 20919+50% in
the reinforced embankment for this area. A nearby slope inclinometer showed some
apparent movement which was difficult to interpret. No discernable movement has
occurred in the slope inclinometer since this time. Periodic readings are being taken
for cumulative movement. The surface level surveys do not indicate movement in either
embankment. The cracks have grown somewhat longer with time, however they have been
cracked sealed by maintenance and do not appear to be or indicate a major problem.
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The cracking occurred in the embankment section most typified by the plan-cross
section at station 20920 + 00.64. Test borings were drilled on May 11, 1992,
approximately 3m (9.8 ft) either side of the crack which would represent natural ground
versus constructed embankment. Moisture contents were normal or dry of optimum and no
indication of a free groundwater table, perched, trapped or otherwise was indicated in
the borings.

Movement appears to be caused by some differential strain adjustment reflecting
the differences in the overall apparent strength of materials between natural ground
or unreinforced backfill and the geogrid reinforced embankment section. This
particular embankment section is shorter in height than the majority of the rest of the
fill and is situated on sands and gravels which the Project Manager indicated formed
some of the densest foundation materials on the project.

THE NEW BOZEMAN RAILROAD OVERPASS PROJECT

Construction of a new
railroad overpass with geogrid reinforced approach fills is currently underway near
Bozeman, Montana (figures 9 & 10). While it is necessary to maintain traffic on the
old structure during construction, use of the reinforced embankments will allow for
eventual removal of portions of the old structure without elaborate steps to remove old
piers and substructure elements in the embankment areas. It is felt that much time,
effort and money was saved on the project for this reason and by the avoidance of
possible costly and difficult shoring and utility removal next to the railroad lines.

The design for erosion control features was based on the lessons learned on the
Dickey Lake project. The same wire form/wraps are being used on this project as were
used at Dickey Lake. The only difference between the two projects is that the wraps
are being used on all slopes steeper than 1.5:1 instead of only on slopes steeper than
1:1, which is where they were used at Dickey Lake.

THE FUTURE OF GEOGRID USE IN MONTANA

The future of geogrid use in Montana can be described as nothing but bright. As
contractors become more familiar with geogrid use, it will also quickly find its way
into the private sector. Use of geogrid for subgrade stability is also being
introduced to Montana fairly rapidly.

Difficulties in the use of geogrid in Montana have typically been centered around
the design phase and reflect just plain ignorance or lack of knowledge in the makeup
of the different types of grid available and what many consider most important, its
long term strength.

Another difficulty we have encountered is finishing off the reinforced slope
face. Typically, erosion control geotextile, sodding, planting, or other type of slope
facing is included in the design but the workability of these alternates is not well
thought out. This may be the result of a fine line between recognizing this as a more
complicated engineered structure then a standard unreinforced earth embankment.
Although reinforced embankments such as this one tend to look fairly natural, sometimes
more attention needs to be spent on finishing the embankment face because of its more
fragile nature. The slope face treatment is part of the whole system and must be
considered in design as such. The treatment must become the responsibility of the
embankment designer in order to insure the integrity of the entire system.
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appendix D of the FHWA's Interim Guidelines
ions.
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Roadway Embankment Construction Over Peat Using Nonwoven Geotextile
Reinforcement

P. McCullough
ESA Inc., USA

D. Carter
Polyfelt Inc., USA

ABSTRACT
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embankment was successfully constructed in O of . The
geotextile was pre and n two
large panels which d th added
to the cost savings. Instrument t and

pore pressure response was used to control the rate of construction
and allow for long term performance monitoring.

This case study will review the design, uction and
performance of the embankment. Subsurface infor and design
methodology will be reviewed along with the n sequence
and al pr The results of the ¢ monitoring
and term ce will be reviewed and the actual cost of

construction versus design alternatives will be discussed.
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INTRODUCTION

The building of roads over unstable subgrades produces a
variety of problems with a wide range of solutions. This paper
presents a case study which will discuss the construction of an
embankment over a soft subgrade using a non-woven geotextile. The
other design alternatives and reasons for the final design
selection will also be reviewed.

SITE DESCRIPTION

The site for this embankment was in Central Washington state
on the Kitsap Peninsula. A roadway was to be constructed through
a wetland area and would pass between two small ponds (See Figure
1). These ponds were formed by peat mining operations. A soil
causeway separated the two ponds and the alignment of the roadway
design was required to straddle the causeway as it passed between
the ponds. This roadway, which would become 67th Street N.W.,
would eventually become an arterial route for Pierce County.

VICINITY MAP - FIGURE 1

VIC NITY MAP
Clty of
NIJ g Harbor

SITE ENVIRONMENT

A Wetland Mitigation Plan was prepared by Pac-Tech Engineering
and was submitted to the Pierce County wetland coordinator. The
plan included an intention to create a new area of wetland 1.5
times the wetland loss or approximately 2800 m2 to compensate for
the loss of wetlands in the fill area. The Pierce County wetland
coordinator expressed strong concerns about the placement of any
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fill in the wetland which might introduce pollutants into the
water.

Another concern was for the travel of small animals from one pond
to another. A pathway for small animals has been provided by an
arched culvert inserted in the roadway fill. The culvert also
allows for storm water flow from one pond to the other.

SOIL ANALYSIS

The surficial soils at the site are shown in Figure 2, Site
Soils Map. It was determined from the site soil borings that
fibrous peat extended from approximately 1.5m at the northern and
southern ends and up to 6m in the center section of the roadway
alignment. Absence of significant organic decomposition indicated
the peat deposit was relatively recent. Based on field and
laboratory testing a shear strength of 6KN/m2 was estimated for the
peat. Loose to medium dense silty gravelly sand was encountered
beneath the peat and increased in density with depth. In one
boring, very soft to soft silty clay was observed between the peat
and the sand. The water level in the area of the peat was near the
ground surface.

SITE SOILS MAP - FIGURE 2
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DESIGN ALTERNATIVES

In the original design of 67th Street N.W., the roadway was
classified as a collector arterial. It was given this
classification in anticipation that the roadway would become part
of the Pierce County arterial street system. The road design was
based on Pierce County road standards.

ative

This alternative consisted of building a bridge over the soft
subgrade using steel pipe pilings. This approach would cost over
$400,000 and was twice the cost of the chosen design. See
Figure 5.

The initial analysis for feasibility of an aggregate fill for
crossing the peat soils was not promising. However, after
extensive boring and discussions with the soils consultant, it was
decided that an aggregate fill was feasible if geotextiles and
proper construction sequencing techniques were used.

The design procedure for all the fill alternatives was similar
and began with the modeling of the primary consolidation of the
peat soils under load using a computer following the methods
reviewed by Christopher and Wagner (1988). First, the peat soils
were checked for bearing capacity. Second, slope stability was
analyzed using the PC-Slope computer program. The modified Bishop
Method of slices for slope analysis was utilized. Geotextile
reinforcing requirements were analyzed during this stage and the
analysis was checked using a design manual published by Polyfelt
(1987). Finally, a sliding analysis was performed to check
stability in the sliding mode. The three potential failure modes
of the fill are presented in Figure 3.

In all of the fill options, it was necessary to use a
synthetic reinforcement placed directly on top of the peat soils
to prevent local failures in the subgrade during construction.
Local failures can create severe problems and ultimate failure of
foundation soils. In addition, the geosynthetic would provide for
a more uniform fill placement and limit differential settlement.
Several geotextile and geogrid options were investigated. A design
and construction approach was selected. It was determined from the
engineer's analysis that a geogrid soil reinforcing material would
only be required if the owner wished to construct the fill in one
continuous construction stage or if peat soils were encountered
that would not allow direct access by construction equipment.
Neither of these conditions existed on this project. If
construction started after the rainy season, the use of geogrid
for construction access may have been required. A heavy weight
non-woven geotextile was selected based on the strength required
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FAILURE MODES - FIGURE 3

€

Foundation Soil earing Failure

b
Internal Failure: Capacity
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Lateral Spreading

(Sliding Failure)

All the fill options were designed for the roadway using a
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To determine fill heights and volumes, a spread sheet was
constructed. An equation was written in which the primary
consolidation equaled .40 times the log of the fill weight. The
solution was reiterative until the assumed PC equaled the
calculated PC. This technique was used to calculate the total fill
height for all the fill alternatives by changing the weight of the
fill and recalculations.

A sensitivity analysis was conducted to compare the £fill
volume and the consolidation ratio for 40%, 47.5% and 55% of the
Primary Consolidation. The results are shown in Table 1 and
indicate that an additional 2,300 cubic meters of fill material
would be required to construct the fill if the consolidation ratio
were 55%. If the material were compacted to 100% Proctor unit
weight of 22.1KN/m3, and the consolidation ratio were 55%, the fill
volume would increase 2,850 cubic meters over the assumed design
conditions.

TABLE 1
Consolidation Ratio 40% 48% 55%
Fill Volume (cubic meters) 7,023 8,112 9,340
Primary Consolidation in meters 2.38 3.00 3.63
Consolidation Ratio 40% 48% 55%
Fill Volume (cubic meters) 7,368 8,548 9,340
Primary Consolidation in meters 2.54 3.19 3.85

In view of the uncertainties of the rate of primary
consolidation that will occur in the field during construction, it
was recommended that the owner take two precautions during
construction.

1) Extend the geotextile five feet beyond the toe
of the fill in the event that the fill had to
be constructed higher than was currently
planned and

2) Retain the soils consultant to closely monitor
the fill during construction.

To estimate the secondary settlement of the fill, an
additional calculation was made. The soils consultant furnished
a copy of secondary settlement rates for similar fibrous peat soils
from another project that the firm had worked on. These curves
allowed the engineer to estimate the secondary settlement in the
next ten years to be 40% of the primary consolidation.
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The last column on Figure 4 indicates the minimum road grade
to accommodate for the secondary settlement and still maintain a

roadway ion is t . It
was a de bal g op t ction
profile of the r fcx ative
so that the al s be properly compared.

AGGREGATE FILL ALTERNATIVE - FIGURE 4

Calculated Minimum
Depth of Primary Road
P t Grade
13+50 11 3.26 233.70
13+90 20 7.18 235.27
15+00 20 7.81 235.52
16+00 15 4.21 234.08
Conversion: 1 LF = 0.305m
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been requesting that WSDOT wrap wood waste
fills in impervious membrane. A 0.75mm PVC
liner was designed into the system for this
purpose. This required a leachate collection
and a gas release system to be part of the
design.

2) Wood fiber f£fills are subject to secondary
settlement in the form of creep. Creep may
continue to occur for a number of years and
can amount to as high as 10% of the fill
height.

3) The cost of this design was less than the cost
of the aggregate £fill design, but the
permitting process for the use of this
alternative would be too lengthy to justify
the cost savings.

11

Bottom ash material consists of the "clinkers" from the bottom
of coal burning furnaces at the power generating plant at
Centrailia, Washington. This material has the consistency of
volcanic pumice and weights about 13.3KN/m3 saturated and compacted
in place and about 7.1KN/m3 dry. The material has excellent
structural properties and makes good roadway £ill. Based on
discussions with testing agencies, it was concluded that this
material was well below the EPA requirements for hazardous waste.

The design of the bottom ash fill proceeded similar to the
design of the wood fiber fill with the weight of the fill material
being changed to 13.3KN/m3 in the calculations.

The cost of the bottom ash fill was estimated to be $184,785.

Transport of the bottom ash made the cost higher than other
alternatives.

ENGINEERED FILL COST ESTIMATES - FIGURE 5

BRIDGE/FILL ALTERNATIVE $414,634
AGGREGATE FILL $165,478
WOOD FIBER FILL $146,345
BOTTOM ASH FILL $184,785
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CONSTRUCTION

Construction began in September, 1991. The following
construction steps were printed in the plans:

1) Clear roadway base area from STA. 12+50 to STA.
18+00 of all trees and brush. Cut the trees
and brush down smooth to the ground. Leave the
root mat in the ground.

2) Place the e oz. (200g/m2) non-woven, needle
punched ge tile on the roadway base and
field sew the seams.

3) Place 12 inches (0.3m) of free draining gravel
base material over the fabric to provide
drainage for the underlying peat as it
compresses and to provide a cover for the

geotextile.
4) Place a two foot ( depth of roadway
fill on the oute: of each of the

fill form STA. 12+50 to STA. 18+00. Allow the
initial fill to <complete the primary

settlement.

5) Place the remainder of the fill in one foot
(0.3m) compacted 1lifts. roll the
material. Do not use a vibra compactor.

6) A engineer Ritte eman and
As es must be ent to the fill

operation and to monitor the fill settlement.

7) The fill should be allowed to set through the
Winter months and brought up to grade in the

Spring. n ion not be
placed un i is d from
the soils oss of the

roadway embankment is shown in Figure 6.

ROAD EMBANKMENT CROSS SECTION - FIGURE 6
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The site was cleared and the root mass was left in place. The
200g/m2 polypropylene, non-woven, needle punched geotextile was
sewn together into two large panels by Seattle Tarp and delivered
to the job site. The panels were spread out with seams running
parallel to the roadway. Any wrinkles in the fabric were pulled
out and a 0.3 meter thick drainage layer of free draining material
was placed on the geotextile. This layer was followed by a 0.6
meter layer of fill initially placed on the outer third of the
embankment.

The primary fill was left in place over the Winter and
construction resumed in the Spring after primary settlement had
taken place. The remainder of the fill was placed in 0.3 meter
lifts and compacted. The paving section will be placed after
primary settlement is complete. Settlement was measured through
the Winter of 1991-92. The settlement closely followed the design
settlement. Settlement readings at four points are shown in Figure
7.

ROADWAY SETTLEMENTS - FIGURE 7
ROADWAY SETTLEMENTS
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CONCLUSIONS

The redesign of 67th Street N.W. has produced a high quality
roadway which meets the needs of the client and Pierce County.
Using a geotextile in this application allowed for a design that
met the environmental and economic needs of the client and provided
a factor of safety which was acceptable to Pierce County.
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ABSTRACT

This paper presents a case history of a project where multiple layers of geogrids and geotextiles
were utilized to reinforce a granular fill section to create a large load distribution mat. This
reinforced section served as foundation support for a major refinery processing unit. The existing
soil consisted of a deep strata of primarily organic silt with relatively low shear strength.

The conventional solutions to this situation are described and consist of either excavating the
poor soil to a depth of 6 metres (20 feet) and replacing with a competent soil or developing the
required support with deep piles spaced very close together.

The n ce of the  syn nate is al  with
discussio tri mat was u to surface a es of
piles.

Utilization of this concept allowed an increase in the spacing of the piles (decrease in number
of piles required) by over 40%, thus saving considerable construction time and dollars.

Design methods for the geogrid/geotextile reinforced mat and modified load distribution effects
are presented. Considerations relative to performance of the various options are discussed and
general comparative cost data are provided.

SCOPE OF PROJECT

Star Enterprise undertook a new addition to the Residuum Processing facilities in late 1991
at their Port Arthur, Texas oil refinery. The new construction included two new refining process
units built partially over the footprint of older defunct units. The new Sulphur Block Unit (SBU)
and Hydrotreater Unit (HTU) are comprised of several major vessels and many smaller pieces of
equipment: drums, exchangers, pumps and compressors. The major vessels are supported by deep

ler equ d
HTU p
ng. Th $ p
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all non-pile supported piping and instrumentation, maintenance and operational access and water
containment within the units. The new units are constructed on rectangular sites measuring roughly
91 metres (300 feet) by 107 metres (350 feet). The difficulty of the project comes from the poor
support characteristics of the soils upon which the units are to be built. The upper soil strata is
very weak and highly compressible to a depth of 6.1 metres (20 feet) and the underlying soil strata
is comprised of moderate strength clay and silt to a depth of 6.1 metres (20 feet). Most structures
and equipment of these sites are very sensitive to differential foundation movements. Differential
settlement between the major vessels and the supporting network of piping can cause significant
operational malfunctions.

The scope of the project was to create foundation support for the new processing units. The
first step was to excavate 1.5 metres (5 feet) across the SBU site and 3.0 metres (10 feet) across
the HTU site to remove the contaminated soils. This excavation would be replaced with imported
fill material in order to raise the overall site elevation by 0.6 metres (2.0 feet). This would resort
in a final elevation of 1.2 metres (4.0 feet) Mean Low Tide. The project engineer was, Bechtel
Inc. Their goal was to design a system that would provide sufficient support while significantly
limiting differential settlement. Brown & Root Construction was awarded the contract to construct
the SBU and HTU sites.

SITE DESCRIPTION

The Star Enterprise plant is located in Port Arthur, Texas. The plant is located on the
Beaumont Clay Formation which is comprised of clay, silt and sand. These soils largely represent
fluvial, bay and interdistributary deltaic environment. They were deposited in a period of glacial
ice retreat and the return of high sea level. Soil conditions at the SBU and HTU sites can be
generalized as 4.5 to 6.1 metres (15 to 20 feet) of soft to very soft, highly plastic and sandy clay.
The shear strengths generally ranged from 9.6 kN/m? to 16.8 kN/m? (200 to 350 psf). Liquid limits
for these soils range from 30 to 80 percent and plasticity indices range from 10 to 50 percent. The
natural moisture content for the soils ranged from 21 to 97 percent. This upper strata was
underlaid by 3.0 to 6.1 metres (10 to 20 feet) of firm silty clay. It’s shear strength values were 33.6
kN/m? to 62.4 kN/m? (700 to 1300 psf) followed by a 9.1 to 15.2 meter (30 to 50 foot) strata of stiff
clay. Overall, the site is relatively level with surface elevations that vary from +0.6 to +1.2 meter
(+2 to +4 feet). Construction at these sites is complicated by poor drainage and an average annual
precipitation of 1346 mm (53 inches). Ground water elevations varied throughout the site with a
worse case of +0.3 meter (+1.0 foot) and an average elevation of -4.8 meter (-16.0 feet). After
24 hours the water level in the open boreholes was at depths of .6 to 1.8 metres (2 to 6 feet).

PROJECT CONSTRAINTS/SOLUTION REQUIREMENTS

There were many conditions that needed to be met in order for a given solution to be
accepted by all parties. Star Enterprise’s conditions, the facility owner, were paramount. The
problem was complicated by the fact that these new units were to be constructed within an existing

and operating facility.

The main objectives for design and construction of the foundation support system were as
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follows:

A M

Limit long term differential settlement to 13 mm (1/2 inch)

Provide access to underground utilities internal to the sites

Complete construction in a timely fashion

Limit interference with existing facilities

Allow pile driving for major equipment to proceed with minimum hindrance

Raise the final elevation above existing grade by up to 0.6 metres (2 feet) to allow
for drainage

CONVENTIONAL TECHNIQUES

In the early 80’s a unit was built over these same soft soils with poor results. It was not
uncommon to experience as much as 304 mm (12 inches) of differential settlement over a 25 year
period. Therefore, Star Enterprise’s main requirement was to limit long term differential settlement
to 13 mm (1/2 inch) over a 25 year period.

This tight restraint led the geotechnical engineer, Southwestern Laboratories, to several
costly and time consuming geotechnical recommendations.

The following is a discussion on each of the alternatives considered:

1.

The first alternative was to excavate to a depth of 6 metres (20 feet) and replace the
highly compressible soils with structural fill. The structural fill would be composed
of clean sandy clay with a Plasticity Index between 10 and 20. This solution posed
several problems. The sites were close to existing pipe racks which would have to be
supported with temporary shoring. The excavation would need to be dewatered,
which could become a major problem for a 6.1 metres (20 foot) deep excavation in
an area with an elevation of +0.6 to +1.2 metres (+2 to +4 feet) Mean Low Tide
. Brown and Root Construction became concerned when they considered that this
operation could take as long as six months on a project with an already demanding
schedule. Besides the excessive cost and construction time required, it was difficult
to determine whether or not the settlement criterion could be met. Therefore,
Southwestern Laboratories searched for another alternative.

The second major alternative considered was to transfer the pavement loads and the
additional 0.6 metres (2 feet) of overburden, to a depth below the compressible clays
to the stable soils by means of a deep foundation system such as driven piles. The
design called for supporting the entire unit paving directly on 18.3 meter (60 foot)
long timber piles, spaced as closely as 1.2 metres (4 feet) on center. There was no
doubt the settlement criterion could be met but this option posed a few new
problems. Running through the site was a series of buried electrical duct banks and
underground piping that had to be installed and accessed. A great deal of
coordination would have to be done so as to allow the utilities to be installed during
the pile driving operation. This would cause the pile driving to be done in phases,
which would be costly and slow. Once the utilities were surrounded by piling, they
would be difficult to access in the future.
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3 The third alternative, which is typical in tank foundation construction, was to pre-load
the area with soil for accelerated consolidation. This solution may have yielded
satisfactory results with some secondary treatment. However, the project did not
have the luxury of sufficient time necessary for this technique.

4. The fourth alternative considered was to decrease the compressibility of the clays by
deep lime/fly ash injection. A testing program was undertaken to determine the
effects of this treatment. The test program failed to provide sufficient evidence of
the level of required performance.

5. Several combinations of the above alternative solutions were considered, including
partial excavation .with piles. These attempts were abandoned either because they
were too costly or time consuming,.

In review of the proposed options to date, it was determined that none of the solutions
yielded the results desired. During a meeting to discuss any remaining options, Gary Wharton,
Offsites Project Manager of Star Enterprise, proposed a concept that stemmed from his experience
in building tank foundations over deep soft soil strata. Mr. Wharton’s proposed solution ultimately
became the optimum solution as it met nearly all of the project requirements.

SOLUTION DETAILS

The main concept of the solution was to construct a granular load distribution mat which
would be supported by a series of piles. The vertical influence of each pile would be enhanced or
spread upward through the granular fill section, to support the surface loads. The primary support
is offered by the series of piles that extend from the base of the load distribution mat to the
underlying stronger soils. The primary function of the load distribution mat is to provide a
mechanism to transfer the surface loads to the piling, while allowing for access to underground
utilities. The thickness of this load distribution mat could be varied to allow for placement of the
underground utilities, thus satisfying project requirement #2. This load distribution mat was
reinforced with layers of geogrid to provide increased beam strength for bridging between the piles
as well as increased shear strength at the pile tops to prevent the piles from punching through the
crushed concrete. Layers of geotextile were placed above and below the granular fill section to
prevent contamination from the adjacent fine grained soil zones. Figure 1 details the typical cross-
section at the SBU site. Following is a description of this typical cross-section at the SBU site
starting from the base and moving towards the top of the fill section. A discussion on material
selection is presented in a subsequent section entitled Rationale for Geogrid and Geotextile
Selection and Use.

At elevation -0.9 meter (-3.0 feet), a layer of woven geotextile was placed separating
the crushed concrete from the underlying fine grained soil.

A layer of biaxial geogrid was placed directly on top of the geotextile to provide

tensile reinforcement and lateral confinement of the crushed concrete, so that a
construction platform could be constructed.
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. An 0.5 meter (18 inches) thickness of crushed concrete was placed directly on the
biaxial geogrid to provide adequate support for construction equipment.

. 18 meter (60 foot) long, 18 tonne (20 ton) capacity timber piles were driven through
the above section, flush with the crushed concrete in a 2.3 mx 2.3 m (7’6" x 7°6") grid
pattern.

. A layer of uniaxial geogrid, with a wide width tensile strength of 43.8 kN/m (250 Ib/in)
at 5% strain was placed directly on top of the driven piles to reinforce the crushed
concrete section and provide additional shear strength at the pile tops.

. A 0.9 meter (36 inch) thickness of crushed concrete was placed directly on the
uniaxial geogrid. The crushed concrete was placed in 0.2 meter (8 inch) lifts and
compacted to 98% Standard Proctor Density. This provided a total reinforced
thickness, including the initial 0.5 metres (18 inches) of crushed concrete, of 1.4
metres (54 inches). This reinforced thickness of crushed concrete was utilized as a
load distribution mat to withstand the loads from a 136 tonne (150 ton) crane.

. A layer of non-woven geotextile was placed to separate the crushed limestone from
the above fine grained structural fill.

. A 0.5 meter (18 inch) thickness of structural fill (low plasticity sandy clay) was placed
on top of the geotextile to provide the required thickness necessary to fill the
remaining thickness left from soil remediation. The structural fill was placed in 0.15
meter (6 inch) lifts and compacted to 98% Standard Proctor Density. This
impervious layer also provides protection against runoff.

. A 0.2 meter (8 inch) thick reinforced concrete paving provided the final surface of
the unit paving.

This pile supported geosynthetic reinforced load distribution mat proved to be a very cost
effective. The initial 0.46 meter (18 inch) thickness of crushed concrete reinforced with geogrid
created a stable platform for the pile driving rig to operate.

The initial 0.3 meter (12 inch) thick geosynthetic reinforced crushed concrete layer worked
so well that loaded dump trucks were able to transport material over sections of the site that would
not initially support the weight of bulldozers.

The pile driving operation proceeded at a fast and uninterrupted pace, because of the lack
of interference with underground utility crews. The lack of additional excavation requirements
allowed Brown and Root Construction to proceed without major dewatering or temporary shoring
requirements.

Bechtel Inc. was satisfied that the differential settlement criterion could be met with this
solution due to the fact that unit paving was essentially supported by the grid of piles.
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The reinforced load distribution mat sufficiently transferred the pavement loads to the piling.
Bechtel Inc. performed two separate design calculations to determine the adequacy of the
reinforced pile supported mat to support the unit paving and anticipated loads. The findings of this
analysis are presented in the subsequent section entitled Analysis and Design. The unit paving will
be closely monitored to determine long term effects of this solution.

CONSTRUCTION SEQUENCE

The depth of the initial excavation was a function of the depth required for removal of
contaminated soils and the space required to place the underground utilities. These depths were
set by the project group as 1.4 metres (4.5 feet) for the SBU and 3.0 metres (10 feet) for the HTU.
The original design called for a layer of woven geotextile to be rolled out over the completed
excavation followed by 0.3 metres (12 inches) of crushed concrete. This was intended to serve as
a working platform upon which to drive the loaded dump trucks. The biaxial geogrid was intended
to be placed at this level prior to receiving an additional 0.15 metres (6 inches) of crushed concrete
to create a final platform for the pile driving rig. At the SBU and the HTU, the subgrade was so
soft that the woven geotextile with 0.3 meter (12 inches) of crushed concrete could not provide
adequate support for the loaded trucks. It was decided that the biaxial geogrid should be moved
down in the section and placed directly beneath the crushed concrete to provide additional
reinforcement and lateral confinement.

This combination allowed the loaded trucks to haul material over a 0.3 meter (12 inch)
section of crushed concrete. Upon placement of the remaining 0.15 metres (6 inches) of crushed
concrete the site was ready for the pile driving operation. The pile driving rig was advanced onto
the crushed concrete using crane mats for additional support. The timber piles were then driven
through the crushed concrete, biaxial geogrid and geotextile section until flush to the surface. There
was concern that driving the piles through the geogrid and geotextile would cause significant
damage to these materials by vertically deforming them. It was because of these concerns that the
geogrid and geotextile were sheared prior to pile driving by driving a flat sharp plate into the
location of each pile. The piles were driven through this section with no difficulty or deformation.
Pile driving also took place at this elevation for the equipment supports.

When all the piles were driven, concrete pile caps were poured for equipment supports. The
uniaxial geogrid was then rolled out over the surface with a 0.15 meter (6 inch) overlap at adjacent
rolls. The uniaxial geogrid was hand tensioned and tied together with plastic ties. The 0.9 meter
(36 inch) thickness of crushed concrete was placed at this elevation and on top of the geogrid in
0.2 meter (8 inch) lifts. The upper layer of non-woven geotextile was then placed followed by the
required thickness of structural fill. The 0.2 meter (8 inch) thick reinforced concrete unit paving
was then poured on top of this section for the final surface.

A step-by-step construction sequence is detailed in Figure 2.

RATIONALE FOR GEOGRID AND GEOTEXTILE SELECTION AND USE

The specific geogrids and geotextiles used in this project were selected because they
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SULPHUR BLOCK UNIT
SBU SITE

Excavate to El - 0.9 metres (3 feet) over entire area, using a 3:1 slope. Slope surface
(approx 1% slope) to outer perimeter drainage trenches.

Cut drainage ditches around perimeter of site, fill with large stone (highly porous), and wrap
with geotextile.

Haul excavated material away from site.
Spread geotextile fabric over surface, followed by a layer of Biaxial geogrid.
Backfill with crushed concrete to a thickness of 0.5 metres (1.5 feet).

Surface is now ready for pile driver to drive wood piles to support load distribution mat,
which in turn will support the support the unit paving.

Crane driver will spread crane mats over surface, now at El - 0.5 metres (1.5 feet), and begin
driving unit paving piles. Piles to be 18 meter (60 foot) long untreated timber piles. Pile
driver will drive piles until top of pile is flush with surface (no cut-off of the piles is
required). This will permit pile driver good access over entire area.

This surface will also be used to drive piles for equipment supports (wood, and step-taper),
if very large mats are used to distribute the step-taper pile driver’s weight.

Pour concrete pile caps and pedestals for equipment supports, permit to cure and strip
forms.

Place layer of uniaxial geogrid over tops of unit paving piles.

Place and compact a 0.9 meter (3 foot) deep layer of crushed concrete. This layer would
extend from a depth of El - 0.5 metres (1.5 feet) up to El + 0.5 metres (1.5 feet).

Spread geotextile over entire area, making cut-outs for existing pile caps.

Backfill and compact with structural fill (probably a CL clay with plasticity index 10-20) to
El 0.9 metres (3 feet) (bottom of 0.2 meter (8 inch) slab on grade).

Pour reinforced concrete unit paving.

Figure 2 Construction Sequence
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possessed the required physical properties as determined necessary during the design phase.

The woven geotextile placed at the base of the first lift of crushed concrete provided a
separation function. A woven geotextile was chosen over a non-woven geotextile because of its
ability to survive the heavy wheel loads of the construction equipment and the high abrasiveness
of the crushed concrete. Initially it was thought that the woven geotextile might provide enough
tensile strength to allow placement of the initial lifts of crushed concrete, thus allowing the biaxial
geogrid to be placed in the center of the initial crushed concrete thickness. Due to the extremely
soft soil the biaxial geogrid was moved to the base of the crushed concrete and the woven geotextile
performed mainly the function of separation. Key characteristics included the following:

1. Adequate puncture resistance, > 711 N (160 Ibs), per ASTM D4833
2. Adequate filtration characteristics, AOS > 50mm, per ASTM D4751-87
3. Adequate grab tensile strength, > 1.3 kN (300 Ibs), pe