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approximately 20,000 cubic yards of soil from the bottom and side slopes of a ravine between
the Tacoma Narrows Bridge and a subdivision near Tacoma, Washington. The erosion
ruptured two storm drains and left undermined slopes that continued to ravel and retreat.
Measures were implemented to help stabilize the eroded slopes and prevent further retreat that
could impact the Tacoma Narrows Bridge expansion project and a residence above the
opposite ravine slope. The measures also addressed regulatory agency concerns about
sediment-laden water discharging from the ravine into the Narrows that could damage
sensitive sand lance habitat on the beach at the mouth of the ravine.

Ravine restoration measures consisted of constructing unreinforced soil, flexible geocell-
faced reinforced soil, and geocell-geogrid reinforced soil slopes that mimic the former steep
ravine. After slope construction, a mixture of drought tolerant and native vegetation was
planted to provide erosion protection and restore the natural ravine environment. The
geocells had the flexibility to fit against, and transition between variable slopes and create
steep slopes with planting benches for trees, pockets for smaller plants, and terraces that slow
stormwater runoff. The perforated geocell walls allowed roots to spread. The geocell ravine
repair design was an effective, economical solution that saved the client the cost of potential
litigation, satisfied regulatory requirements, and expedited construction, which was completed
in less than 5 months during the 2004 construction season.

This paper presents project history, features, and challenges, and discusses design and
construction of the geocell-faced reinforced-soil slopes and vegetation restoration.

INTRODUCTION

On Monday, October 20, 2003, during an intense rainstorm, stormwater overflowed into a
ravine along the north side of the west anchorage being excavated for the Tacoma Narrows
Bridge expansion project, approximately 6 miles west of Tacoma, Washington (Figure 1).
The rain event exceeded the intensity of the 100-year storm by about 20 percent and
overwhelmed the 24-hour/10-year stormwater controls for the bridge expansion project and
drainage systems in the vicinity. As flooding continued, concern rose about the safety of the
existing bridge abutment and anchorage, which could be undermined if stormwater
overflowed and eroded the bluff above the Tacoma Narrows, a fast flowing tidal channel
between Tacoma and Gig Harbor, Washington. Stormwater was diverted into the ravine to
protect these structures. Figure 2 presents a project site plan.



which was deposited as an alluvial fan at the Narrows shoreline. The ravine bottom was
lowered by approximately 12 vertical meters. Ravine sideslopes were left undermined and
over-steepened, continuing to ravel and slope retreat in subsequent storm events. This
continued erosion threatened the east abutment of the Tacoma Narrows Bridge expansion and
a residence above the north side of the ravine. The erosion also created sediment-laden
discharges from the ravine into the Narrows, potentially degrading sensitive sand lance
habitat. Figure 3 shows post-event conditions.

If unrepaired, the ravine would continue to degrade, impacting public safety, creating
economic loss, and damaging the environment. Recognizing these hazards, the regulatory
agencies, permitting authorities and bridge expansion design-build contractor (Tacoma
Narrows Constructors) set a deadline for ravine stabilization by November 1, 2004.
Earthwork had to be completed by mid-September 2004.

While permanent stabilization measures were designed and permits for their implementation
obtained, temporary erosion and sediment control measures were installed to reduce sediment
delivery to the Narrows. These measures included constructing a sediment trap about 18
meters from the ravine mouth, above the beach (see Figures 2 and 3); temporarily piping
stormwater past the site; and removing sediment deposited on the beach.

PROJECT GOALS

The primary goals of the ravine repair were to (1) prevent further erosion that could impact
the bridge construction project and the residence above the opposite ravine slope and (2)
avold damaging sensitive sand lance habitat on the Narrows beach at the mouth of the ravine.
The project was not intended to prevent naturally occurring erosion, such as the bluff retreat
occurring above the Narrows shoreline. Completing the project before November 2004 was
critical, but because of the wet ravine conditions, work could not begin until mid-June 2004.
With the support of stakeholders (i.e., subdivision residents, Tacoma Narrows Constructors,
Washington Department of Transportation, the general public, and various permitting and
regulatory agencies) , the project team was able to:

1. Obtain environmental and building permits in less than 6 months.

2. Design a flexible, low maintenance, cost-effective solution that rebuilt the eroded, steep
ravine in 3 months.

3. Complete the project without complaints from landowners, the general public or agencies
in 5 months.



eroded to within approximately 3 meters of a sport court for the residence above the north
slope.

Pieces of stormwater pipes and concrete plus quarry spalls (i.e., 8-inch minus angular rock)
placed early during the storm event, were on the surface and buried in debris in the ravine
after the storm event. Fallen trees covered the ravine bottom, see Figure 3.

Dense sand with varying amounts of silt and gravel was exposed in the lower two thirds of the
north slope. The sand 1s overlain by a 3 to 4.5-meter-thick layer of hard, interbedded silt and
clay, which is itself overlain by 0.3 to 0.6 meters of colluvium.

Soil exposed on the south slope consists of loose silty sand, which records indicate was fill
placed during construction of the existing Tacoma Narrows Bridge. Approximately 1.5 to 3
meters of very loose sand, silt, and gravel was deposited in the ravine bottom and along the
toes of the slopes near the end of and following the storm event.

Despite being plugged and diverted uphill of the site, the ruptured storm drains leaked and
continued contributing flow into the ravine after storm events. Small seeps observed on the
lower section of the south slope added to the flow that kept the ravine bottom conditions wet.

Steep slopes and existing roads cut off upland ravine access except at one location along a
construction access road that was being used for the bridge expansion project. Primary access
for ravine repair was via this access, while access from the shore could be used only for
emergencies.

PROJECT ELEMENTS

As mentioned above, the ravine repair project focused on improving slope stability and
reducing long-term erosion. The repair backfilled the ravine bottom and buttressed the failed
sideslopes. Finish slopes vary from about 1H:1V (horizontal to vertical) to flatter than 2H:1V.

Repair measures included:
1. Constructing an access road into the ravine.
2. Removing debris, vegetation, topsoil, loose soil, and concrete from areas where fill
would be placed.
3. Installing subsurface drains to collect and drain natural seeps.
4. Backfilling the bottom of the ravine with clean sand and gravel (Figure 4).



help reestablish vegetation in the ravine.

The flexible design accommodated the complex, variable site conditions, which changed with
each storm event; allowed rapid field modifications; and reduced potential construction
delays. Workers could readily shape the geocells and geogrids to match existing terrain.

MATERIALS

The Washington State Department of Fish & Wildlife required that the ravine backfill and
slope fill be clean sand and gravel to reduce the amount of fines washing out onto the beach
and into the Narrows. Table 1 presents the gradation the agency approved for fill and backfill,
which also conforms to WSDOT (2002) requirements for backfill for reinforced soil and
gravel borrow. Fill was compacted to a minimum 92 percent of its maximum Modified
Proctor (ASTM D1557) dry density. To enhance plant growth, organic soil was mixed with
the fill material placed on the surface of unreinforced slopes and in the exposed cells of
geocell-reinforced slopes.

Table 1: Fill Gradation

Sieve/particle size (mm) Percent Passing
32 mm* 100
U.S. No. 4 Sieve: 4.75 mm 50 -80

U.S. No. 40 Sieve: 0.43 mm 30 max
U.S. No. 200 sieve: 0.075 mm 5.0 max

* Maximum particle size of 100 mm was allowed for fill not in geocells
or adjacent to geogrid reinforcement.

Confinement at the slope face was required for slopes steeper than 2H:1V (Figures 5 and
6). Geocells, 200 mm high by 200 mm nominal dimension with perforated cell walls, were
calantad haranca thaxr-
o the confined work areas.
ainst, and transition between, variable slopes.
steep slopes with planting benches for trees,
and terraces to slow stormwater runoff.
1 the cell wall perforations.
ain between cells.



which satisfied the higher strength requirement for the project.

High density polyethylene (HDPE) pipe was used in the subgrade drains, to replace the
ruptured storm drains, and for new storm drain pipes. This pipe type was selected for its ease
of handling, durability, and strength. Pipe joints were fusion-welded for strength.

CONSTRUCTION

The contractor mobilized on site June 14, 2004. Work was performed 10 to 12 hours per day,
6 days a week, except for approximately 30 days in August while an outfall pipe for the
bridge expansion project was installed through the area. Earthwork and storm drain repair
were completed mid-September 2004. Vegetation and planting operations were completed in
October 2004. The access road that the contractor constructed down the center of the ravine to
reach the work area was restored to a narrow forest trail upon construction completion.

Before placing fill, the Contractor removed debris, loose material, and the temporary sediment
trap that had been installed near the ravine mouth. Subsurface drains were installed at the base
of the fill and along the toe of the south ravine slope to collect and convey seepage to the
Narrows. Fill was delivered to the site by backing dump trucks down the 15 to 18 percent
grade of the access road or dumping material from the trucks over the top of the south ravine
slope. A wheel-loader and excavators transported the fill to placement locations. Unreinforced
material in the bottom of the ravine was spread with a bulldozer and compacted using a
smooth drum vibratory roller. New, continuously welded HDPE storm drain pipe was buried
in the fill, connecting existing upgrade catch basins to the existing outfall pipe. New storm
drain catchbasins, pipe and outfall were installed to collect runoff from the bridge site to avert
a similar future occurrence. The outfall for the subgrade drains discharged onto a rocked-
reinforced section of the slope rebuilt across the mouth of the ravine above the beach.

Workers placed and stretched the geocells and geogrid material to fit the variable terrain, and
used walk-behind compactors to compact soil placed within geocells and the reinforced zone.
The lightweight, flexible geocells and geogrid reinforcement allowed workers to place and
field-adjust them on variable steep slopes within confined area (Figures 7 and 8), achieving
continuous coverage and smooth transitions. An excavator placed fill material in geocells and
over geogrid (Figure 8) and workers raked the fill into place. The fill kept the geocells shaped
and positioned. Where the design miimum specified lengths would have required excavating
into steep ravine slopes, geogrids were extended to the natural slope face, reducing earth



mouth of the erosion channel, above the ordinary high tide line and vegetation planted either
side of the riprap to protect the slope toe.

Photographs of the project soon after planting (October 2004) are presented in Figures 7
through 9.

SUMMARY

A combination of unreinforced soil and geocell- and geogrid-reinforced soil were used to
repair an erosion-damaged ravine and reduce slope retreat that could potentially impact
adjacent structures. These techniques were selected because they could be adapted to variable,
changing slope geometry, constructed in confined work areas on steep slopes; rapidly
installed; and provided for erosion control and easy planting. The repaired slopes include an
approximately 27-meter elevation difference between toe and top of the easternmost geocell-
and geogrid-reinforced slope. The slopes have performed well during the two years since
construction.

The successful partnering of the bridge expansion project and ravine repair contractors and
designers, the bridge owner [Washington State Department of Transportation (WSDOT)],
regulatory and permitting agencies, and neighboring homeowners were integral to the timely
completion of the project. The professionalism, high level of communication, coordination,
and trust between all parties averted potential litigation, expedited project approvals, and
reduced project costs.

This project exemplifies the adaptability and flexibility of geocell- and geosynthetic-
reinforced soil construction, and the value of stakeholder partnering.
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insurance adjustor; Quigg Brothers, Inc., the general contractor for the ravine repair; Terra
Dynamics, the landscape subcontractor; Tacoma Narrows Constructors (TNC), the design-
build team for the bridge expansion project; Shipwatch Homeowners Association;
Washington State Department of Transportation, which owns right-of-way in the ravine;
Duane Hartman & Associates, surveyors; and Pierce County and Washington State
Departments of Ecology, Fish & Wildlife, and Natural Resources, the regulatory agencies.
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P.O. Box 300303

Seattle, WA 98103

Phone: 206-632-8020

Email: stb@shanwil.com.
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due to the presence of critical infrastructure such as roads on the top of the slope. The use of
reinforced concrete walls are often not accepted by resource agencies and are often cost
prohibitive. Geocell Retaining Walls have been used on EWP projects for slope stabilization and
erosion control adjacent to small rivers and county roads by the NRCS.

This paper will provide a brief case history of two geocell retaining wall projects highlighting the
design methodology, construction specification methods along with lessons learned for future
projects using geocell retaining walls. One project is located on the banks of a river with a
sensitive fish habitat and critical county road at the top of the slope and is designed to provide
erosion protection from the river flows and support the slope and road above. A second project
1s designed to support the slope between an upper county road and lower road that provides
access to a residence.

SAWMILL RIVER BANK STABILIZATION
Site Description

The site is located on the outer bank of a 90 de
Massachusetts. The slide occurred as the river I¢
river stage. Contmual sloughing of sandy slog
become or remains saturated. The moist, but u
more stable due to negative pore pressures. The
been caused by the rapid drawdown of the river
the slope. A photograph of the slide is shown in

The bank is approximately 35 feet high and con:

and gravelly sands. The initial stabilization desi

with backfill and a vegetated slope above the s

near the river bed elevation in the two borillgs, PLUVULILLE WL UdL UL @ LALUIUVUIVU dUVLL Pl
wall. Bedrock was encountered at a depth of approximately 20 feet at the top of the slope and
dips to approximately 7 feet below the existing river bottom.
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Bank Stabilization Design

The design consisted of stability analyses of the geocell wall as a retaining structure and the
global stability of the entire slope including the geocell wall. An erosion control blanket was
installed along the upper slope above the geocell wall to provide surface erosion protection until
the vegetation was established.

Geocell Wall Stability

Evaluation of the external and internal geocell wall stability was completed by an installer using
software developed by a major geocell supplier. The final design was completed by the
contractor. The final design was required to meet the minimum factors of safety discussed under
Construction Drawings and Specifications below.

A drainage system was included to prevent development of hydrostatic pressures behind the wall
from bank seepage or a rapid drop in the river level following an extended period of high water.

Global Slope Stability

A global slope stability analysis was conducted using SLOPE/W. The soil profile was based on
data collected from 2 soil borings and associated laboratory testing. The results of the analysis
are shown in Figure 2.
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Requirement

0.935
1.5-3

Environmental Stress Crack

Resistance of Material, hours ASTM D 1693

Sheet Thickness, mil ASTM D 5199

Cell Depth (expanded), in.

Cell Area (expanded) in.”

Cell Seam Strength, lbs. See Note 2

Note 1: All values, unless otherwise specified, ¢

the test method.

Note 2: U.S. Army Corps of Engineers Technice

The geocell retaining wall was designed by the —-—
and actual versus the required factors of safety:

Unit Weight of Geocell Infill = 130 pcf
Internal Friction angle of Geocell Infill =
Cohesion of Geocell Infill = 0 psf

Unit Weight of Retained Fill = 125 pcf
Internal Friction angle of Retained Fill =
Cohesion of Retained Fill = 0 psf

Unit Weight of Foundation = 130 pcf
Internal Friction angle of Foundation = 3:
Cohesion of Foundation = 0 psf

FS external sliding =153>15
FS external overturning =26 >20
FS external bearing capacity 58 >2.0
FS internal sliding =152>15
FS internal overturning =25>20

The contractor’s design required the bottom wid!
stability analysis required a minimum bottom wi
Therefore, the lower three rows of the geocell w
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Construction

Construction of the bank stabilization was comp
the site was difficult and required excavation ¢
temporary shoring to allow placement of the ge
final rows of geocell before winter is shown in :
with the erosion control blanket installed on the 1

The geocell retaining wall has performed well
wall had minimal impact on the Sawmill River {
to be minimized. Figure 9 show the project one
project fours years after completion.
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Geocell Wall Stability

Evaluation of the external and internal geocell w
spreadsheet developed to evaluate overturning a:
of individual rows of the geocell wall. The fac
values were:

FS external sliding =15 >15
FS external overturning =37 >20
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Figure 12 — Rabun County Site 3 Global Slope S

Construction Drawings and Specifications

The contract specified the geocell material be Pr

approved equal. The cells were required to be 6-

polyethylene (HDPE). The products specified

retaming structures. The cell depth allows adeq

HDPE material provides long term durability.

The Georgia Department of Transportation (G._ _ _ _, . _ e

812-Backfill Materials, 812.2.04 Mechanically Stabilized EmbanlqnenthSjE_j_ Backﬁll T_hjs_
gradation was required for the geocell infill material. The gradation is shown in Figure 13.
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The geocell retaining wall has performed well for over one year with minor problems near the
ends of the wall discussed in Lessons Learned below. Figure 19 shows the project one year after
completion.
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retaining wall and the internal stability of each layer of cells. It does not evaluate the global
stability of the slope. A global stability analysis should be conducted on all projects, in
particular those with steep upper slopes or deep soil foundation materials. The Sawmill River
site would not have had a global slope stability factor of 1.3 had the wall been designed to only
meet the required factors of safety for the geocell wall stability.

Geocell retaining wall design often assumes the material retained by the wall is adequately
drained and will not produce hydrostatic pressures on the wall. If the retained material 1s not
adequately drained, an adequate drainage system must be designed and constructed. If drainage
features are not included, the geocell wall should be designed considering the potential
hydrostatic pressure behind the structure.

For sites that repair or stabilize a portion of a slope, the transition into the adjacent natural slopes
1s critical. Extension of the geocell walls into the adjacent slope will help prevent localized slope
failure or erosion at the ends of the retaining structure. Figure 20 shows the results of not
extending the geocell around the ends of the wall.
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conducted during design using hand calculations or spreadsheets. For larger projects, submittal
of a wall design by the contractor/supplier may lead to cost savings. Minimum wall dimensions
may be necessary to provide the global slope stability as this is often not evaluated by wall
manufacturers.
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wall was 9 feet with a stem width of 0.83 ft, while the width of the base was 1.83 ft. The backfill
was a low plasticity clay (CL). As a result of this design, the wall was not able to withstand the
lateral pressures from the backfill and noticeable cracks in the wall developed within one month
after backfilling. The backfill soil was then removed to relieve pressure on the wall until a
remediation scheme could be developed and implemented. A geotextile wrap-face wall was
chosen to reinforce the soil mass behind the existing concrete wall, which now acts as a facade.
The geotextile wrap-faced wall was designed with a high strength woven geotextile with seven
layers of reinforcement. The in-situ soil (CL), a marginally suitable material, was used for the
backfill. Extensive drainage was incorporated in the design and construction of the geotextile
wrap-face wall to reduce positive pore water pressures in the backfill. A gap between the face of
the geotextile wall and the back of the concrete wall allows for deformation of the wrap-face
wall without contacting the concrete wall. Index and compaction tests were performed on the
backfill soil and interface shear tests were conducted with the geotextile and soil to provide
design parameters. The geotextile wrap-faced wall was constructed in July 2006, and the
performance is being monitored. To date, four months post construction, no significant lateral,
nor vertical movements have occurred, and the drainage system has successfully handled
significant flows.

INTRODUCTION

Throughout the world there is an increasing lack of available prime development space due to
increasing population and associated land development. As a result, structures enabling
maximum land utilization, such as retaining walls and mechanically stabilized earth (MSE), are
becoming increasingly popular. Retaining walls are built to accomplish exactly what their name
implies, retain, or reinforce, a mass of soil, rock, or other material. Many different types of
retaining walls exist, and include gravity and cantilever concrete retaining walls, and MSE
retaining structures constructed using geosynthetics or metallic reinforcement. According to
MSE wall design manuals by FHWA (1997) and AASHTO (2000), the MSE backfill soil must
be of high quality, i.e., contain less than 15 percent fines. Limiting the amount of fines (particles
passing #200 (0.075 mm) sieve) ensures proper drainage throughout the backfill, mitigates the
buildup of positive pore water pressures in the backfill soil and dramatically reducing the stress
on the wall face. Positive pore water pressures produce seepage forces on the reinforced fill that
decreases the stability and reduces the shear resistance of the reinforced soil fill. Studies show
that forces against a retaining wall with poor drainage can be twice those of a properly drained
reinforced fill soil (Christopher and Stulgis 2005). Well-draining backfill 1s considered high
quality but can be difficult and/or expensive to obtain. Koerner (1998) provided a comparison of
wall costs for various types of retaining walls. His survey showed MSE geosynthetic retaining



use of backfill soils containing more than 35 percent fines, as well as addressing the drainage of
such structures (NCMA 2002). However, few full-scale MSE walls using marginal backfill have
been performance monitored and documented

A concrete retaining wall was constructed during October/November 2005 at a residential
property to establish an elevation difference between the front yard area and the adjacent lower
level garage (Figures 1 and 2). The project site is located in Boone County, Missouri, USA. The
concrete wall was constructed with number four (0.5 in. diameter) vertical and horizontal rebar
spaced vertically and laterally every two feet and has a height of eight feet (2.4 meters) (Figure
3). The nine-foot tall retaining wall ties into the existing wing wall of the house and extends
westward approximately 29 feet then makes two 45-degree angles and extends 14 ft. north. At
this point the wall height reduces to four feet and the wall continues for about 10 more feet
before turning back to the east.
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backfill.

Table 1 - Calculated and desired factors of safety of existing concrete wall

Factory of Safety Condition Desired Value Calculated Value
Overturning >2.0 0.2
Sliding >2.0 0.4
Bearing Capacity >2.0 57

GEOTEXTILE WRAP-FACE WALL DESIGN

A wrap-face retaining wall was chosen to reinforce the soil mass immediately behind the existing
concrete retaining wall. The wrap-face retaining wall consists of layers of compacted backfill
with a reinforcing geotextile or grid between each soil layer that wraps around the exposed face
of the layer and is embedded within the soil mass to form a wrap-face. The reinforcing material
and earthen backfill are two integral components that are key to wall performance. The strength
of an MSE wall comes from the fill and the reinforcement. The fill provides 80-85% of the
wall’s strength, while the reinforcement provides 15-20% of the strength. As a result, the type of
fill chosen for construction has a great effect on the overall strength of the MSE wall (Lawson
2005). The backfill material available for this project was the on-site soil, a light brown silty
clay (liquid limit 42, plasticity index 16, 100% passing 0.075 mm), and classified as a low
plasticity silty clay (CL), (Unified Soil Classification System ASTM D2487). It was considered
a marginal backfill soil.

A moisture-density relationship was developed by performing variations of the standard Proctor
test (ASTM D698). Two compaction energies were used to perform the tests, standard Proctor
energy (12,400 ft-Ib/ft*), and 50 percent standard Proctor energy (6,200 ft-Ib/ft°). The
maximum dry unit weight and optimum moisture content obtained using standard Proctor energy
was 105 pcf, and 17%, respectively. Using 50 percent standard Proctor energy, a dry unit weight
of 94 pcf and an optimum moisture content of 23% were obtained. The reinforcement material
was a woven polypropylene geotextile with an ultimate strength of 400 lbs/inch (wide-width).
The allowable tensile strength was calculated to be 120 lbs/in. The interface friction angle, 3,
between the geotextile reinforcement and backfill soil was further measured using a tilt table and
by direct interface shear tests. The tilt table results indicated & = 45 degrees. Direct shear test
configurations included shear in the geotextile’s machine direction, cross-machine direction, and
cross-machine direction with specimens submerged in water. The normal stresses used for each
configuration were 1, 5, and 10 psi, chosen to bracket the stresses expected in the field. Each
direct shear test was performed until peak friction between the soil and geotextile occurred or



e TTTeT T (ps1) (degrees)

Shear in ge_otex_tlle machine 25 50
direction

Shear in geotextile cross-

machine direction 3.5 32

Shear in geotextile cross-
machine direction while 1.0 30
submerged in water

The internal and external stability of the wrap-face retaining wall was analyzed and a design
produced using the measured material properties. Internal stability of the wall was first
addressed. To achieve internal stability, geotextile spacing, length, and overlap distance were
determined. Assumptions in the wrap-face wall design included a backfill total unit weight of
115 pcf and an effective friction angle of 25 degrees. The interface friction angle was assumed to
be 15 degrees. This value 1s lower than the values that were found during interface shear testing;
however, it was assumed that construction practices will not be as controlled as in the laboratory,
thus a reduction in the interface friction angle might better approximate the field case. A
cohesion value of 2 psi was originally used in the design, which falls within the range of
cohesion values obtained during the direct shear tests; however, the cohesion was assumed to be
zero for long-term analyses and calculation of the geotextile lengths. The friction angle of the
backfill was assumed to be zero degrees for purposes of locating the failure plane and
determining the length Lo. The ultimate tension for the geotextile reinforcement was assumed to
be 400 Ibs/in. (wide-width tension), (Propex Fabrics 2006). The allowable tesile strength of the
geotextile when accounting for damage due to installation, biological effects, and chemical
effects as well as creep, was calculated to be 120 1b/in. and this strength was used in the design.

External stability of the geotextile wrap-face wall was analyzed by determining the safety factor
with respect to overturning, sliding, and bearing capacity (Table 3). The factor of safety with
respect to overturning for the reinforced mass was calculated at 5.0. This value is significantly
increased compared to the same value for the existing concrete retaining wall. The factor of
safety with respect to sliding was calculated at 1.5. Although this value is less than the desired
value of 2.0, a conservative analysis was utilized while performing the calculation because the
existing concrete wall was not incorporated in the stability analyses. The actual wrap-face wall
will have a greater sliding resistance due to the base of the concrete wall located directly in front
of the base of the reinforced mass (Figure 4) . The external stability of the wrap-face wall is
significantly higher than the external stability of the existing concrete wall when in the backfilled
position. The final design of the geotextile wrap-face wall included seven layers of geotextile
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CONSTRUCTION OF GEOTEXTILE WRAP-FACE WALL

Construction of the geotextile wrap-face wall using marginal backfill took place on July 17 — 24,
2006. Project conditions encountered at the site varied slightly from expected conditions. As a
result, minor changes in construction as compared to the original design were needed to facilitate
the conditions present. Upon arriving on-site, a survey of the existing drainage system was
performed. Inspection of the perforated pipe drainage system revealed that the pipe was clogged
(Figure 5), nearly level and presented an indirect route for drainage of water behind the wall.
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After installation of the second layer it was apparent that the rolled up drainage blanket was
slowing progress, and difficult to work around. As a result, the blanket was cut and placed under
each lift separately thereafter. Before installation of the third lift was possible, timber face forms
were constructed and placed on top of the second lift.

Geotextile reinforcement was cut to the correct length, placed for the third lift, tucked behind the
timber face forms, and backfilling began using the on-site soil (CL). The method for backfilling
included filling up to the lift height at the wall face, then sloping the backfill away from the face
of the wall. The geotextile reinforcement was wrapped around and placed on top of the backfill
and tensioned. Backfilling continued until a level lift was achieved, and compaction using the
skid loader was performed. Nuclear density tests of the compacted backfill were performed, and
showed an average dry unit weight of 97 pcf, and a moisture content of 18 percent, which
correlate to approximately 75% standard Proctor energy.

Gravel was used for the backfill along the far west side of the excavation to facilitate drainage
along the wall face. The fourth through eighth lifts were constructed in this manner with proper
geotextile reinforcement lengths and lift thicknesses (Figure 8).



and a heavy precipitation event occurred. Surface run-on water ftiltrated the reintforced soil
mass, traveled through the drainage system and exited in the drainage ditch (Figure 9) providing
evidence that the drainage system constructed throughout the wrap-face wall was working.

Construction of the final lift, #9, was completed on Monday, July 24, 2006. The addition of the
lift brought the geotextile wrap-face wall height even with the concrete retaining wall. The final
lift of the geotextile wrap-face wall was graded and compacted so that precipitation will flow
away from the reinforced soil mass, not through it (Figure 10). This area will be sodded to
increase evapotranspiration thereby further reducing infiltration into the reinforced soil mass. A
permanent cover will be placed over the gap between walls, to mitigate exposure of the
geotextile ultra-violet radiation.

GEOTEXTILE WRAP-FACE WALL DESIGN VS. FIELD CONSTRUCTION

Several differences between the initial wall design and actual field construction (Figure 11) are
present due to the on-site conditions. The total number of soil/gravel layers was increased from
7 to 9. The bottom layer was utilized as a leveling pad and constructed using 2- inch clean
gravel. The second layer, first reinforcing layer, was also constructed using gravel and rested on
the footing of the concrete wall. The geotextile reinforcement wrapped around the 3-inch
diameter perforated pipe.



Several difterences between the design and as-built geotextile walls were tound i the dramnage
system. The original drainage system consisted of perforated drainage pipe resting on the
concrete wall footing and exiting on the west side. The underdrain would tie into a proposed
sand layer that would allow infiltrated water to enter the drainage pipe and flow out of the
reinforced soil mass. The as-built drainage system also consists of a perforated pipe running on
top of the concrete wall footing, but the pipe exit is at a lower elevation, below the footing
enabling infiltration to drain down slope (Figure 12). The bottom 2 feet of the geotextile wall
were constructed of 2-inch clean gravel to permit infiltrated water to enter the drainage pipe and
exit the reinforced soil mass. Nonwoven geotextile was also placed on the east and west wall of
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INSTRUMENTATION AND FIELD PERFO.

The deformations of the wrap-face wall and exist

Installation of the geotextile wall allowed for some deformation of the wrap-face wall prior to
contacting the concrete wall. After the completion of each layer, a gap between the concrete
wall and geotextile wall remained when the timber face forms were removed (Figure 13). The
gap has closed or reduced in some areas along the wall face due to the geotextile being tensioned
by the deforming soil Tell-tale® crack gauges (Figure 14) were installed over the existing cracks
on the concrete wall face to monitor the concrete wall crack widths. An existing concrete wall
survey was performed prior to construction of the geotextile wall. The survey included wall
inclination, crack location and width, and wall translation.
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The crack gauge data indicate little movement or crack enlargement in the existing concrete wall
has taken place over four months after geotextile wrap-face wall construction. Maximum crack
movements of 1 mm have been recorded in the gauges.

CONCLUSIONS

A 9-foot tall geotextile wrap-face wall was constructed using marginal backfill material. The
backfill soil classified as a low plasticity clay. An extensive drainage system was installed
beneath and around the sides of the backfill. The surface of the backfill was graded to promote
surface runoff in a direction away from the wall. Monitoring of lateral and vertical deformations
of the wall has shown some movement in the wrap-face owing to tensioning of the geotextile;
however, the wall appears to be performing well. Several significant precipitation events have
occurred and the drainage system was observed to be performing well. The wall has been in
place for approximately four months and performance monitoring will be continued to observe
the performance over a full compliment of seasons.
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The National Concrete Masonry Association (NCMA) published the First Edition of the Design
Manual for Segmental Retaining Walls (DMSRW) in 1993 to provide a standardized engineering
approach for the analysis and design of conventional and reinforced soil segmental retaining
walls (SRWs). The Second Edition of the DMSRW was published in 1997 and the companion
NCMA Segmental Retaining Wall Drainage Manual was published in 2002; the latter provided
general guidelines for incorporating surface and subsurface drainage details and systems into
SRW design and construction to minimize the potential for hydrostatic forces to develop and to
provide guidance for including hydrostatic forces when drainage alone will not eliminate the
potential for water to load the SRW. The Third Edition of the DMSRW, completed in 2007,
incorporates significant changes in the state-of-the-practice regarding MSEW and SRW topics.
This paper summarizes these changes and discusses the rational for each. This paper will serve
as a useful guide for practioners, particularly those designing with the aid of software based upon
the earlier Second Edition of the DMSRW. The paper is directed towards designers and
specifiers of the materials and methods used for SRWs.

a state-oI-tne-pracrice engineerng approacn Ior me anarysis and design oI segmental reraining
walls (SRWs). The First Edition of the DMSRW was published in 1993 and the Second Edition
was published in 1997. In 2002, a companion manual, the Segmental Retaining Wall Drainage
Manual (SRWDM), was published. The Third Edition of the DMSRW incorporates the design
recommendations of the DMSRW and the design principles for the inclusion of hydrostatic
forces and surface and subsurface drainage details and systems presented in the SRWDM into
one document.



sloping toe conditions. This paper summarizes these changes and discusses the rational for each
change.

DISCUSSION OF CHANGES TO MANUAL
Deletion of Hinge Height Concept

In the previous editions of the DMSRW, the hinge height concept was implemented in all local
facing stability calculations. The hinge height limited the maximum weight applied to any SRW
unit interface for calculation of shear capacity and facing connection strength based on the
geometry of the system and shape of the SRW unit.

Research over the last decade has demonstrated that the concept of hinge height does not
realistically predict the vertical load on an SRW unit within a wall. Friction that develops
between the reinforced soil and SRW unit effectively transfers vertical load to the SRW units
equivalent to the height of the wall above the unit regardless of hinge height.

Deletion of Bulging Calculations at the Wall Face

Bulging of a SRW in the vertical plane occurs when a SRW unit does not maintain its relative
position with respect to the SRW units above and below it. The relative position of one course to
the next is maintained by shear resistance. Therefore, for reinforced soil SRWs, all units must
possess sufficient shear capacity to resist the theoretical horizontal earth pressure being applied
between layers of geosynthetic reinforcement. Consequently, resistance to bulging is controlled
by: the magnitude of applied pressure; the vertical spacing of geosynthetic reinforcement; and,
the shear capacity between SRW units.

In previous editions of the DMSRW, the shear force applied to the SRW units was thought to
vary with location along the height of the wall. For analysis of bulging, the dry-stacked SRW
units were modeled as a continuous beam subjected to a continuous distributed load (i.e., earth
pressure) using a simplified equivalent beam method as proposed for flexible tied-back steel
sheet pile retaining walls.

The bulging calculation presented in the previous editions of the manual does not model the
failure mechanism associated with bulging of the SRW. The Third Edition of the manual has
replaced the previous bulging calculation with the more rigorous compound stability analysis,
which models the actual failure mechanism when bulging occurs.



VLI Ul DUVLYDIOLUL VWULLOW UV LIWVLL VL LIUVBLINEL WAED WL RZAN YY O VY LLLL Ul VWL LAV uuol&,.u. \JUILOJ\J\JLJLIE AT

inch deformation.

The serviceability requirements for connection strength have been eliminated in the Third
Edition of the DMSRW. When following the construction guidelines provided in this manual,
the connection between the SRW unit and geosynthetic reinforcement is pre-stressed. This pre-
stressing eliminates the serviceability issue for currently available combinations of SRW units
and geosynthetic reinforcements. If, in the future, more flexible reinforcements are used to build
SRWs, the serviceability requirement provided in the Second Edition of the DMSRW may be
appropriate.

Hydrostatic Loads

Previous editions of the DMSRW included limited discussion of the impact of groundwater on
the design of an SRW system and design and analysis methods were not presented for cases
where groundwater was present. The stability calculations presented in the Third Edition of the
DMSRW cover a range of groundwater table locations and the methodology for incorporating
the hydrostatic forces from these water levels into the design of the SRW.

In many cases, the groundwater table is located well below the base of the wall (i.e., greater than
0.66H where H is the height of the wall). For this case, all stresses are computed as total stresses
and do not have to be modified for the influence of porewater pressure. In addition, the
destabilizing effect of hydrostatic pressures or seepage forces is not a concern when the
groundwater table 1s at this depth.

There are also many cases when surface and internal drainage can not effectively remove the
groundwater from an SRW system. The design of the SRW in these cases must consider the
destabilizing affects of the hydrostatic pressure from the water. Figure 1 illustrates the conditions
where water pressure affects the design of an SRW. There are three different water levels that
should be considered in the design. For external stability calculations the height of the
groundwater 1s defined as Hy.. For internal stability, the height of the groundwater within the
reinforced soil mass is defined as Hy;. For facing stability, the height of the groundwater table
within the drainage aggregate is defined as Hyyq.

Failure Modes

The external, internal, and local stability failure modes presented in the previous editions of the
DMSRW remain unchanged with the exceptions that the hinge height concept, the bulging



additional bearing capacity analysis improvement is a discussion of the impact of a sloping toe in
front of the SRW on the bearing capacity of the SRW system. The Third Edition of the
DMSRW places particular emphasis on the use of the global stability analysis when weak soils
are present as retained fill and/or as foundation soils.

Internal stability analyses include tensile overstress, pullout, internal sliding, and compound
stability (Figure 2). The internal stability analyses determine the minimum strength, minimum
number, and required vertical spacing of reinforcement layers. The Third Edition of the
DMSRW places particular emphasis on the use of the compound stability analysis to improve the
efficiency of the internal stability design.

Local stability analyses include facing connection and maximum unreinforced height (Figure 2).
The unique dry-stacked construction method using SRW units and the connection of the SRW
units to the geosynthetic reinforcement layers requires that these local stability analyses be
carried out to ensure the column of SRW units remains intact.

Global/overall slope stability failure is a mass movement of the entire reinforced soil SRW
structure including the soil adjacent to the structure (Figure 2). Generally, the reinforced soil
SRW i1s assumed to act as a coherent structure in the overall rotating mass (Figure 2). The Third
Edition of the DMSRW recommends that the responsibility for ensuring adequate global/overall
slope stability shall be coordinated between the retaining wall designer, project civil engineer,
and project geotechnical engineer.

Compound stability 1s similar to global stability except the failure surfaces pass through both the
unreinforced and reinforced zones (Figure 2). For simple structures with rectangular geometry
relatively uniform reinforcement spacing, and a near vertical face, compound failure surfaces
passing through both the unreinforced and reinforced zones will not generally be critical.
However, if complex conditions exist, such as changes in reinforcement soil types or
reinforcement lengths, high surcharge loads, sloping faced structures, significant slopes at the toe
or above the wall, or stacked structures, compound failures must be considered and analyzed.
The Third Edition of the DMSRW recommends that the responsibility for ensuring adequate
compound stability rests with the retaining wall designer.
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especially important when saturated clay foundation soils, reinforced fills, or retained fills
comprise the site soils (although the use of clay soils for reinforced fill is highly discouraged,
especially if water is present). Under the appropriate conditions, the drained or undrained
strength of the soil must be used to analyze sliding, bearing capacity, global stability, and
compound stability.

Drained strength of the soil 1s the strength of the soil that results when the soil 1s loaded at a
slow enough rate that pore pressures, induced by an applied load, are able to dissipate or drain.
Pore pressures dissipate very quickly in free draining materials and very slowly in clay soils or
other soils that are not free draining (P,oo > 5 percent).

Undrained strength of the soil is the strength of the soil that occurs when the soil is loaded at a
rate faster than the rate required to attain drained conditions and drained shear strength. Such
conditions are referred to as undrained conditions. Undrained conditions are not encountered in
free draining soils because pore pressures dissipate or drain immediately as a load is applied. In
soils that are not free draining, the pore pressures cannot dissipate or drain at a rate fast enough
to attain a drained condition.

There are three different shear strengths for saturated clay soils:
e Consolidated Drained shear strength (CD shear strength)
e Consolidated Undrained shear strength (CU shear strength)
¢ Unconsolidated Undrained shear strength (UU shear strength)

The CD strength of a saturated clay soil is obtained from a CD triaxial shear strength test in
which the soil sample i1s consolidated under a confining pressure surrounding the soil that is
similar in magnitude to that which the soil is expected to be subjected to in-situ. After the pore
pressures in the soil generated by the applied confining pressure have dissipated, the soil sample
1s considered to be consolidated. The sample is then loaded axially, at a rate which allows the
pore pressures generated by the applied axial load sufficient time to dissipate or drain, until the
sample fails. As such, the CD test sample is consolidated prior to loading and sheared under
drained conditions.

The CU strength of a saturated clay soil 1s obtained from a CU triaxial shear test in which the
soil sample 1s first consolidated in the same manner as for the CD test. The sample is loaded
axially to failure without allowing the pore pressures generated by the applied axial load to
dissipate or drain. As such, the CU test sample is consolidated prior to loading and sheared
under undrained conditions. The CU test may also be used to determine the CD strength of the



undrained conditions. The unconfined compression test is a simple form of the UU test where
the confining pressure is not applied to the sample and the sample is loaded axially as for the CU
and UU tests.

Design Cases for the Failure Modes

Generally, total stress parameters are appropriate for the design of conventional gravity and
reinforced SRW structures provided that porewater pressures are not present. However, when
the groundwater table is within or in close proximity to the SRW system, effective stress
parameters and effective shear strengths may be appropriate. Furthermore, three distinct design
cases must be analyzed when saturated clays are present and specific shear strengths must be
used for these design cases:

¢ End of Construction Case (EOC Case)
e Long Term Steady Seepage Case (LTSS Case)
¢ Rapid or Sudden Drawdown Case (RDD Case)

End of Construction Case. The EOC case represents undrained conditions in clay soils. Excess
pore water pressure is present because the soil has not had time to drain since being loaded.
Total stresses with UU soil shear strengths are used, along with the assumption that the soil has a
friction angle equal to zero. An example of when this case would result 1s immediately after the
construction of a SRW on a clay foundation soil. The SRW should be analyzed for the EOC
case when analyzing sliding, bearing capacity, global stability, and compound stability.

Long Term Steady Seepage Case. The LTSS case results when a long time has passed since a
SRW was constructed on a clay foundation or after a steady water level behind or in front of the
a SRW has been maintained for a long time. Over this time period, the pore pressures generated
in the clay foundation soil by constructing the SRW will have dissipated or drained, resulting in
drained conditions. As such, effective stresses and CD shear strengths are used for this case.
The SRW should be analyzed for the LTSS case when analyzing sliding, bearing capacity, global
stability, and compound stability.

Rapid Drawdown Case. The RDD case is caused by the lowering of a water level adjacent to a
SRW at a rate that is faster than the time required for the soil to drain significantly. The rapid or
sudden drawdown is assumed to occur instantaneously for this design case, regardless of the
actual rate of the lowering of the water level. As the water level drops, the stabilizing effect of
the water 1s removed, increasing the shear stress acting on the soil, while the shear stresses are



LTSS conditions develop, total stresses and the CU undrained shear strengths are used in the
RDD analysis (Duncan and Wright 2005).

Minimum Required Factors of Safety

Selection of appropriate factors of safety should be based on the certainty with which design
parameters and the consequences of failure are known. The Third Edition of the DMSRW
includes a table, included herein as Table 1, with recommended minimum factors of safety for
the external stability failure modes for reinforced SRWs (base sliding; overturning or
eccentricity; bearing capacity; global stability; and, compound stability) based on several cases
for each failure mode and the soil shear strength required to be used to analyze the failure mode
for that case. Included in these recommended minimums are typical levels of uncertainty in wall
geometry and imposed loadings; a separate portion of Table 1 addresses factors of safety with
respect to the uncertainty of the accuracy of the design soil parameters.

Confidence
High Med Low
1.5 1.6 1.7
1.0 1.1 12
1.2 1.3 1.4

e/L <.167

e/L <.167




Compound Stability

Casel [LTSS CD 1.3 1.4 1.5
Case Il | RDD CU 1.1 1.2 1.3
Case III | EOC UU 1.2 1.3 1.4

Bearing Capacity Analysis

The bearing capacity discussion is modified in the Third Edition of the DMSRW to include
bearing capacity analyses when a ground slope exists in front of the wall and when the
groundwater table 1s at an elevation between the bottom of the footing and a depth equal to
0.66H below the bottom of the footing. The ultimate bearing capacity Qy; is determined using
Equation (1):

Qut=ceN.+0.5v¢B N'y+'}(fHemb Nq ................................... (l)
Bearing Capacity for Walls on Slopes
For walls on slopes additional bearing c¢

wall, denoted g., gq. and g,, are included n
Equation (1) 1s modified to the following form (I

Quit = £ Nege +0.57s B'e Nygq + V¢ Hey Ny,

where: g.=1-vy /147
gq= gy =(1-0.5 tan v’

For the EOC design case when the found
to the following form (Equation (3)):

it = 0. 14 Sy (1= 8 ) Qe 3)
where: g./= v/ 147", using g. = 0.0 for horizontal ground in front of the wall

Groundwater Effects on Bearing Capacity



where B's 1s the equivalent footing width due to eccentric footing loads and 1s calculated as B'r =
Bs—2e and yy = total unit weight of the foundation soil.

Case 2: Groundwater table rises to or remains just below the leveling pad elevation during the
design life of the structure. Ultimate bearing capacity (Q.;) when the groundwater table rises to or
remains just below the leveling pad elevation during the design life of the structure is determined
using Equation (5):

Qut = cs N +0.5yn B’fNY + v Hemp Nq ....................... (5)
where: Y11 = buoyant or effective unit weight of soil
Y1 =  Vsat - Ywater
Yat = saturated unit weight of soil
Ywater = unit weight of water
1 = 7 = total unit weight of soil

If the groundwater is stable at an elevation between the leveling pad and a depth of 0.66H, an

average unit weight should be used for y5,. This 1s a fourth case condition. Note that the cohesion
(cp) of the foundation soil may change as the groundwater table rises. Ground slope factors
should be added to the appropriate bearing capacity terms.

Case 3: Permanent or infermittent groundwater is present in the retained soils above the leveling
pad elevation. Ultimate bearing capacity (Q,;) when permanent or intermittent groundwater is
present in the retained soils above the leveling pad elevation is determined using Equation (6):

Qut = cs N +0.5yn B’fNY + vp Hemp Nq ........................ (6)
If the groundwater level is at the finished grade at the toe of the wall, both yfl and yf2 are equal
to v. Note that the cohesion (cf) of the foundation soil may change as the groundwater table rises.
Ground slope factors should be added to the appropriate bearing capacity terms.

REINFORCED FILL GRADATION RECOMMENDATIONS

The Third Edition of the DMSRW includes a recommended gradation for reinforced fill; this
gradation is presented in Table 2. The reinforced backfill shall be free of debris and consist of



Special emphasis 1s place on the following qualifier statements:

e Cohesionless free-draining materials, which are materials having less than 5 percent
passing the No. 200 sieve, are preferred, especially when the groundwater level is above
the top of the leveling pad, unless proper internal drainage is installed behind and under
the reinforced fill zone.

e Soils with low-plasticity (i.e., LL < 40, PI < 20) fines may be used provided the
following four additional design criteria are implemented:

= Proper internal drainage is installed.

=  Only soils with low to moderate frost heave potential are utilized.

= The internal cohesive shear strength parameter c¢ is conservatively ignored for
stability analysis.

» The final design is checked by a qualified geotechnical engineer to ensure that the
use of cohesive soils does not result in unacceptable time-dependent movement of
the SRW system.

e The maximum size should be limited to 1 inch for reinforced soil SRWs unless tests have
been performed to evaluate potential strength reduction in the geosynthetic due to
installation damage.

e The pH of the backfill material shall be between 3 and 9 when tested in accordance with
ASTM G-51.

GRAVEL FILL GRADATIONS RECOMMENDATIONS

The Third Edition of the DMSRW includes a recommended gradation for reinforced fill;
this gradation is presented in Table 3. Gravel fill shall be a clean crushed stone or granular fill
meeting the following gradation as determined in accordance with ASTM D 422:



current version of the SRWall software. The users of the SRWall software need to utilize
manual computations in conjunction with the results obtained from SRWall to determine
appropriate factors of safety. For example, the driving forces due to hydrostatic loads resulting
from water in the retained fill need to be determined manually and added to the driving forces
reported by SRWall for base sliding in order to determine an accurate factor of safety against
base sliding that considers the impact of the hydrostatic loads.

COMPARISON TO AASHTO SRW DESIGN GUIDANCE

The changes made to the previous versions of the DMSRW should not impact the
economics of the SRW systems used in private and commercial applications. There may be
some concerns that the DMSRW is now more aligned with AASHTO (2002); the authors do not
see that as a concern. The following paragraphs address the major comparisons between the
NCMA and AASHTO (2002) for SRW design.

Minimum Reinforcement Length

The NCMA DMSRW requires a minimum req

(2002) requires a minimum reinforcement leng

varies between the two guides. The reinforceme

in NCMA DMSRW. AASHTO (2002) states th

face of the SRW unit. The DMSRW and A:

external stability FS values be satisfied even 1f tic . coo. oot coipin st e e camens v cenane
0.7L, respectively.

Uniform Reinforcement Length

The NCMA DMSRW allows for the use of non-uniform reinforcement lengths; the
reinforcement length can vary along the height of the SRW. AASHTO (2002) generally (i.e., for
non geometrically complex walls) requires the use of uniform reinforcement length along the
height of the SRW.



The NCMA DMSRW requires a minimum embedment length of 1 foot beyond the theoretical
internal stability failure plane. AASHTO (2002) requires a minimum embedment length of 3
feet beyond the assumed internal stability failure plane. The DMSRW and AASHTO (2002)
both require that all minimum internal stability FS values be satisfied even if the reinforcement
length 1s greater than 1 foot or 3 feet, respectively.

SUMMARY AND CLOSURE

The third edition of the DMSRW combines the guidelines developed in the second
edition of the DMSRW with the Segmental Retaining Wall Drainage Manual to create one
comprehensive document for the static design of SRWs for conditions when either water is or 1s
not present that is current with our state of knowledge of SRW design. As with any new
technology, our knowledge increases with time and modification to the design is a natural
outcome of the maturing of the technology. The changes that have been mcorporated into the
third edition of the DMSRW reflect the maturing of this technology.
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evaluated 1 accordance with the dratt ot GCIL-PCP (Geosynthetic Certification Institute's -
Product Certification Program) that assessed the manufacturing and quality systems of
products evaluates manufactured products. Besides this, installation damage and creep
behaviors were reviewed to confirm for the extension of application end-uses.

INTRODUCTION

New concept bidirectional geogrids were manufactured through combination of arrangement
and coating of high tenacity polyester yams. These new concept bidirectional geogrids have
advantages of textile and membrane type geogrids for evaluation of application fields and
long-term design allowable tensile strength from mechanical properties. For retaining wall
and slope construction method, experimental construction and measurement were discussed
and reanalyzed. We evaluated and verified more systematically the properties and
applications and construction stability of these bidirectional geogrids. Firstly, requiring
engineering properties and performance of bidirectional geogrids, we selected the most
suitable industrial yam and developed newly coating condition, especially, manufactured
excellent engineering properties of bidirectional geogrids with continuous manufacturing
process system. Secondly, direct shear test and pull-out test are adopted to estimate frictional
behavior and long-term design allowable tensile strength of these bidirectional geogrids is
estimated. Also, we examined installation damage and creep behaviors to review the
extension of application end-uses. All the test methods of this study were done to certify with
GCI-PCP of GSI and adopted the draft for bidirectional geogrids written by GSI
(Geosynthetic Institute, Folsom, PA, USA).

Table 1. Standard specification for bidirectional geogrids in reinforcement applications

(e.g., Pavements, Foundations, Bases)

Test
Property Metho | Units Class 3 Class 2 Class 1 Test
d
(AST XM MD XM MD XM | Frequen
D D D cy

451 35| 40 | 40 | 50 | MARV

65| 50| 75|80 | 9.0 [ MARV

1301 100|160 | 17.0 | 19.0 | MARV

1701 160 | 26.0 | 25.0 | 29.0 | MARV




08 | 08 | 0.8 | 0.8 | 0.8 | yearly

30 [ 30 | 30 [ 30 | 30 yearly

- [ 15 [15- [ 15 [ 15- [
75 75| 75 | 75 | 75 | YA

15 30 60 yearly

Ultraviolet Stability ‘ D4355 ‘ @500 ‘ 70 70 | 70 | 70 | 70 | 70 yearly
h.l‘

Notes:
Class Categories are approximately equivalent to that described in AASHTO M288 and
more fully in GRI-GT13
MD — machine, or roll, direction
XMD — cross machine, or cross roll, direction

n/a — not applicable, i1.e, dimensionless
2. EXPERIMENTAL
2.1 Sample Preparation

Table 2 shows the specifications of new concept bidirectional geogrids with manufacturing
process. These bidirectional geogrids A and B were specially designed and manufactured to
develop the junction and creep properties and to compensate for the disadvantages of textile
and membrane drawn type geogrids. Also, these bidirectional geogrids, A and B are made of
fiber-reinforced polymer strips on weaving technology and welded junctions. Firstly, high
tenacity polyester filament yarns were supplied with the optimum numbers of reeling and
then woven by specially designed technology. The schematic diagram and manufacturing
process of these bidirectional geogrids was shown in Figure 1 and 2.

Table 2. Specifications of bidirectional geogrids

Bidirectipna] Manufacturing Material Aperture Size (mm) | Width | Length | Weight
Geogrid Process MD CD (m) (m) | (gmd)
A Welding PET/PP 40 40 1.5 50 353.5
B Welding PET/PP 40 40 1.5 50 310.5

/
-




Figure 2. Manufacturing schematic diagram of bidirectional geogrids
3. RESULTS OF TESTING
3.1 Tensile Properties

The test was performed in general accordance with the ASTM D 6637-01: Standard Test
Method for Determining Tensile Properties of Geogrids by the Single or Multi-Rib Tensile
Method - Method B - Testing multiple geogrid ribs in tension on bidirectional geogrid A and
B. The tensile test conducted with the number of ribs which constructed 200mm width and
then converted to tensile strength per unit meter. Figure 3 and 4 show the tensile strength vs
elongation curves of bidirectional geogrids A and B. From this, it is seen that these two
bidirectional geogrids have the similar tensile properties in both MD and CMD. It is expected
that this behavior is very useful for the application to the pavement related fields.



measuring, nominally, 762mm widex610mm high=<1.52m long. Soil is placed beneath and
above the geosynthetic layer. Horizontal force is then applied to the geosynthetic and the
force required to pull the geosynthetic out of the soil is recorded. Pullout resistance is
obtained by dividing the maximum load attained by the test specimen width. Table 3 shows
the pull-out properties of bidirectional geogrids. Interaction coefficient must be 0.8 and each

product satisfied this requirement.

Table 3. Pull-out properties of bi-axial geogrids

Bidirectional Geogrid

A

MD

| cD

CD




The angle of friction was determined by slope of the plot from maximum shear stress versus
applied normal stress. The friction angle between concrete sand and geogrids must be over

30°at certain stress. The friction angles of each product meet the requirement as in Table 5.

3.4 Aperture Size

The test was performed in general method using vernier calipers on each product. Aperture
size should meet the range from 15mm to 75mm and aperture size of each products meet the
requirement of specified class as shown in Table 6.

Table 5. Shear properties of bi-axial geogrids
I h:;rq;ronf;f\‘nn‘ll I




Lhe test was pertormed 1n general accordance with GK1-GGY: 1orsional Behavior ot
Bidirectional Geogrids When Subjected to In-Plane Rotation on bidirectional geogrid A and
B. In this method, an unsupported square-frame loading specimen is fixed on its four sides in
a horizontally oriented containment box. Its central node is then clamped by torque device
that has the capability of applying moment to the geogrid structure and of simultaneously
measuring the resulting rotation as shown in Figure 4. The modulus of the rotation versus
moment curve is the desired value of geogrid torsional rigidity in units of mm-kg/deg.
Torsional rigidity should meet the requirement of specified class and each products meet the
requirement of specified class as shown in Table 7.

3.6 UV Stability

To determine the Ultra-violet resistance of geogrid, ASTM D 4355-02: Standard Test Method
for Deterioration of Geotextiles by Exposure to Light, Moisture and Heat in a Xenon Arc
Type Apparatus was used. The total exposure time is 500hours and the exposure cycles as
follows: 102 min of licht onlv (hlack nanel temneratire 6543 relative himiditv S04+:5%)



. caisiae Dacasgon s . s Ca e

kN/m B 230 | 323 | 225 | 330 | 979 | 1020
Requirement Value A Over 70
(o) B Over 70

3.7 Installation Damage

To review the extension of application end-uses, we examined mstallation damage and creep
behaviors. Figure 5 shows the schematic diagram of real installation site. The strength
retention of bidirectional geogrid A after installation was evaluated with filled material size
i Figure 6. From this, it is seen that almost no strength change for bidirectional geogrids

would be occurred by installation damage.

3.8 Creep Behaviors

To examine the long-term performance of
behaviors were examined with additional cree
However, it is recommended that the optimur
least 10,000 hours. Therefore, this test is conti
termediate creep test result during 10,000 h
confirmed the creep limited strain of bidirectiol
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Figure 8. Creep behaviors for 10,000 hours of bidirectional geogrid A
4. CONCLUSION

Through the tests, we confirmed the evaluation value of each item was satisfied with the
recommended and tolerance value ranges of GCI-PCP draft of bidirectional geogrids. New
concept bidirectional geogrids A and B having good properties has been developed and is
suited for pavement and any kind of soil reinforcement application.
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The results of a series of direct shear tests are presented in this paper. The direct shear tests are
conducted to investigate the shear properties of the interface between PET geogrid and soils.
During these tests, a large scale direct shear device 1s used. The shearing size of upper shear box
1s 45cmx45cm. Different setup of the lower shearing box including a larger box (45cmx60cm),
box of the same size (45cmx45cm), and a steel plate, are used to investigate the appropriate set
up. Three soils (sand, gravel, and clay) which are prepared to different unit weight are used in
these tests. PET geogird of different tensile strengths of longitudinal and transverse direction,
aperture size, and opening ratio are applied in tests. The test results are compared to study the
important factors to the shear strength characteristics of soil/geogrid interface.

INTRODUCTION

Geosynthetics has been applied commonly in soil structures to provide functions such as
reinforcement, drainage, infiltration and separation. For reinforced retaining wall, if the
soil/geosynthetic interface strength is less than the shear strength of the soil, the interface
indicates a plane of weakness that the direct shear mode failure tends to occur along the
soil/geosynthetic interface. Besides, for the reinforced slope which place geosynthetic along
slope, the inclusion of geosynthetic with higher interface shear strength between soils or other
geosynthetic material indicates a reduce in the deformability of the cover soil and the tensile
forces mobilized in the geomembrane, as well as a increase the inclination of the stable slope
angle (Liu and Gilbert, 2003; Palmeira and Viana, 2003). Pullout test is usually conducted to
estimate the resistance between soil and geosynthetic against pullout mechanism. Wang and
Richwien (2002) proposed a model to estimate the pullout friction based on the shear properties
of soil/geosynthetic interface and the basic material properties (friction angle, and dilation angle).
Therefore, the understanding of geosynthetic/soil interface shear strength is essential to design
and stability analysis of geosynthetic greinforced soil structures.

In general, the interactions between soil and geosynthetic mentioned on literatures include the
following components: (1) friction between soil and geosynthetic; (2) friction between soil and
soil which are trapped in the openings of geosynthetics; (3) passive earth pressure mobilized by
the transverse ribs. Many researches show that the value of the friction of the interface between
soil and geotextile are lower than the value of the internal friction angle of the soil (Cazzuffi et.
al.,1993; Bakeer, 1998; Lee and Manjunath, 2000). For geomembrane and geotextiles, the shear
resistance of soil/geosynthetic interface solely comes from the friction of geosynthetic surface
against soil particles because soil particles are not trapped into the small openings of
geosynhtetics. For geogrid, the frictional resistance composed of the soil to geosynthetic shear
resistance and the soil to soil shear resistance within geogrid openings (Alfaro et. al. 1995). The



A lot of direct shear tests are conducted by considering factors such as type of geosynthetics,
type of soil, size of testing device, and test procedures, on shear resistance of geosynthetic/soil
interface. This study applies the similar approach to perform a series of direct shear tests on
geogrid/soil interfaces and compares the test results.

TEST DEVICE

The size of shearing device can influence the direct shear test results. Generally, the boundary
effect, and device friction, 1s more significant for a smaller shear box. The dimension of shear
box, as regulated by ASTM D5321, with the minimum dimensions of 300 mm by 300 mm
should be used in the direct shear test of geosynthetic/ soil interface. The similar regulation is
denoted in Germany (DIN EN ISO 12957-1). In this study, a large scale direct shear device 1s
used. The picture of the direct shear device is shown in Figure 1. The shearing area is 0.2025 m”
(45cmx45cm). The shearing force in the horizontal direction is mobilized by an electric motor
while the vertical loading i1s applied by a hydraulic jack between the rigid reaction frame and
specimen. The capacities for both loading are 10 tons. Data collected during tests includes force
and displacement in vertical and in horizontal directions which are measured using two load cells
and two LVDT. The geosynthetic specimens are clamped on the lower shearing box (Figure 2).

TEST MATERIAL

Several soils including Ottawa sand, coarse gravel, finer gravel, and clay are used in the tests.
The physical characteristics of each soil are listed in Table 1. The Ottawa sand are prepared into
denser and looser conditions. Their relative densities (Dr) are controlled to 80 %, and 40 %,
respectively. The clay is the fine material of laterite soil. The clay is compacted to 90% degree
of compaction at the optimum water content (24.8 %). The total unit weight of the clay
specimen is 17.07 kN/m’. Six geosynthetics including one geotextile and five geogrid are used
in this study. They are identified as GT, GG1, GG2, GG3, GG4, and GGS, respectively. The
geogrid and geotextile are woven from polyester yarns and coated with PVC. The grid pattern of
GGI1, GG2, GG3, GG4 are similar while GG5 has a different grid pattern (Figure 3). They are
products of the same manufacture. The geogrid and geotextile are commercial products while
the PVE coating of geotextile is specially customized by the authors. The physical
characteristics of these geosynthetics are listed in Table 2.

TEST SCHEME

A combination of large-scale direct shear tests was performed with the objective of estimating



geomembrane can be tested with a solid block or soil in the lower part of the shear box, however
geogrid must be tested by the device which both parts of the shear test device have to be filled
with soil. In this study, three different set up of lower shearing box are used. The effect of
different set up on the test results is evaluated by comparison with results obtained from shear
test with different lower shear box. These set up include: the box with the same size
(45cmx45cm) which is filled with the desired soil, the box with a larger size (45.5cmx58.4cm)
filled with the desired soil, and the larger lower shear box filled with a solid block. These set up
are symbolized as lower box (a), (b), and (c), respectively. The geogrid is placed on the top of
lower shear box and clamped on one end of it. In this series, the PET geogrid GG3 is used in
tests for it is the commercial product and it has the typical pattern.

The shear strength of soil/geogrid interface is compared with the shear strengths of soil/soil and
soil/GT mterfaces. The shear strength of soil/geogrid interface is investigated by using GGS3.
Five soils (dense sand, loose sand, coarser gravel, finer gravel, and clay) are used in this series of
tests. The lower box (a) 1s used in this series of tests.

It 1s of interest to study the effect of longitudinal strength transverse strength, and opening ratio
on the shear strength of soil/geogrid interface. In this series of test, five geogrids are used in tests.
For the purpose of increasing data for analysis, GG1, GG2, and GG3 are transposed by 90° when
they are placed on the lower shearing box, That is, they are sheared in the cross machine
direction. These set up would change the longitudinal and transverse strength but keeps the same
opening ratio. The transposed geogrids are named as GGIT, GG2, and GG3T. Besides, a
fraction of longitudinal and transverse ribs of GG3 and GG4 are removed to change the opening
ratio of geogrid. The laboratory trimmed geogrids are named as GG6, GG7, and GG8. The
geometry and physical properties of these geogrids are also listed in Table2.

TEST RESULTS

The test results of soil/soil shear strength (Tsi/soi1) for the soil material used in this study are
listed in Table 3. The abbreviation symbol for each soil is also listed. These tests are performed
using the large-scale direct shear testing device with lower shear box (a). In the test results
described later in the paper, the shear strengths of these soils are used as baseline values. The
results showed an apparent cohesion for soil/soil interface. This is due to nonlinearity of the
relationship between the shear stress and the normal stress in the stress level used. Since it is
non-linear, it is not reasonable to fit these data with Mohr-Coulomb failure criterion. The shear
strengths of soil/geosynthetic interface (Tsoil/geosynthetic) are normalized by the shear strength of
soil/soil at the corresponding stress level. The normalized value is termed as an interface shear
strength coefficient, o, similar to the “bond coefficient” by Bergado et al. (1993) or “interface
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of lower shear box has not been discussed. The reason for this difference is identified as follows.
It 1s observed that soil particles are extruded out of shear box and heave up at the front edge of
lower, larger shear box when the direct shear test proceeds (Figure 5). It indicates that some soil
particles are not confined well enough. When the lower shear box is larger that some soils in it is
not loaded by the normal loading applied through the upper shear box. This unloaded soil has a
smaller strength thus it provides a smaller lateral confinement to the loaded soil (i.e., the soil
which is sheared). Correspondingly, the measured shear strength is lower. The placement of
steel plate on the lower shear box (lower shear box (c¢)) also produces lower shear box because
the resistance mobilized within grid opening is the friction between soil and steel plate. Since
the steel plate 1s smooth and there is no particle interlocking, the friction between soil and steel

plate is smaller than the friction between soil and soil particles.

The interface shear strength coefficients of soil/Geotextile and s0il/GG3 interfaces for different
normal stress are shown in Figure 6. Most of the  values of soil/GT for different soils are less
than 1, except for the loose sand/GT case in which  value 1s about 1. It means the shear
strength of soil and geotextile interface is less than the shear strength of the soil. The GT/soil
interface is the potential sliding surface when the direct shear mode is concerned. It is especially
significant when geotextile 1s placed within clay for the value ranges between 0.6 and 0.8. It
1s observed that the  values of soil/GG3 are greater than 1 for sand, and they are very close to 1
for gravel and for clay. The test results are similar to Bergado et al. (1993) that the shear strength
of Tensar (polymeric) geogrid/soil interface is greater than that of soil. In general, the shear
strength of so1l/GG3 is larger than that of soil/GT by more than 15 % for dense sand, loose sand,
and clay, while it 1s more than 5 % for gravel. It indicates that the apertures of geogrid can
provide space for development of soil/soil resistance and interlocking. This could increase the
shear strength of geogrid and soil interface.

The ratios of interface shear strength coefficients for different geogrid against soils are shown in
Table 4, 5, and 6, respectively. This ratio indicates the comparison between shear strengths of

two soil/geogrid interfaces of the same set up of shear device. They are calculated as the average



interface shear strength. These ratios are very close to 1.0 (range between 0.97 and 1.02), for
both dense sand and loose sand cases. Considering the standard deviation (larger than 0.03) in
these ratio, the difference in shear strength for geogrid placed in different direction is not
significant. It indicates two possibilities: (1) neither the longitudinal nor the transverse strength
has effect on interface shear strength; or, (2) both the longitudinal and the transverse strength
have similar effect on interface shear strength. Mahmood et al. (2000) reported that the shear
strength of geosynthetic/sand interface is not related to the tensile strength of the geosynthetic.

GGI1 and GG2 have the same nominal transverse tensile strength (30kN/m) and similar opening
ratio (65 % and 64 %, respectively) and grid pattern while GG2 has a greater longitudinal
strength (100 versus 60 kN/m). The test results show that the shear strength of dense sand/GG2
interface 1s about 4 % higher than that of dense sand/GG1 interface while they are about the
same when these geogrids are tested against loose sand (Table 5). It is noted that a similar test
results are obtained for both set up (a) and set up (b) of lower shear box is used. Though set up
(b) 1s not appropriate to estimate the shear strength of the geosynthetics with openings, it seems
this set up 1s valid for comparing the test results for it induces the similar disturbing effect.
GG2T has a greater transverse strength than GGIT. The test results show that the shear strength
of loose sand/GG2T interface is about 3 % higher than that of loose sand/GG1T interface while
they are about the same when these geogrids are tested against dense sand. The test results might
indicate the geogrid with greater tensile strength has larger interface shear strength when it is
placed against sand. However, this tendency is not significant and need more justification.

The effect of opening ratio on interface shear strength is also of interest. GG5 and GG3 have the
same nominal longitudinal and transverse strength while GG3 has a smaller opening ratio (46
versus 55 %). The test results of these geogrid placed against sand show that there is not much
difference between their interface shear strength (Table 5). Since the aperture pattern is
significantly different and this series of test are performed using lower shear box (b) which will
give a lower interface shear resistance, as illustrated in Figure 4, it is not appropriate to draw
conclusion from this comparison. The direct shear test results of gravel against GG3, GG4, GG6,
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soil materials to evaluate the factors which affect the shear strength of soil.geosynthetic
interfaces. The test results reveal that the set up of lower shearing box is important when geogrid
1s used in tests. A plane shear box is not appropriate because the soil/soil resistance is not
developed by using this set up. A lower box which is larger than the loading area (usually the
area of upper shear box) is also not appropriate because the soil outside the loading area is not
well confined to provide lateral resistance. Both set up will produce lower shear strength.
Geotextile placed within soil usually acts as a weak interface in terms of direct sliding. It can be
observed that the interface coefficient for soil/geogrid is greater than soil/geotextile interface
because the geogrid openings provide contributions. The contributions possibly include the soil
to soil contact within the openings, the confinement of soil particles within the openings. The
interface shear strength coefficients of sand/geogrid are greater than 1, it might indicate the
interlocking of sand particles within grid aperture can increase the soil/geogrid interface shear
strength. Though the tendency is not significant, the limit test results reveal that the geogrid with
greater longitudinal strength, transverse strength and opening ratios, has larger interface shear

strength.

Part of the test results and comparison are based
been identified as not appropriate for the soil ou
heaves during shearing. Though the limit co
different set up of lower shear box does not
coefficients significantly, more tests use the app
investigation by the authors to validate the analy:
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Coefficient of uniformity 1.52 1.38 1.49 9.50
Coefficient of curvature 0.95 0.90 0.92 2.63
Liquid limit - -
Plastic limit - -
USCS symbol SP GP
Table 2-1 Geosynthetic Characteristics
Property GT GG1 GG2 GG3 GG4 GG5S
Thickness (mm) 0.96 1.33 1.59 2.20 1.98 1.74
Length of Aperture (mm) - 26.5 26.3 26.6 7.0 36.9
Width of Aperture (mm) - 22.1 216 18.5 7.0 173
Width of longitudinal rib (mm) - 6.6 6.9 10.1 2.5 15.0
Width of transverse rib (mm) - 4.7 4.6 4.6 3.2 1.2
Opening ratio (%) }
(aperture area/m?)/(total area/m?) 63 64 2> 49 46
Nominal Ultimate Tensile Strength
T 100x50 60x30 100x30 200x40 100x100 200x40
longitudinalxtransverse (kN/m)
Table 2-2 Geosynthetic Characteristics
Property GGIT GG2T GG3T GG6 GG7 GG8
Thickness (mm) 1.33 1.59 2.2 1.98 1.98 2.2
Length of Aperture (mm) 221 21.6 18.5 17.2 17.2 57.8
Width of Aperture (mm) 26.5 26.3 26.6 7 16.5 18.5
Width of longitudinal rib (mm) 4.7 4.6 4.6 2.5 2.5 10.1
Width of transverse rib (mm) 6.6 6.9 10.1 3.2 3.2 4.6
Opening ratio (%)
(aperture area/m?)/(total area/m?) 63 64 2> 61 72 60
Nominal Ultimate Tensile Strength
T 30x60 30x100 40x200 100x50 50%50 200x20
longitudinalxtransverse (kN/m)
Table 3 Soil/soil Direct Shear Test Results (use lower shear box (a))
. , Peak Shear Stress (kPa)
Coarser Gravel  Finer Gravel Clay
(CG) (FG) (CL)
64.1 50.3 56.9
1153 95.6 110.5
201.9 182.6 197.5
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Table 5 Ratio of interface shear strength coefficients for different geosyntheitc/sand interfaces

GG2/DS | GG5/DS |GG2T/DS| GG2/LS | GGS5/LS |GG2T/LS
o ratio to to to to to to
GG1/DS | GG3/DS |GGIT/DS| GGI1/LS | GG3/LS |GGIT/LS
1.04 1.00
mean (1.04)* 0.99 1.00 (1.01)* 1.02 1.03
0.08 0.02
sdv (0.05)* 0.08 0.04 (0.06)* 0.07 0.04

*:indicate test results using shear box (a), the other test results using shear box (b)

Table 6 Ratio of interface shear strength coefficients for different geosyntheitc/gravel interfaces

(use lower shear box (a))

GG7/CG | GG6/CG | GG8/CG | GGT/FG | GG6/FG | GG8/FG
ratio to to to to to to
GG6/CG | GG4/CG | GG3/CG | GG6/FG | GG4/FG | GG3/FG
mean 1.06 1.01 1.01 1.04 1.03 1.02
sdv 0.03 0.00 0.02 0.03 0.03 0.03
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Figure 4. Interface shear strength coefficient of s0il/GG3 mterfaces for different set up of lower
shear box
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Figure 6. Interface shear strength coefficient of soil/Geotextile and soil/GG3 interfaces (use
lower shear box (a)).
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geosynthetic reinforced soil (GRS) walls at working stresses. The methodology of interpreting
laboratory test data using the approach is described, and to illustrate the approach, results of the
numerical analysis of a GRS wall are presented. It is shown that the GRS composite approach is
capable of explaining the behavior of GRS composites in different principal directions as well as
and simplifying numerical analysis techniques for GRS walls.

INTRODUCTION

Probably the most common present design method for internal stability of GRS retaining walls is
the tie-back wedge technique (Christopher and Holtz, 1985; Holtz et al., 1997). Because so few
failures of GRS retaining walls have occurred, this method must be very conservative.
Furthermore, because the method is based on limiting equilibrium conditions at the ultimate or
failure stress state, in cannot in principle predict wall face deformations nor provide information
on stresses in the reinforcement before failure. To improve performance prediction and design
procedures for GRS walls, GRS walls must be analyzed under working stresses and this requires
numerical methods.

However, numerical analyses of GRS walls are not simple because of the significant difference
in geometry and engineering properties between the soil and geosynthetic reinforcement. For
example, a very large aspect ratio element has to be built to model the geosynthetics and a large
number of interfaces used to model the soil-geosynthetic interaction. Moreover, because a GRS
element has different directional stress-strain behavior due to the presence of the reinforcement,
different reinforcing mechanisms are assumed in different principal directions. In this context,
the concept of homogenization, or composite material properties, offers a promising approach to
simplify numerical analysis. Analytical models that use this concept represent the behavior of
the reinforced soil composite as an equivalent homogeneous material.

In this paper, theory for analyzing GRS behavior using a composite material approach is
described. Then the methodology for applying a composite approach to analysis of laboratory
GRS test data will be presented. This approach is used to analyze behavior of the GRS composite
under different working stresses. Finally, preliminary results of a case study utilizing GRS
composite properties and numerical modeling to reproduce the instrumentation measurements
from a 12.6 m high GRS retaining wall will be described.

This paper presents the basic theory of a composite material approach for analysis of
geosynthetic reinforced soil, and investigates the feasibility of using the approach in numerical
analysis of wall performance. Composite moduli of a GRS element are determined using
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Equations 3 to 5 are expanded from Eq.2 with plane strain loading conditions applied. These
three equations therefore represent the transversely isotropic elasticity model for a GRS element
under plane strain loading conditions. Composite moduli of the GRS element can be determined
using this model with adequate material testing data, e.g., from the test results of the Unit Cell

Device (UCD).
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1. the reinforciné provides an appéfent cohesion to the soil (Schlosser and Long, 1972), and
2. the effective confining pressure experienced by the soil increases due to tension which
develops in the reinforcement when it is elongated (Yang and Singh, 1974).

Unit Cell Device tests by Boyle (1995) verified the Yang and Singh hypothesis: the tension
developed 1n the reinforcement during straining increases the lateral pressure acting in the soil,
thereby increasing the soil strength. Boyle (1995) was able to directly compute the effective
lateral confining stress (effective soil confining pressure, or ESCP) in the UCD tests because the
end area of the specimen was known and the load in the reinforcement was measured. Effective
soil confining pressure is defined as:

ESCP =0, + L (6)
B-
where:
ESCP = effective soil confining pressure (kPa),
o3c = lateral confining pressure acting on the soil-reinforcement composite (kPa),
T = tension in the reinforcement (kPa),
B = width of the composite (m),
H = height of the composite(m).
COMPOSITE GRS MODULI

In order to verify the analytical model developed above, test data obtained from the Unit Cell
Device (UCD) were used to interpret composite moduli of GRS. The UCD was designed and
fabricated in the University of Washington to test a GRS element under plane strain loading
conditions. The UCD specimen models a GRS element shown in Fig. 1 with dimension of 100
mm in width and 200 mm in length and height (Boyle, 1995; Boyle and Holtz, 1994; Boyle et al.,
1996). Both in-soil properties of geosynthetics and GRS composite properties are measured in
the device. Therefore, terms G131, G2, G33, €11, and €33 in Egs. 1 to 3 can be obtained by reducing
the UCD test data. However, there are still four unknowns (E,, Ep, v, and vy,) remaining in
these equations. Numerical analysis i1s performed to solve them. The steps of the numerical
analysis are:

1. develop a spreadsheet to solve Eqs. 3 to 3,

2. 1insert a reasonable range of values for Poisson’s ratio vy, into the spreadsheet, and

3. compute the composite moduli E, and E; using the spreadsheet.



the composite moduli of GRS reinforced by different geosynthetics at different effective soil
confining pressures. The transversely isotropic elasticity model was also applied to soil-only
tests to obtain the plane strain vertical and horizontal soil moduli. In this way, the reinforcing
effect in both vertical and horizontal direction could be observed.

Table 1. Geosynthetic material used in UCD tests (Boyle, 1995).

Name Material Type 2% Mywt (KN/m)
GTF 200 Polypropylene 103
GTF 375 Polypropylene 204
GTF 500 Polypropylene 357
GTF 1225 Polyester 1126

2% Mywt= secant moduli from wide width tensile test (ASTM 4595)at 2 % strain.

Composite GRS moduli--Figure 2 shows the horizontal composite moduli of GTF 200
material which were sampled at different lateral strain levels. As shown in the figure, the
composite moduli are increased with effective soil confining pressure; and decreased as the
lateral strain level increased.

Figures 3 and 4 show the horizontal and vertical composite moduli of both soil and GRS. The
soil-only tests show that plane strain horizontal soil moduli are larger than vertical because the
UCD specimens were prepared in a plane strain cell and compacted to the desired density during
specimen preparation. As shown in Figs. 3 and 4, both vertical and horizontal GRS composite
moduli increase as the effective soil confining pressure increases for each type of geosynthetic
reinforcement. For different geosynthetics, one can see that the tendency that composite moduli
increase as the in-isolation tensile moduli (2% Myw) of the geosynthetic reinforcements
increase. In both the vertical and horizontal directions, GRS composite moduli are found to be
larger than plane st:ram soil moduli. This shows that the geosynthetic contributes to the
""""""""" = Hrmotios fe dhs boeiooednl - -1 a5 1n the vertical direction. Moreover, all the
be larger than all the vertical GRS moduli under
| by Boyle (1995). This result confirms that the
stion.
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To verify the feasibility of the developed comy
rather high GRS retaining wall constructed at
Washington, was back-analyzed. The Rainier A
m and supported a surcharge more than 5 m higl
fill for the foundation of a bridge abutment. Fou
used, and they were the same materials used n
later replaced by GTF 1225T during constructic
are both multifilament woven polyesters and
reinforcement geotextiles were placed in the Ra
of 0.38 m 1n a classical wrapped-face construc
layers of each geosynthetic. The Rainier Aven
performance, and Figure 5 shows the instrument:

Table 2. Location and layers of geotextiles in Rainier Avenue wall.

Geotextile Location from Layers and
bottom of wall, (m) | layer numbers
GTF 1000 0-3 8 (1-8)
GTF 500 3-6 8 (9-16)
GTF 375 6-9 8 (17-24)
GTF 200 9-12 9 (25-33)

To simulate the performance of the Rainier Avenue wall, two numerical models, COMPA and
COMPS, were developed using the computer program FLAC, a finite difference program (Itasca
Consulting Group, 1993). Both COMPA and COMPS were composite property models
consisting of anisotropic elastic material elements with these input properties: horizontal
modulus, vertical modulus, and the horizontal-vertical plane shear modulus. Model COMPA
simulated the Rainier Avenue wall performance at the end of construction, while model COMPS
simulated the wall performance after applying the surcharge.
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M, =A-1ogczp + B
M, =C-logozp +D

where Mpgc = horizontal GRS composite modul
Mpyc = vertical GRS composite modulus
A, B, C, D = coefficients determined usin
dimensionless; C and D have units of kPe

Table 3. Coefficients A, B, C, and D of E
composite moduli at 1% horizon

Geosynthetic A B
GTF 200 10500 4000
GTF 375 12500 6000
GTF 500 16500 3000 6000 3500
GTF 1225T 22500 9000 3000 3700

Figure 6 shows the prediction of lateral deformation from numerical analysis at 3m behind the
wall, along with the inclinometer measurements at the same location. Both models COMPA and
COMPS show reasonable agreement with the inclinometer measurements, both at the end of
construction and after surcharge was applied. As shown in Fig. 6, model COMPS tended to
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SG = strain gage measurements
ES = extensometer measurements

CONCLUSIONS

1. The feasibility of analyzing GRS composite properties using the newly developed
transversely i1sotropic elasticity model has been demonstrated.
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numerous techmques are used n attempts to control dust generated from gravel roads, all have
limitations and the search for more effective means of reducing dust levels continues. Geotextile
separators offer the potential to reduce dust while providing enhanced driving characteristics and
reduced maintenance of the roads. A field demonstration program was performed to
quantitatively document the dust suppression effect of geotextile separators on unpaved, gravel-
surfaced roads. The test site, located in Boone County, Missouri included two, 100-m geotextile
test sections and a 100-m control section. Two nonwoven geotextiles (AASHTO Class 2), one a
spunbonded and the other a needle-punched were used. Sampling events were taken to evaluate
the effectiveness of the geotextiles for dust control. Initially, dust collected on the control
section was 20 to 30% of the pre-geotextile dust levels. Over a six month period the dust levels
in the control section increased and ranged from 80% to 230% of the pre-geotextile dust levels.
Dust levels from the geotextile sections also increased. After six months in service, the control
section contained 23 percent silt sized particles while the geotextile sections contained from 6 to
12 percent 511‘[ 51ze partlcles The US EPA’ 's emlssmns factor calculatlon showed the geotextlle
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Figure 2 - Unpaved road (a) without and (b) with a geotextile separator.

The objective of the research was to quantify the effectiveness of geotextile separators in
reducing the dust generated from gravel roads. In this paper, we review the results of the field
demonstration program and focus on the effect that a geotextile separator can have on the
calculated emissions including the annual assessment fee for air emissions.

FIELD DEMONSTRATION PROGRAM

A gravel road at the City of Columbia, Missouri landfill was used for the field demonstration.
The general geographic area is located at the border between the glaciated high plains and the
transition to the Ozark Plateau (Missouri State Highway Commission 1962; Unklesnay and
Vineyard 1992). It is in the drainage basin of the Missouri river and is characterized as a humid
climate with an annual average precipitation of 1200 mm. The surficial soils are primarily loess
with some areas of glacial till (Young, Radatz and Marshall 2001). At the Columbia landfill site,
very little loess remains at the roadway test section. The subgrade consists of crushed limestone
that has intruded into the underlying glacial till. The upper 150 mm was firm to hard and was
sampled for grain size analysis. Results showed the material to range from poorly graded gravel



test section receives a total of about 140 passes per week from the combination of vehicles.

Table 1 - Grain size characteristics of the subgrade at the unbound road test section.

Sample Number
Property Opening Size
1 2 3
(mm)
Cu --- 173 31 19
Cc --- 0.7 0.7 1.3
Passing #10 2 34 42 47
Passing #40 0.4 21 25 20
Passing #200 0.07 5 4 4
USCS --- GW SP SW
Max. Size All material passed the 25 mm sieve
(mm) and about 90% passed the 19 mm sieve.

During the sampling periods, dust generation was made by driving a two-axle 2,100 kg pickup
truck across the unbound roadway sections alternating between keeping the vehicle in the middle
of the road and to the sides of the road. Traveling the length of the roadway in one direction was
counted as one pass. Additional vehicles that traveled the road during testing were included in
the number of passes. The vehicle was driven at an average speed of 32 to 34 kph, the posted
speed for the road. The mass of dust per unit area was determined based on the surface area of
the collection pans and mass of dust collected. A dust generation rate was calculated by dividing

the mass per unit area by the number of vehicle passes used to generate the dust. All dust
generation rates were normalized to 30 (one-way) passes of the vehicle.

m 11 A YT 11 .




4 0 25,000

30 0 13,600
6 0 8,200
29 0 18,100

RESULTS OF GEOSYNTHETIC AND CONTROL SECTIONS

Two, 100-m long by roadway width geosynthetic test sections and a control section (new
aggregate, no geotextile separator) were installed on September 29, 2005 at the landfill site.
Non-woven, needle-punched (NW-NP) and non-woven, spunbonded (NW-SB) AASHTO Class
2 geotextiles were installed (Table 3). The top surface of the road consisting of old aggregate
and fines was removed, the geotextiles were placed on the subgrade, and a new gravel layer was
placed on the geotextiles and the control section. Clean aggregate (passing 25 mm sieve
openings), the standard for gravel roads in this region, was provided from the local quarry. The
subgrade classified as poorly graded gravel to well graded sand (Table 1), while the surface
aggregate was classified as poorly graded gravel (USCS). An average thickness of 130 mm of
aggregate was placed on the two geotextile sections and 70 mm on the control section.

The roadway was actively sampled for dust on four occasions. The initial dust sampling took
place on October 5, 2005 which was one week after installation of the geotextiles. The
remaining dust samplings occurred on January 19, February 14 and March 29, 2006. For each
sampling date, dust generation was made by completing 30 passes (1 pass = one-way travel the
length of the roadway) for each sampling and alternating between keeping the vehicle in the
middle of the road and to the sides of the road. Additional vehicles that traveled the road during
sampling events were included in the number of passes. The cumulative monthly precipitation,
number of vehicle passes and sampling dates are presented in Figure 3.

The dust levels (g/m2/30 passes) measured during the sampling dates for the geotextile and
control sections are presented in Figure 4. Sampling date number 1 (October 5, 2005) was just
five days after installation of the geotextiles and control sections. There was no precipitation
during this period and the roadway underwent approximately 140 routine vehicle passes as
described in Table 1. The wind speed was 5 to 15 kph in a northeast direction and the relative
humidity was 72 percent. On the upwind (west) side of the road dust levels were measured
around 0.2 g/m2/30 passes and showed little variation between geotextile and control sections.
The dust levels on the downwind (east) side of the road were slightly greater than those on the
upwind side. The dust levels ranged from 0.11 to 0. 38 g/m2/30 passes.

Table 3 — Properties of the geotextiles used in the dust control demonstration.

Nonwoven, Nonwoven,
Needle- Punched| Spunbonded

(NW-NP) (NW-SB)




0 215
3 0.400 0.250
3 0.285 0.27
S| 70%at 70 % at
500 hrs 500 hrs
1 0.212 0.200
1 1.1 0.5
1 3340 2050

AUD = Apparent upening Size

We found increased dust levels on sampling date number 2 (January 19, 2006). The roadway
had undergone about 2210 passes of routine vehicles. There was approximately 50 mm of
precipitation over the 30 days prior to dust sampling. The wind speed was 13 to 22 kph in a
northeast direction and the relative humidity was 40 percent. Dust levels on the upwind side of
the road ranged from 0.07 to 0.76 g/m2/30 passes with the control (no geotextile) showing about
twice as much dust as the geotextile sections. The downwind monitoring showed two to three
times as much dust as the upwind monitoring with the dust levels ranging from 0.62 to 1.96
g/m2/30 passes. The control showed slightly higher dust levels than the non-woven, needle-
punched geotextile. The non-woven, spunbonded geotextile section showed the lowest dust

generation.
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Figure 3 - Monthly precipitation, number of vehicle passes and dust sampling events.

Sampling date number 3 (February 14, 2006) showed dust levels similar to those measured
during the second sampling date. About 40 mm of precipitation occurred between the second
and third dust sampling dates, and the road had undergone about 2540 vehicle passes since
installation of the test sections. Upwind dust levels ranged from 0.10 to 0.71 g/m2/30 passes
while the downwind dust levels ranged from 0.77 to 2.81 g/m2/30 passes. The dust levels for
the non-woven, needle-punched geotextile were higher and in some cases up to twice the level
for the spunbonded geotextile and control sections. No explanation is available for this
observation. The relative humidity was 37 percent, lowest of all the sampling dates and the
winds were 11 to 23 kph in a northeast direction.

The 4th sampling date (29 March 2006) produced dust levels slightly lower than those measured
in the second and third sampling dates. The dust levels on the upwind side of the road ranged
from 0.02 to 0.15 g/m2/30 passes. On the downwind side of the road, dust levels ranged from
0.34 to 1.26 g/m2/30 passes. The geotextile sections showed dust levels similar to the control
(no geotextile section). The wind speed was 8 to 13 kph and the relative humidity was 56
percent. The highest dust levels were recorded for the sampling date with the lowest relative
humidity. Approximately 3630 vehicle passes were made on the roadway between the time of
installation to the 4th sampling period.
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Figure 4 - Distribution of dust levels for gravel road control and geotextile test sections.

The dust rates were averaged for all collection pans at each test section for each sampling date
and these are presented in Figure 5. The results indicate that the dust generation rate increased



unbound aggregate is relatively soft. A modified slake durability test (ASTM D4644) was
performed on the aggregate and the resulting durability index was 80 percent indicating a soft,
degradable aggregate (Freeman 2006). Although the geotextiles may be limiting the migration
of fines from the subgrade into the unbound layer, fines generated from degradation of the
aggregate may collect on top of the geotextile resulting in a source of dust particles

Samples of the surface aggregate were collected prior to placement of the test sections, at
the time of placement of the new aggregate (September 29, 2005) and during the second third
and fourth dust sampling dates. Sieve analyses were performed on each sample (ASTM D 422).
The distributions showed that the aggregate 1s degrading over time (and under traffic). The
percentage of fines increased indicating increasing particulate source in the roadway. The
samples from the control (no geotextile) showed a higher accumulation of fines than those from
above the geotextile separator.
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At the time of placement, the aggregate contained about three percent fines. After four months
in place (October through January), there was 6 to 12 percent fines in the aggregate placed above
the geotextile and 23 percent fines in the unbound layer in the control section. The results were
similar for the March sampling period which was six months after installation.

Clearly the percentage of fines in the unbound layer increased with time (time is a surrogate for
number of vehicle passes). However, the increase in fines in the gravel layer above the geotextile
separators was one-half that in the gravel layer in the control section. The indication here 1s that
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Figure 6 - Percentage of fines contained in the gravel layer versus time. Samples from the

geotextile (GT) test sections were collected from the material overlying the
geotextile.

REGULATORY EMISSIONS MONITORING PROGRAM

The Missouri Department of Natural Resources (MDNR, 2006) acting under the direction of the
US Environmental Protection Agency (US EPA) requires facility owners, (in this case the City
of Columbia) to perform and submit an annual Emission Inventory Questionnaire (EIQ). The
EIQ is a self-reporting method for estimating particulate emissions from facilities including
roads owned by the reporting entity. An annual fee is then assessed based on the quantities of
emissions, particularly PM 10, calculated and reported in the EIQ. The EIQ includes a procedure
to estimate the amount of particulate generated from unpaved roads (US EPA 1998, 2006).

We used the EIS to calculate the estimated dust emissions (PM10) from the gravel road test
section. The US EPA’s default values were used in the calculation process and then compared to
the resulting emissions using site specific measured input parameters. In addition, we used input
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Equation 1

um (PM10) (Lbs/Vehicle Mile Traveled (VMT))

oaded Weight)/2
nches of Precipitation per Year
%0)
b = 0.4 and ¢ = 0.3 modify Equation 1 to be

To determine the emission factor for PM10, MDNR specifies default values for the silt content (s
= 8.3%) and the moisture content of the surface material (M = 0.2%). The silt content is in the
lower quarter of the range of values (1.8-35%) and the moisture content is at the low end of the
range (0.03-13%) used to develop the empirical expression. Using the default values results in a
conservative (high) estimate of the PM10 emissions factor and in the case of the facility owner, a
higher than need be annual assessment fee. The calculated emission factor for the gravel road
test section (200 m) was 50 Lbs/VMT and the annual assessment fee would be $1300.

TRADITIONAL DUST CONTROL METHODS

The US EPA and MDNR permit reductions in the calculated emissions factor for various dust
control strategies that a facility owner applies to the gravel road. The MDNR (2006) provides
“efficiency factors” for several dust control strategies. The efficiency factors are inversely
proportional to reduction factors that are applied to the calculated annual assessment in cases
where a control strategy has been used. Dust control strategies include: spraying water on the
gravel road (undocumented or documented) and spraying a surfactant. The efficiency factors
and associated cost reduction factors for various control methods are shown in Table 4.
Presently, there is no efficiency factor for geotextiles used as dust suppression in gravel roads
although we have listed them in the table.

Using water, regardless of whether or not it is documented, is a temporary dust control measure.
During dry periods, gravel roads may need to be watered several times each day. Surfactants,
while longer lasting than water, also must be periodically reapplied to maintain dust control. At



1ual Assessment Reduction Factor for 200 m Gravel Road

cy Factor (%) % of Untreated
Cost
0 100
50 50
>50 <50
90 10
determined To be determined

ON CALCULATED EMISSIONS

L'he sole dust reduction function ot the geotextile separator is to reduce and maintain a low
percentage of silt-size particles in the gravel layer. The silt content (s) is the only parameter that
the geotextile separator will impact in the emissions calculation (Equ. 1). The silt content
(percent fines) for the control and geotextile test sections versus sampling date were shown in
Figure 6. Initially the silt content was about three percent in the control and the geotextile layer.
After six months, the silt content in the control was 23 percent and in the geotextile sections it
ranged from 6 to 12 percent. The moisture content of the surface material averaged two percent
for the control and the geotextile sections. The range of silt contents was applied in Equ. 1 for a
two percent moisture content and the resulting emission factors (Lbs of PM10/VMT) are shown
in Figure 7. At the time of placement of the new aggregate, the test and control sections
contained the same amount of silt (about 3 percent) and the estimated emission factor was 10
Lbs/VMT. After 6 months in service, the control section had 23 percent silt resulting in an
emissions factor of 58 Lbs/VMT. However, after 6 months of service, the geotextile sections
showed a range of silt contents from 6 to 12 percent and corresponding emissions factor from 18
to 32 Lbs/VMT. Clearly, the geotextiles were successful at maintaining a lower silt content in
the road and this resulted in a 50 to 75 percent reduction in the calculated emissions factor.

The 50 to 75 percent reduction in the emission factor might be an appropriate starting place for
an efficiency factor for geotextile separators as presented in Table 4. The geotextiles performed
better than water sprayed on the road but not quite as well as the surfactants. It must be noted
that while water must be sprayed frequently and surfactant bi-annually, the geotextile is likely to
have a lifetime of several years. In essence, the geotextile could provide low maintenance, long
term dust control for the gravel road. The unit cost for the geotextile separator ranged from
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Figure 7 — Dust emissions factor versus silt content for the gravel road test section at the
Columbia, Missour1 landfill.

CONCLUSIONS

Dust from gravel roads can be problematic from health, safety, and general nuisance
perspectives. Anecdotal evidence suggests that geotextile separators can reduce the amount of
dust from gravel roads. Test sections including a two non-woven geotextile separators and a new
aggregate-only layer were constructed and dust measurements were made over a six-month
period, during which the road underwent more than 3600 vehicle passes. The following
conclusions are based on observations made during the monitoring program:

e Dust levels were lowest immediately following the placement of new aggregate for the
unbound layer.

e Dust levels increased with time (increased number of traffic passes).

e [Initially the sections containing a geotextile separator produced slightly less dust than the
control (no geotextile) section.

e After six months of service, dust levels from the geotextile and control sections were
similar; however, the percentage of fines in the gravel layer above the geotextiles was
about one-half the amount of fines in the control section.

Estimations of the dust emissions were made using the US EPA’s methodology. The dust
emission estimate for the control section (no geotextile) ranged from two to three times that for
the road sections that incorporated a geotextile. The gravel used in this field demonstration is
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Full-scale road tests and large-scale laboratory tests have shown the benefit of inserting geogrids
within or below the base layer of pavements. These performance tests are too expensive, time
consuming and hence impractical to adopt as a part of a specification for geogrid reinforced
pavements. On the other hand, common index properties of geogrids are not necessarily related
to their performance in pavement systems. A bending stiffness index test described by Sprague er
al. (2004) and Shields er al. (2005), developed to act as an indicator to the performance of
geogrids in reinforcing the base material of pavements, was enhanced, analyzed and used to
understand the basic mechanism of geogrid reinforcement.

An evaluation of the existing test procedure revealed significant variability in the test results.
Consequently, the procedure was modified until repeatable and representative results were
produced. Modifications to the test procedure included minimizing leaks in the test apparatus,
improving the application of the confinement pressure, and replacing the static loading with a
cyclic loading, which 1s more representative of vehicular loads applied on pavements.

The results of cyclic tests comparing the performance of geogrid-reinforced to unreinforced soil
sections were related to the resilient modulus of pavements. An improvement of as much as 40
percent in the resilient modulus of the base layer of the pavement due to the insertion of a
geogrid into the base was measured. Cyclic tests were used to investigate the mechanism by
which a geogrid reinforces the base material of the pavement. It was shown that the development
of tension in the geogrid 1s not necessary for reinforcement of the base material. Two basic
mechanisms might be responsible for reinforcement: the interlocking between the geogrid and
the soil and/or fiber reinforcement (localized tension) of the soil by the geogrid.

INTRODUCTION

Geogrid products are used to reinforce flexible pavements by inserting them within the base,
within the subbase, at the base/subbase interface, or at the interface of the subbase with the
subgrade. Berg et al. (2000) provided a summary of experimental work on the reinforcement of
the base/subbase layers of flexible pavements up to the year 2000. The performance of the
pavement sections reinforced with geogrids was evaluated by their corresponding Traffic
Bearing Ratio (TBR) or Base Course Reduction (BCR). The summary provided by Berg e al.
(2000) included results of twenty studies involving experimentations showing the benefit of
using geogrids for reinforcing flexible pavements. TBR ranging from 0.8 to 670 and BCR
ranging from 30 to more than 50 percent were reported. Miura ef al. (1990) showed the general
long term benefit of one layer of geogrid in a pavement to be comparable to that of a 10 cm base
layer.

The two types of tests employed in experimentations on reinforced pavements were either tests
with large-scale laboratory models of pavements or tests on field-scale pavement sections.



by its capacity to reduce rutting. The performance of the reinforced pavement sections was
evaluated by their TBR and BCR, which are both related to rut depth. The effect of geogrid
reinforcement on fatigue cracking of pavements was not generally addressed. The static loading
process used in the bending stiffness test was to be replaced by cyclic loading which 1s more
representative of traffic loads on pavements and which allows for the analysis of the effect of
reinforcement on the fatigue cracking of the pavement section studied.

Different research studies disagree on the mechanism by which geogrids reinforce pavements.
Bender and Barenberg (1978), Perkins (1999) and Berg er al (2000) suggest one of the
mechanisms of reinforcement to be the transfer of the shear load stress from the base course to
the geogrid that is put in tension which results in a decrease in the lateral strain and, hence, lower
vertical permanent deformation. Cancelli er al. (1996) performed field tests showing
reinforcement benefit for all the geogrid products tested, yet all the measured strains were less
than 0.2 percent. The theory of tension developing in the geogrid as part of the reinforcing
mechanism is debatable because such low strains are typically developed in flexible pavements.
Miura et al. (1990) investigated this theory using both laboratory and field tests on flexible
pavements over a soft clay subgrade. The laboratory tests showed the tensile strength of the
geogrid to be closely related to the performance of the reinforced pavement sections. The
interlocking of the geogrid with the base layer material was also found to be a major part of the
reinforcement. This was demonstrated by placing the geogrid in a slightly convex shape within
the base layer. Compressive strains developed in the geogrid as the pavement was loaded and the
geogrid still showed reinforcement benefit though it was not in tension. The field tests showed
that placing the geogrid in tension was not attainable in the field. Therefore, Miura ef al. (1990)
suggested the interlocking effect to be the major source of reinforcement in flexible pavements.
Giroud el al (1984) suggested that for unpaved roads with large deformations, only 10 percent of
the reduction in thickness of the pavement was due to tension developing in the geogrid. The
major reinforcement mechanism of the geogrid was thought to be subgrade confinement and load
distribution resulting from the interlocking of the geogrid with the base layer material.
Understanding the mechanism by which the geogrid reinforces the pavement is important in
developing a method for the design of reinforced pavements. The final objective of this study
was to use the bending stiffness test to investigate this mechanism.

TEST PROCEDURE

Sprague et al. (2004) developed a small-scale test procedure for investigating the interaction
between base layer materials and geosynthetics inserted within the base layer for reinforcing the
pavement. The purpose of the test, which was enhanced by Shields ez al. (2005), was to create a
practical and economical procedure to compare the reinforcement benefit of different



Figure 1 Schematic of the test a

The dial gauge shown in Figure 1 is used to
section as it reacts to the inflation pressure. A qu
evaluate the stiffness of the different tested ¢
defined as the slope of the curve when the in
center-point deflection. The reinforcing benefit
comparing the bending stiffness of tests with a s
with the corresponding geogrid placed on top
method is presented in Shields (2004) and summarizea 1 Shields ef al. (ZUUD).
The results of the tests reported by Shields er a/ (2005) showed a coefficient of variation, also
known as c.0.v., up to 17 percent compared to a measured reinforcement benefit measured of 10
to 20 percent on average for most geogrids. Therefore, it was found necessary to improve the
repeatability of the test results produced by the bending stiffness before the test is further
enhanced, modeled, or analyzed.
The following modifications to the test procedure were found necessary:
1. The leaks detected in the system were found to be major sources of variability in the test
results. Some leaks were controlled by replacing all the hoses and connections that were



3. Another modification to the test procedure was the introduction of a five minute waiting
period after the application of the confining pressure. This was accompanied by gentle
tapping on the circumference of the soil flange. The waiting period and the tapping
around the circumference allowed the confining pressure to be uniformly distributed
along the soil section before starting the test. In the initial procedure, the test was started
soon after applying the confining pressure, thus the stiffness was measured before
uniform and complete confining pressure could be applied throughout the soil. The local
variation in the actual value of the confining pressure applied throughout the soil and its
difference between similar tests resulted in variability in their measured results.

The variability in the test results decreased after using these modifications. An example of the
coefficients of variation of the measured inflation pressures required for a particular center-point
deflection for different tests using both the existing and the new modified procedure is shown in
Figure 2.
12

Existing Procedure - Geogrid - 800 psf
------- New Procedure - Geogrid - 800 psf

......

0.09 0.12 0.15
t Deflection (in)

Figure 2 Comparison of the c.o.v. of the results of three tests (with geogrid on top of the soil and 800psf
confining pressure) performed by the existing versus the new procedure.

CYCLIC LOADING

The mechanism of loading of the soil section in the bending stiffness test was modified to
represent the actual conditions of flexible pavements. Pavements are subjected to traffic loads
which are a cyclic type of load. The procedure as that specified for the static tests by Shields er
al. (2005) with the modifications mentioned previously, was used in the cyclic tests except for a



Figure 3 Designed inflation pressure cycles.

The pressure values used in the cycles were selected based on the properties of the particular soil
used in the tests. The minimum pressure was selected such that the soil section would not be
loaded negatively, yet a zero net pressure would be achieved. Therefore, this pressure had to be
equivalent to the pressure applied by the weight of the soil section (0.25 psi) In a resilient
modulus test (AASHTO T307), the load is applied on the soil specimen through a piston so a
minimum stress equal to 10 percent of the applied maximum stress is used to maintain contact
between the piston and the soil specimen. Contact in the bending stiffness test was provided by
the steel flange supporting the soil specimen and the load was applied through air pressure so
minimum stress was not required. The maximum pressure of 1.5 psi was chosen such that the
resulting deformations in the soil section would be comparable to actual deformations in
pavements. The number of cycles for which the test was run was selected based on two criteria:
the practicality of the test and the predictability of the results. The time frame of the test had to
be short enough to be practical as an index test, yet the soil properties measured by the test had to
show a distinctive trend that could be projected on many additional cycles. Trial tests indicated
that 60 cycles (4 hours) of inflation pressure application satisfied these two criteria.

As in the case of a static test, the quantities measured in a cyclic test were the applied inflation
pressure and the corresponding center-point deflection of the soil section. The properties
produced from these measurements and used to evaluate the different soil sections in cyclic tests
were different than those produced in static tests. The deviator stress shown in Figure 3 is the
difference between the maximum pressure and the minimum pressure at a specified time of the
test. The resulting center deflection of the soil shown in Figure 4 can be divided into two types of






presented. The noticeable benefit of the addition of a BasX11 geogrid on top of the soil section 1s
shown in Figure 6. The bending stiffness increased 42 percent on average throughout the cycles
of loading between the unreinforced and the soil reinforced with BasX11. Similarly, as shown in
Figure 7, when the BX1100 was placed on top of the soil section, the bending stiffness increased
24 percent on average throughout the test compared to the unreinforced soil section. It appears
from the confidence bounds shown in Figures 6 and 7 that the variation in the results is tolerable
in comparison to the measured reinforcement benefit.

60
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ients to Pavements

It can be shown using design equations tor pavements (AASHTO Guide for Design of Pavement
Structures, 1993) that an increase in the resilient modulus of the base or subbase layer of the
pavement leads to a significant reduction in the required thickness of the layer. The resilient
modulus is a measure of the elastic property of the soil (AASHTO T307) so it is directly related
to its elastic modulus. The bending stiffness of the soil section measured through the cyclic tests
was approximately related to the elastic modulus. This simple relation was used to correlate the
reinforcement benefit measured by this test to the resulting reinforcement benefit in pavements.
The relation between the bending stiffness and the elastic modulus was produced by modeling
the soil section as a structural element. This model was also useful in finding the effects of the
test boundary conditions on the measured reinforcement benefit.

A schematic of a geogrid-reinforced soil section is shown in Figure 8. The soil section can be
modeled as a reinforced beam with a thickness, H, a length, L, a distributed constant bottom
load, w, and a resulting deformation, 6. The distributed load represents the inflation pressure
applied on the soil section, while the deformation represents the center-point deflection measured
in the test. The conditions at the edges of the test section were investigated to find the actual type
of supporting mechanism available so as to model it properly. It was necessary to prove the
absence of slipping at those edges so as to relate the test section to a structural element.
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The bending stiffness of the soil section was measured as described by Equation 1. The
deflection (d) of a fixed-fixed beam can be related to the constant distributed load (w), the length
of the beam (L), the moment of inertia of the beam (I), and its elastic modulus (E) through
Equation 2. Therefore, the bending stiffness (BS) can be related to the elastic modulus of the soil
section through Equations 3 and 4.
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The measured increase in bending stiffness between the unreinforced and the geogrid-reinforced
soil sections can be directly converted to the same increase in the soil’s elastic modulus by using
Equation 4. Equations 5 and 6 show that any change in the thickness or diameter of the soil
section will not have any effect on the relationship between the increase in bending stiffness and
the increase in the elastic modulus, as long as the boundary conditions have minimal effects on
the measurements produced by the test.

ForL'=aL (a<1), BS=K'E where K' <K 5)
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between the results of two series of tests with BasX11 geogrid inserted at the top and at th
bottom of the soil section is shown in Figure 9. A base aggrrgate with 7.0 percent initial fines
content, compaction of 360 blows per lift, and a 100 psf confinement pressure were used in these
tests. The bending stiffness resulting from cyclic tests with the geogrid placed on top of the soil
was significantly higher than that resulting from placing the geogrid in the middle of the soil
section (42 vs. 21 %). A possible reason for this observation could be friction developing
between the geogrid and the top geomembrane, resulting in the higher bending stiffness.
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vith different geogrid locations within the soil.

Bender and Barenberg (1978), Perkins (1999) and Berg er al (2000) suggest that the
development of tension in the geogrid 1s one of the mechanism in which it reinforces the base
layer of the pavement. On the other hand, Giroud ez a/ (1984) and Miura ef al. (1990) suggested
the interlocking between the geogrid and the soil to be the major source of reinforcement in
flexible pavements. A series of bending stiffness tests were performed to evaluate the major
mechanisms of reinforcement captured by this test.

Three cyclic tests with 24-inch diameter BasX11 geogrid placed in the middle of each soil
section were performed and the results obtained were compared with those obtained from tests
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Figure 11 Mean results of continuous versus cut 24” geogrid reinforced tests.
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ndicate that there was an msignificant amount of
: 12-inch geogrid, with only an average increase
| section as compared to the same unreinforced
‘the area of the full geogrid covering all the soil
also reduced to around a quarter of the measured
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12”continuous geogrid reinforced tests.

ts in reinforcing the soil section by increasing its

ie geogrid 1s not integral for producing the same
The geogrid may be acting as fiber reinforcement where it strengthens the soil at a micro-level
(localized tension) rather than creating any large-scale effect. It was shown that a change in the
area of soil over which the geogrid was inserted resulted in the same change in the reinforcement
benefit of the geogrid. This is similar to what was shown by Zornberg (2002) for fiber-reinforced
soils. Zornberg (2002) showed that the soil’s shear strength increased by the same amount as the
increase in its fiber content. Another possible mechanism of reinforcement is the interlocking
effect between the geogrid and the soil which provides load distribution and more confinement
of the soil as described by Giroud el a/ (1984) and Miura et al (1990).



pavements. The bending stiffness of the soil section, which is the measurement resulting
from the cyclic tests, was approximated to be directly proportional to the soil’s elastic
modulus.

3. The insertion of a geogrid into the soil section improves the elastic modulus of the soil by
around 20 to 40 percent.

4. The interaction of the geogrid with the top geomembrane during the test increases the
measured stiffness of the soil section which is not representative of actual pavements.
Additionally, placing the geogrid on the top of the soil adds to the complexity of
understanding and modeling the boundary conditions of this test. Therefore, inserting the
geogrid inside the soil section is recommended for future bending stiffness tests.

5. The results of tests performed using the existing bending stiffness test procedure, as
described by Shields ez al. (2005), showed relatively high variability when compared to
the reinforcement benefit of the geogrid. The results of the tests performed after the test
procedure was modified showed less variability.

6. It was shown that leaks caused variability in the test results. The test apparatus was
modified to minimize leaks in the system. It was concluded that instantly starting the test
after the application of the confinement pressure possibly did not allow the complete and
uniform spreading of the confinement pressure throughout the soil section. A new
procedure for the application of the confinement pressure was developed. It included a
five minute waiting period between the application of the confinement pressure and the
start of the test. The waiting period was accompanied by gentle tapping around the flange
containing the soil section. The new process was thought to allow uniform and complete
spreading of the required confinement pressure before the inflation pressure is applied.
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The sampling and testing strategies are governed by the spatially-linked variability
characteristics typical of geosynthetics. Noticeable repeating patterns of the material properties
as a function of location along the width and length of a roll of material dictate where the
individual test specimens are obtained from the source and how they are grouped together to
comprise a test sample. Then the necessary sample uniformity is generated without artificially
homogenizing the geosynthetic under test. The resulting precision and uncertainty values will
then be realistic and applicable to routine conformance test evaluations.

The measurement uncertainty assessment process is demonstrated with a geotextile source
material and three test methods: mass per unit area, thickness and grab strength. The geotextile is
sampled and tested in accordance with the test methods. Then the results are analyzed with
rudimentary control chart statistics in order to calculate and monitor test method precision and
uncertainty.

INTRODUCTION

Uncertainty in Geosynthetic Testing encompasse
uncertainty that we have when we compare a tesf
specification value. The other is the uncertainty
themselves, that is, the uncertainty in the process

Since I just confused myself, I thought it would t
phenomenon with a Lab Man’s approach. If Me:
of test results, then all we need to do is run some
right there in the data. We just have to extract it.

As it turns out, this extraction process is fairly st

several times, while intelligently controlling the iayourt o1 tne specimens ana tne conaituons o1
the tests. The test results are plotted with standard deviation and means control charts to
estimate precision and uncertainty.

The precision is the repeatability of the test method. It answers the question, “If I have a test
result for a sample, what is the range of values that would result the test were performed again on
the same sample?” The uncertainty, on the other hand, is the potential scatter of any individual
test result, regardless of the result you might already have on the sample. The uncertainty was in
the first test performed, and will be in the second and third tests, etc.



testing a nonwoven geotextile for Mass per Unit Area in accordance with ASTM D 5261,
Thickness per D 5199, and Grab Strength per D 4632.

In order to calculate the precision of the test method, the Source sample is tested three
consecutive times under repeatability conditions, that is, single operator, single apparatus in a
single day. Each of these sets of three test results is referred to as a repeatability unit, or RU. The
layout of the test specimens on the Source sample are shown on Figure 1. The tests for the
repeatability units were performed on triplicates in the cross machine direction as shown, with
Test Results 1, 2 and 3 taken from RU 1, Test Results 4, 5 and 6 from RU 2, etc.

Figure 1
TEST SPECIMEN LAYOUT
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RU4[10 11| 12]10 (11| 12| 1011121011 [12[10| 11| 12| 10|11 |12|10 (1112|1011 |12|10{11[12|10]|11|12

Mass per Unit Area
The mass measurements are tabulated in Figure M1 and plotted in Figure M2. A
standard deviations control chart is constructed in M3, with the standard deviation of each RU

plotted against the RU number. The average of the standard deviations, S, is calculated (p units):

§=%s/p=0.049
The upper control limit is:

UCLs=B4 * s =2.568 * 0.049 =0.125

The standard deviations chart does not in
variations. An estimate of the repeatability stand:
precision, is computed from the average s as:

st=5/c4=0.049/0.8862 =0.055
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The averages between repeatability units are examined next. First, the grand average of
the four units 1s calculated, which is 12.68. The 3-sigma control limits then are:

UCL=12.68+3 *0.049=12.78
LCL=12.68 -3 *0.049=12.58

The uncertainty standard deviation is estimated with the standard deviation of the RU
averages, that 1s, the standard deviation of the means control chart, which 1s 0.057.

Summary of Mass per Unit Area Variability

Condition Stdev %CV
Test Method Repeatability  0.055 0.44%
Test Result Uncertainty 0.057 0.45%

Thickness Test Results
The thickness measurements are tabulate
standard deviations control chart is constructed 1

deviations,” | is:
S =>s/p=1.09

The upper control limit for the standard d

UCLs=B4* S =2568*1.09=2.79

Again, the standard deviations chart does not me
estimate of the repeatability standard deviation, 1
deviations, s as:

st=5 /c4=1.09/0.8862=1.39
The grand average of the four units is 19

UCL=12.68+3 *195.7=1994
LCL=12.68- 3*195.7=192.0

The uncertainty standard deviation is the
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JD VARIABILITY

1%
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Incidentally, the test method repeatability of 0.71% compares well with the precision
statement published in ASTM D 5199, where the lowest repeatability listed of the four materials
included in the inter-laboratory study is 3 %.

Grab Strength Test Results

The test data for grab strength is shown in Figures G1 and G2. The standard deviation
control chart is presented in Figure G3, and the means control chart in Figure G4.

The repeatability standard deviation for the grab strength results is:

st=5/c4=82/0.8862=9.2
The grand average of the units is 405.7. The 3-sigma control limits are:

UCL=4057+3%92=4333
LCL=405.7-3*92=378.0

The uncertainty standard deviation for grab strength test results is 5.6.

The individual test result plot as well as the standard deviations control chart show that
there might be some change developing in the source sample at RU4. If we are continuing to
take samples in the machine direction from the source roll, we should watch for this trend to
continue.

Summary of Grab Strength Test Method Variability

Condition Stdev %CV
Test Method Repeatability 9.2  2.3%
Test Result Uncertainty 5.6 1.4%



RU4 [43090 | 3658 | 3600 | 3657 | 3770 | 3927 | 3365 | 3503 | 403.8 | 4213 | 380 58] 39866 | 17 661
462.0 | 3860 | 3534 | 3900 | 3683 | 3808 | 3816 | 4043 | 4400 | 4803 | 39952
AVERAGE: 405.66 8.172
475 B
450 L J = ®
425 I ‘ ® I
400 S
t |
375 * ‘ I
[ ] ] .
350 L 2 [ | L —
GRAB STRENGTH TEST DATA u
325 . G o1 . . . . . : .
0 1 2 G- 4 6 7 8 9 10 11 12 13
30 Figure G3
STANDARD DEVIATIONS CONTROL CHART
2 GRAB SRENGTH
yo b= = - —_ -
5 /.
) /I\
5 l/
0./
1 2 3 4
440 Figure G4
430 GRAB STRENGTH
420 o
410@— O
400
& -2
390
380 9]
370 . .
1 2 3 4




Influence factors may cause increases or decreases, or “shifts”, in the test results, without
affecting their variance. These shifts are referred to as “systematic effects”. The influence
factors also may cause changes in the variability of the test results. These are referred to as
“random effects”. Our experience is that the most dominant factors are systematic and cause
discrete shifts in the data. An example of a systematic factor would be using excessive grip
pressure while performing grab strength tests. This shifts the mean value of the data down due to
premature grip-edge ruptures. On the other hand, too low of a grip pressure allows the stronger
test specimens to slip in the grips, then gather and snag on the edges of the grips, while the
weaker ones behave normally, causing an increase in the overall variance of the data.

Improvements in the quality of the results within a lab will depend on the sensitivity of the
individual test method, on the experience and expertise of the personnel, and their proficiency
with the measurement uncertainty assessment process.

REPRODCIBILITY, SHIFT AND DRIFT

In order to determine the variability of test result
extended in scope. One lab is the designated “B:
consecutive roll width Repeatability Units of the
The Baseline Laboratory retains several bracketu
distributed.

Then with each lab following the MUAP proced
reproducibility of the test method as well as the t
The interstitial BL results are plotted vs the macl
Source properties across the samples distributed.

The magnitude of discrete “shifts’ of the data bet.. co.. .o cor, covv g cor wrr) ccmnreaaaen
material property drift, can then be quantified relative to the Baseline Lab as the “reference”.

The test method uncertainty of a particular Lab X in the Interlaboratory study would be their
uncertainty plus their specific “shift with sign” relative to the BL Lab. This information would be
invaluable for resolving Interlaboratory discrepancy issues and would ultimately minimize
uncertainty in geosynthetic test results.



dispute resolution.
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ABSTRACT

Current ongoing research at the University of Illinois has focused on the development of
a mechanistic model to analyze geogrid base-reinforced pavements. To validate the
recently developed mechanistic response model as well as to develop pavement distress
models for typical low-volume roads, a total of nine flexible pavement sections were
constructed and tested at the University of Illinois Advanced Transportation Research
and Engineering Laboratory (ATREL). The variables considered in this full-scale testing
study were: (1) type and stiffness of geogrid reinforcement; (2) pavement layer
thicknesses; and (3) location of the geogrid within the aggregate base. The sections were
heavily instrumented with load-associated instrumentation such as pressure cells, linear
variable displacement transducers (LVDTs), and strain gauges. Environmental conditions
were also monitored throughout the test using thermocouples, time domain reflectometry
(TDR) probes, and piezometers. The subgrade California Bearing Ratio (CBR) was
maintained below 4% throughout all tested sections. The test sections were loaded
utilizing the University of Illinois Advanced Transportation Loading ASsembly
(ATLAS). Response testing was conducted by applying three load levels, 26.7, 35.6, and
44.5 kN at two trafficking speeds, 8 and 16 km/h. Then, the 44.5-kN loading was applied
at 8 km/h until the pavement sections failed (with 25mm-wide ruts in the wheel paths).
Preliminary analyses of the pavement sections indicated that the geogrid reinforcement
reduced lateral movement in the aggregate base layer, especially in the direction of traffic,
when compared to unreinforced sections. Lower vertical deflections were also measured
on top of the subgrade in the reinforced sections.

INTRODUCTION

The effectiveness of geogrid reinforcement appears to be more pronounced when used in
roads designed for low to moderate traffic volumes, especially when the pavement
structure consists of a thin hot-mix asphalt (HMA) layer on top of a granular
base/subbase layer constructed on weak subgrade. Although significant testing has been
conducted in the laboratory and theoretical models have been developed, limited
information to quantify the performance of geogrid-reinforced pavement systems exists
(Al-Qad1, 2002; Al-Qadi and Bhutta, 1999; Brandon ef al., 1996; Perkins and Cortez,
2004). Because of the complexity of layered pavement systems and applied loading



pavement material performance and quantitatively measuring pavement system response
under different vehicular and environmental loading conditions. In-situ measurements of
these parameters allow for the development of accurate performance models and the
calibration of mechanistic pavement design approaches.

Full-scale accelerated pavement testing was initiated recently to validate and
calibrate geogrid base reinforcement mechanistic response models, such as the one
recently presented by Kwon et al. (2005), as well as to develop transfer functions (or
distress models) to predict the rutting and fatigue performances of geogrid-reinforced
pavements. Nine instrumented full-scale flexible pavement test sections were designed
and constructed to evaluate and quantify the effectiveness of using geogrids in flexible
pavements. The subgrade California Bearing Ratio (CBR) was maintained below 4%.
The nine sections were divided into three categories based on the total thicknesses of the
pavement layered structures. Test sections were instrumented for measuring pavement
response to axle and environmental loading.

This paper presents preliminary results of the ongoing full-scale test section study.
The focus will be on the measured responses and performances of the three pavement
sections in the thinnest cell. Each section has only 76mm HMA underlain by 203mm
unbound aggregate base layers. The constructed pavement test sections included two
sections having different types of geogrids and one unreinforced control section.
Measured responses to vehicular loading are presented together with the failed layer
profiles of the pavement sections to quantify the effectiveness of geogrid reinforcement
in low volume pavements.

TEST SECTION LAYOUT

Three pavement cells, each 3.65m wide and divided into a total of nine instrumented
flexible pavement test sections, were constructed at the University of Illinois Advanced
Transportation Research and Engineering Laboratory (ATREL) facility. Table 1 provides
the layout of the test sections with the locations and geogrid types used. The geogrid
properties used in the full-scale test sections are listed in Table 2. The test sections
differed in granular base layer thicknesses (203, 305, and 457mm) and HMA layer
thicknesses (76 and 127mm). They were loaded utilizing the University of Illinois
Advanced Transportation Loading ASsembly (ATLAS), which has a traffic length of
25m. The length of each cell, which includes three pavement sections, is less than 25m.
This allows testing under the same loading and environmental conditions. Transition
sections were located between the test sections to ensure that when pavement geometry
changed, propagation of pavement distresses from neighboring test sections was
minimized.
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173 mstruments were placed during the construction. Load-associated mstruments were
mstalled at the centerline to measure response underneath the wheel loading path, and
environmental instruments were installed at a 0.9m offset from the centerline of the
3.65m one-lane section (Al-Qadi ef al., 2004). Instrument wires were protected with
mastic geosynthetics. All instrument wires were collected from the three sections of each
cell and extended to the data acquisition systems. One hundred percent instrumentation
survivability was achieved after construction. Table 3 presents a summary of the sensor
types used in each pavement test section.

Table 3 Summary of Test Section Field Instrumentation

Test section SG! |pc* |TDR?}|TC* |LVDT’|PZ® Total
Al 1 2 2 NA |4 NA 9
A2 2 2 NA |16 4 NA 24
A3 1 2 2

Bl 1 2 NA

B2 2 2

Cl 1 2

Dl 1 2 NA

D2 2 2 2

D3 1 2 NA

Total 12 18 10

' SG: Dynatest strain gauge; “ PC: Pressure cell
*TC: Thermocouple; > LVDT: Linear variable

Data Acquisition System

An in-house custom data acquisition system was developed to monitor the pavement
response using the National Instruments Labview data acquisition software. The system
consisted of five modules based on the instrument types to collect static and dynamic
response data for different loading and environmental conditions. Static measurements
reflected the environmental effects and dynamic measurements reflected response to axle
wheel loading. Time intervals for collecting static data were 15min for temperature and
30min for moisture (Loulizi ef al., 2002; Diefenderfer, ef al. 2000).



wheel loads trafficked at the two speeds.

Traffic testing was conducted next at 8km/hr using the 44.5kN tire load and
689kPa tire pressure. Pavement rut profiles were measured periodically for each test
section using a straight edge. A leveled, 4.3m long straight steel beam was placed across
the test sections at six to eight locations in the longitudinal direction. Profiles were
surveyed every 1.2m in the longitudinal direction. A digital caliper was used to measure
the profiles of the pavement surface with respect to the leveled steel beam. At each
surveyed location, 21 measurements were taken across the transverse direction. An
average rut depth of 25mm was considered an indication of pavement failure. Visual
mspections were also made regularly to monitor crack evolution and propagation.

“A” TEST SECTIONS RESULTS

Temperature profiles of all pavement layers and moisture contents of the subgrade
locations were continuously monitored from the beginning of test section construction to
the end of the test program. The TDR readings showed that the moisture contents in the
subgrade were somewhat constant indicating a stable subgrade during the course of both
response and performance testing. Figure 1 shows the volumetric moisture contents
monitored by two TDR probes in the A-sections maintained at an average of 51% of
volumetric moisture content (18.75% gravimetric). This value, which is the same as the
constructed subgrade moisture content, indicates that the low as-built CBR was
maintained during the course of testing. The moisture stability during testing is because
of the transverse and edge drain system installed during the pavement construction.

Trafficking test results starting from 500 passes are shown in Figures 3 through 5.
Pavement temperature profiles measured in the fall of 2005 using thermocouples placed
in each layer showed that the HMA surface layer was the most sensitive to temperature
changes (see Figure 2). To compare measured responses for the same test parameters, all
responses were shifted to a reference temperature of 25°C (77°F) (Diefenderfer er al.,
2006; Al-Qadi ef al., 2002). A temperature correction factor calculated as the ratio of
response at reference temperature to response at testing temperature was then multiplied
by the measured responses. Figure 3 shows measured responses at various temperatures
shifted to the responses at reference temperature for this correction.

As shown in Figure 4, load-associated responses beyond 3,000 passes became
quite unpredictable in the weak A-sections. Visual inspection of surface distresses,
rutting, and cracking indicated that the control section (A-3) had subgrade shear failure at
around 3,000 passes. After 3,000 passes, the control section shows a relative rapid
increase in the tensile strain at the bottom of the HMA layer, compared to the reinforced
sections (see Figure 4). Reinforced section A-2 reached the limit of the strain gauge at
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Figures 5a and 5b show lateral resilient displacements measured at the bottom of
base layers during trafficking for the A-sections. Aggregate lateral movement was
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Figure 6 Surface rut profiles along the centerline of the “A” pavement sections.

Pavement trenches were later excavated to further examine test section
performances. Rut profile data obtained from open trench measurements clearly indicate
that all test sections reached shear failure (see Figure 7). However, subgrade shear failure
was most pronounced in the control section and to a lesser degree in the other two
reinforced sections. Observations of the pavement trenches revealed intermixing of
unbound aggregates and fine-grained subgrade soils in the A sections; it was more
pronounced in the control section, however.

Figure 8 shows the accumulation of surface ruts with number of passes in the A-
sections, measured at two surface locations in each test section. The A-3 control sections
had the deepest ruts accumulated from the beginning until the end of the trafficking test.
Considerable rutting also took place in the reinforced A-2 section due to its proximity to
the A-3 location, see Figure 8 for A2 2 (clearly shown in Figure 6 by the surface rut
profiles measured after 4500 passes).
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Figure 7 Rut profiles of trenches excavated from pavement sections A-1, A-2, and A-3.
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using ATLAS, the mobile accelerated loading system.

Preliminary results are presented here for three pavement test sections, all
constructed of 76mm hot-mix asphalt and 203mm aggregate base over a weak subgrade.
Two sections had different types of biaxial geogrids placed at the base-subgrade
interface; the third section was constructed with no reinforcement as the control. The
subgrade conditions were similar in all sections, the California Bearing Ratio (CBR)
values maintained at less than 4% with no variation in the moisture content throughout
the response and trafficking tests. Pavement response to vehicular loading showed that
the control section had the clear greater lateral movement in the aggregate base layer,
especially in the direction of traffic, compared to the reinforced sections. This could also
accelerated the observed shear failure in the subgrade and resulted in a higher rate of
surface rutting. Trenches excavated to reveal the pavement layer profiles confirmed that
all pavement failed in subgrade shear although at different number of loading cycles.
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REDUCING THE SEISMIC EARTH PRESSURES ON RETAINING
WALLS BY EPS GEOFOAM BUFFERS - NUMERICAL PARAMETRIC
ANALYSES

G. A. Athanasopoulos, Professor, Dept of Civil Engineering, University of Patras;
C. P. Nikolopoulou, Civil Engineer, MSc, Patras; V. C. Xenaki, Civil Engineer, MSc, PhD,
Edafomichaniki, SA;V. D. Stathopoulou, Civil Engineer, MSc, Patras,

ABSTRACT

Results of numerical analyses (using the FEM) are presented for determining the response of
earth retaining walls, seismically isolated by EPS geofoam buffers, to harmonic base excitation.
In the first part of the investigation the dynamic properties of EPS were evaluated by a laboratory
testing program (resonant column tests, bender element tests, cyclic and monotonic triaxial tests
with local strain measuring transducers) on specimens of varying densities under isotropic
confinement ranging from 0% to 60% of the compressive strength of the material. By combining
the results of all tests empirical relations (and graphs) were developed providing values of
Poisson’s ratio, static and dynamic moduli of deformation and damping ratio as a function of
EPS density (12 to 30kg/m3), strain amplitude (10-6 to 10-1) and isotropic confining pressure (0
to 100kPa). In the second part of the study (involving the numerical analyses) the isolation
efficiency, Ar, of the buffer (i.e. the percent reduction of the seismic thrust increment compared
to the case without isolation) was examined as a function of buffer shape, density and thickness,
of wall flexibility and height and of intensity and frequency of base motion. The reliability of the
method of analysis was first checked and verified by analyzing a reported case of physical model
shaking table tests. Then, based on the results of the parametric analyses, a two-step tentative
design procedure was proposed for EPS geofoam seismically isolated soil retaining structures.

INTRODUCTION

Earth retaining structures constitute an important component of many civil engineering works.
These structures may be of a number of types (e.g. reinforced concrete retaining walls -gravity or
cantilevered-, bridge abutments or basement walls) and they are designed to safely resist the
lateral pressures exerted by earth masses, Figure 1. In earthquake prone areas an earth retaining
structure must be designed to be able to withstand the seismic earth pressures in addition to the
static ones. It is known that in the case of strong ground motion the combined (i.e. static plus
dynamic) earth pressures may be more than two times higher, compared to the static pressures.

ous damage or even collapse of the retaining

»ortant infrastructure works. On the other hand,

ncreased lateral -static plus  dynamic-



Figure 1 Common types of earth retaining structures

loading results in a significant increase in the construction cost. For this reason a method for the
seismic earth pressure reduction (or isolation) would be particularly welcome by the civil
engineering profession and construction industry (for both new and existing structures).

In the last decade a new method for the isolation of retaining structures against lateral seismic
earth pressures has been proposed and is currently the subject of intensive research (Horvath,
1995; Inglis et al., 1996; Pelekis et al. 2000; Hazarika, 2001; Hazarika et al., 2001; Hazarika and
Okuzono, 2004; Hazarika, 2005). In this method a layer of EPS geofoam (playing the role of a
compressible inclusion). is placed between the back face of the wall and the backfill material,
Figure 2. During earthquake loading the backfill seismic pressures are first applied to the EPS
layer. This layer acts as a buffer (due to its greater compressibility) absorbing the major part of
the thrust and transfering only a portion of it to the retaining structure. It should be mentioned
that the method of seismic isolation described above has evolved as an extension of the use of



The subject of the present study is 1) the systematic investigation of the effectiveness of an EPS
geofoam compressible inclusion as a seismic isolator against lateral earthquake earth pressures,
and 2) the development of a pertinent design methodology.

PROGRAM OF INVESTIGATION

A systematic approach to the study of the effectiveness of EPS geofoam as a seismic buffer
would require the investigation of a) the dynamic behavior of EPS as well as of the interface
behavior between EPS and backfill material (Athanasopoulos et al., 1999; Xenaki and
Athanasopoulos, 2001) and b) the response of seismically isolated walls under varying seismic
base excitations (Pelekis et al.,2000). Accordingly, in the present study two main directions of
research were followed: 1) an experimental (laboratory) evaluation of the dynamic properties
(moduli and damping ratios) of EPS (Xenaki, 2005) and 2) performance of a number of
parametric response analyses of reinforced concrete retaining walls seismically isolated by EPS
geofoam compressible inclusions (Stathopoulou, 2005; Nikolopoulou, 2006).

1. Experimental study

The dynamic properties of EPS geofoam (elastic moduli, damping ratios and Poisson ratio) in the
present study were evaluated by conducting four types of tests (Xenaki, 2005):

a. Monotonic (uniaxial and triaxial) tests






These tests were conducted in a GDS bender-extender element testing system with wave
frequencies ranging from 6.5kHz to 10kHz and amplitude of vibration less than 10-6, Figure 5.
In these tests the loading rate was approximately equal to 200%/min.

All specimens used in the experimental study were cylindrical with a height to diameter ratio
equal to 2 and they were formed from EPS blocks having densities from 12kg/m3 to 30kg/m3.
The final trimming of the specimens was accomplished by a sand paper, instead of a hot wire, to
avoid any thermal disturbance of the surface of the specimens.

2. Numerical Analyses

The effectiveness of an EPS compressible inclusion as a seismic isolator in soil retaining
structures was investigated in the present study, by performing numerical seismic response
analyses. The response of vertical walls with horizontal backfill, under horizontal harmonic
excitation of varying intensity and frequency was analysed. The dynamic analyses were
conducted by the finite element code PLAXIS assuming non-linear material behavior for the
backfill and the EPS material. Conventional walls, as well as walls seismically isolated with an
EPS compressible inclusion, were analyzed.

In Figure 6a, the G/GO vs. yc curves used in the numerical analyses for the backfill material
(average curve for sandy soils based on: Vucetic and Dobry, 1991; Stokoe et al., 2004; Hardin
and Kalinski, 2005; Zhang et al., 2005) and the EPS compressible inclusion (Xenaki 2005), are
shown. The two curves shown in Figure 6a, indicate that the behavior of EPS material remains
approximately linear for strains almost two orders of magnitude greater compared to those of the
backfill material.

- L -1 [l ~ o L



have shown that elastic models of soil retaining systems provide reliable estimates of soil thrust
when the flexibility of the wall is taken into account. The frequency of the base harmonic motion
ranged from 0.5Hz to 20Hz

The effectiveness of seismic isolation in the present study is quantified by the isolation
efficiency, Ar, defined as the ratio (in percent) of seismic thrust reduction (due to isolation) to
the earthquake thrust without isolation. Many parametric analyses were conducted to investigate
the effect of the following parameters on the isolation efficiency: (a) shape, mean thickness and
density of the compressible inclusion, (b) flexibility and height of the wall and (c¢) intensity and
predominant frequency of the ground motion.

RESULTS

In this section the results are presented of the two parts of the present study ie. of the
experimental evaluation of EPS mechanical behavior and of the seismic response analyses of the
reinforced concrete retaining walls.

A. Mechanical Behavior of EPS

The results of laboratory testing indicate that for stains less than 10-4 (0.01%) (small strains) the
mechanical behavior of EPS geofoam is finear (i.e. independent of strain magnitude), whereas
for strains ranging from 10-4 to 10-3 the behavior is approximately linear (i.e. the deviation from
the linear behavior is less than 10%). For strains greater than 10-3 (0.1%) (large strains) the
behavior is non-linear and the dependence of dynamic properties on strain should be taken into
account.

For low-amplitude vibrations the experimental results indicate that the values of elastic moduli
(Go, Eo) of EPS increase with increasing density of material, p, and decrease with increasing
mean confining pressure, 63. The low-amplitude value of Poisson ratio, vo, depends mainly on
confining pressure and decreases with increasing values of o3 (taking values from 0.30 to -0.05).
Based on the experimental results, the following empirical equations are proposed for estimating
the values of Go (in MPa) and vo as a function of material density, p :

GO(03=0)=0'320- 1.4 (“)

=0.22+0.
Vo(o,—0) =0-22+0.0033p 2)

where p=EPS geofoam density (kg/m3)

The experimental results of the present study also indicate that as the mean confining pressure
applied to the material is increased, the values of GO and v0 are reduced. The following
empirical equations can be used to take into account the effect of 63:

G o o, )
_—°la) 4,02 +0.599 —2 -1.41( 3}
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where oc10=EPS compressive strength (kPa), c3=confining stress (kPa)

Voo, =0.26-0.33

Oloy)

According to the experimental results of this study the value of 6c10 (in kPa) may be estimated
from the following empirical equations:

Ten =7.68p—-48.3 (5)
Tedtes) _ 400,842
0010‘0‘1.01 UC10 (6)

where p=EPS geofoam density (kg/m3)

The experimental results also indicate that the low-amplitude damping ratio, DO, of EPS (for
bath the hydrostatic and deviatoric components of loading) takes low values and does not depend
on material density. The value of DO increases somewhat with confining pressure and a mean
value of D0=1.70% is suggested for all low-amplitude vibration applications.

For high-amplitude vibrations the dynamic properties of EPS geofoam, in addition to material
density and confining pressure, depend also on strain amplitude. More specifically, for
increasing values of strain the elastic moduli decrease, the damping ratio increases whereas the
Poisson ratio decreases markedly and may take negative values. A very interesting finding is that
the EPS modulus of elasticity, E, in the range of intermediate to large strains (104 to 10-2) also
depends on the type of loading (monotonic vs. cyclic). More specifically, as shown in the
diagrams of Figure 7a and Figure 7b, in the above mentioned strain range, the moduli obtained
from cyclic loading are approximately 20% higher compared to the values from monotonic (i.e.
static) loading. This behavior shows a remarkable similarity to the behavior of soils (Lo Presti et
al., 1997; Pradhan and Ueno, 1998)

The modulus degradation curve of EPS geofoam was found to depend —although not
significantly —on the material density, confining pressure and type of loading. As a first
approximation these effects may be neglected and a unique relation (Eq.7) is proposed for
practical applications (depicted as an equivalent G/GO-yc curve in Fig. 6a) :
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Figure 7 EPS geofoam modulus of elasticity as a function of strain and confining pressure,
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Values of Poisson’s ratio, v, -estimated from the measured axial and radial deformations of
specimens- were obtained mainly from the monotonic triaxial tests, assuming an equivalent-
linear material behavior. It was found that the value of v decreases with increasing confining
pressure and axial strain whereas it is insensitive to the value of EPS density. The test results are
summarized in the diagrams of Figure 8, which indicate that for large strains and high confining
pressures Poisson’s ratio may take negative values (up to -0.30). This indicates that under such
conditions, the EPS behaves as an ‘“‘auxetic” material (Stavroulakis, 2004). Values of EPS
Poisson’s ratio for practical applications may be obtained from the diagrams of Figure 8 by
linear interpolation between the limit values of 63 shown in the graphs.

Finally, according to the test results, the damping ratio value of EPS is increased for large strains
and furthermore it increases with increasing confining pressure and decreasing material density.
However, the most important effect seems to be associated with the type of loading, with
damping ratio values for compressive loading being about 4 times the corresponding values for
shear loading. For practical applications involving large strains it is suggested to use the values
of D=3% and D=14% for the deviatoric and hydrostatic component of loading, respectively.

B. Effectiveness of EPS Seismic Buffers

The reliability of the numerical method of analysis used in this part of the investigation was first
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small scale physical model of a retaining wall (Zarnani and Bathurst, 2005, Zarnani et al., 2005).
In the diagrams of Figure 9, the results of a comparison are shown between the measured values
of active seismic thrust on the wall vs. the estimated values obtained by using the code PLAXIS.
The comparisons are shown for the case of non-isolated wall as well as for two cases of seismic
isolation using EPS12 and EPS16. In all cases the agreement between measured and estimated
response is satisfactory. The diagrams also include results estimated by using the code FLAC,
which are also in general agreement with the experimental values.

Having obtained confidence with the modeling capability of the PLAXIS code, a series of
parametric analyses were conducted to investigate the effect of several parameters on the
effectiveness of EPS compressible inclusion as a seismic isolator. The results of these analyses
are briefly discussed in the following sections.

a. Method of Analysis

A number of comparisons between the results of linear vs. non-linear finite element analyses
showed that a non-linear analysis describes better the behavior of the system (wall-EPS buffer-
backfill). Based also on the fact that the measured response of the physical model test, described
in the previous section, was best modeled by implementing the non-linear behavior of EPS and
soil material (Figure 9), it was decided to assume non-linear behavior of materials in all
subsequent analyses.

b. Shape of Compressible Inclusion

A number of seismic response analyses were conducted for walls having a height of 4.0m and



recommended for practical applications (Stathopoulou, 2005). In subsequent sections the
thickness of the compressible inclusion is normalized with respect to the wall height and denoted
by tr (%).

c. Flexibility of Wall

The results of many parametric analyses showed that the isolation efficiency of EPS
compressible inclusion increases with increasing wall flexibility. It was found that the
differentiation of response between perfectly rigid walls and walls with common flexibility was
less than 16 %. For this reason most of the results presented herein were obtained for rigid walls
and are considered to be applicable to most common reinforced concrete walls.

d. Density and Thickness of Compressible Inclusion

Most of the analvses were conducted for walls with a height of 4.0m. with EPS buffers having



estimation of the required thickness of inclusion. Further observation of Figure 11, also reveals
that the 1solation efficiency increases with decreasing EPS density; this effect is not significant,
however, and in practical applications a balance between the desired higher isolation efficiency
and the undesired backfill deformations may be established by using an EPS density equal to
p=20kg/m3.

e. Wall Height and Intensity of Base Motion

A number of non-linear analyses were conducted for different wall heights and intensities of base
motion varying from 0.1g to 0.5g. It was found that the isolation efficiency of the EPS buffer
decreases for increasing wall height especially for strong ground motions. The diagrams of
Figure 12 depict this type of behavior by comparing the responses of two walls with heights
equal to 4.0m and 8.0m. Thus, when selecting the value of thickness tr, corresponding to
isolation efficiency of Ar=50%, the effects of base motion and wall height should be taken into
account. The diagram of Figurel3 (a), is based on the results of the present study and may be
used for selecting the appropriate value of thickness, tr, of an EPS 20 compressible inclusion for
rigid walls of varying heights under different base motion intensities.

f. Frequency of Base Excitation

The results of a number of analyses have shown that the isolation efficiency of an EPS
compressible inclusion is dramatically reduced for excitation frequencies in the vicinity of the
fundamental frequency, f1, of the wall-backfill system, Figure 13 (b). especially in the case of
rigid walls. An approximate value of fI may be obtained from the relationship fl = VS/4H where
H = the wall height, and VS= shear wave velocity of backfill material. Based on the available
results it is concluded that the seismic isolation system remains fully effective only when the
predominant frequency of base motion is less than 0.3f1 or greater than 2f1.
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h. Compressible Material vs. Light-weight Material

An interesting question regarding the seismic isolation efficiency of the EPS geofoam is whether
this efficiency is due to its very low unit weight or to its high compressibility, compared to the
soil materials. To obtain an answer on this issue a number of analyses were conducted, for a wall
having a height of 4.0m. In these analyses the wall is seismically isolated with an inclusion
having a thickness of tr=5%. The magnitude of the seismic component of the thrust was
estimated for three cases: (a) for a non-isolated wall, (b) for an isolation inclusion having a
density equal to actual EPS density and stiffness equal to the stiffness of the backfill material and
(c) for an isolation inclusion having a density equal to the density of the backfill and a very low
stiffness, compared to the stiffness of the soil. The results of the analyses indicate that for both
weak and strong ground motion the isolation efficiency of EPS is derived almost entirely from its
low stiffness rather than from its low unit weight (Nikolopoulou, 2006).

PROPOSED DESIGN METHODOLOGY

Based on the results of the tests and analyses presented in the previous sections the following
two-step design methodology is proposed for reinforced concrete retaining walls seismically
isolated by EPS geofoam compressible inclusions:

1. Proportion the structure by considering a seismic component of thrust equal to 50% of the
value that would be used for a non-isolated wall,



2. Estimate the required thickness of the EPS 20 compressible inclusion as a function of
wall height and intensity of base motion, based on the diagrams developed tn the present study.

Preliminary comparative cost analyses have shown that by applying the above methodology, a
cost reduction of 50% or more, can be realized. Also, further analyses are underway to compare
the required thickness of compressible inclusion for the cases of static and seismic 1solation. The
results of such a comparison will allow the development of a unified design methodology for
both static and seismic isolation of earth retaining structures.

CONCLUSIONS

The static and dynamic properties of EPS geofoam (strength, moduli, damping and void ratio)
depend mainly on density, mean confining pressure and amplitude of deformation. Empirical
relations are proposed for estimating values of these properties. The relations are usefuf not only
for the compressible inclusion application but for other applications as well.

The effectiveness of an EPS geofoam seismic buffer depends on material density and thickness,
wall height and flexibility and intensity and frequency of base motion. The proposed tentative
design methodology is based on the concept of 50% reduction of the seismic component of
Jateral thrust by using a material with density of 20kg/m3.

An advantage of the above method of seismic isolation is its potential to be used in seismic
retrofit and rehabilitation of existing structures.
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1. INTRODUCTION

Innovative applications of geosynthetics in
progressed by incorporating the electro-osmot:
geosynthetic materials. This entails the develoj
that are electrically conductive. These electrice
accelerating the consolidation of soft clay.

effectiveness and simplicity of Prefabricatec
drainage and incorporating electrical conductiv
into the soil, enabling electro-osmotic (EO) grc
are referred to as the Electro-Osmotic Vertical

EO 1s a process where flow of water between the soil particles is induced under an applied
electrical potential. EO based soil improvement is suitable for fine-grained soils (clay) which
possess a net surface negative charge. It would have equal charges of cations and anions to
maintain electrical neutrality of the clay soil (Mitchell, 1993). Under an applied electrical
potential, cations are attracted towards the anode while anions are attracted towards the
cathode. As ions move, they drag along water of hydration and the surrounding free water by
viscous force. This will induce a flow of pore water towards the cathode. Hence, this will

mitiate the dewatering and strengthening of clay.



user is the significantly shortened ﬁeriod of treatment to achieve the required shear strength.
Typical treatment periods of 3 to 4 months using PVD can now be shortened to about 1
month with the use of EVD.

Furthermore, with EVD system, the need for significant surcharge material is negated.

3. GENERAL PRINCIPLES OF APPLICATION

EVD applies the principle of electro-osmosis in combination with prefabricated vertical
drains to improve the engineering properties of soft clay and, in the process, accelerate the
consolidation and strengthening of soft clay.

Amongst the many processes occurring during EO treatment is the reduction of pore water in
the soil. This reduction in soil moisture indirectly improves the shear strength and
compressibility characteristic of the soil. This type of soil improvement is potentially more
effective in reducing the water content that conventional PVD which relies on hydraulic
gradient created by external loading.

In electro-osmotic ground treatment, the hydraulic conductivity or flow of water under an
electric gradient potential is a function of the coefficient of electro-osmotic permeability, k.
(m?/sV), the electric potential gradient, i. (V/m), and the cross-sectional area of flow, A (m?).
The relationship is similar to Darcy’s Law and may be written as:

Qa=ke i A
where Qa is the discharge capacity (m’/s)
4. FIELD APPLICATION LOCATION NO. 1

The project site is located in Dengkil near the Kuala Lumpur International Airport (KLIA),
Malaysia.. The project is part of a road project and the application of EVD is essentially to

mmprove the foundation soils of an approach embankment to a bridge structure, with
embankment heights of about 2.5m.

The site is underlain by soft to very soft alluvial silty clay of up to 10m thickness. Beneath
the soft silty clay lies medium dense silty sand. Some decayed wood was encountered at
various depths. Ground water table was encountered at approximately 1m below existing
ground level (EGL). The initial properties of the soil are as shown in Table 1 below:
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Figure 1: In-situ shear strength (Pre-installation)
4.1  Field Setup

A plot size measuring 20m x 20m was installed with EVD with a rectangular spacing of
1.5m. A total of 198 points were installed in 14 rows, as illustrated in the sketch shown in
Figure 2.

A 0.5m thick sand drainage blanket was provided to enable the discharge of ground water to
the ditches on the edges. The electrodes at the top of each EVD were connected to an electric
power generator supplying DC current. The electric current was applied for 14 days on a 12
hour cycle with intermittent reversals in the polarity of the current.

Upon completion of the charging, the embankment fill was placed to a height of 2.5m. Figure
2 shows a layout of the test plot.



‘1he most distinct observation ot the behavior ot the EVD during charging was the constant
discharge of ground water through the cathodes. This was accompanied with gas bubbles
being discharged as well. This started to occurr about twenty minutes after commencement of
charging. It indicated that the electrodes was successfully transferring the electrical charge to
the soft ground and the EO treatment as indicated in Section 2.3 above was observed. Figure
3 shows the setup at the site, and Figure 4 shows the discharge of water through the EVD.

There was some slight depression in the area immediately surrounding the anodes. This
indicated that consolidation of the soft soil was occurring surrounding the anode, as discussed
in Section 2 above.
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Figure 10: Results of shear strength measurements [raw data and averaged data]

6. CONCLUSION

Two field applications of the EVD have shown significant increases of shear strength within
a short period of time. The increased shear strength permits construction of higher
embankment heights as compared to conventional PVD ground treatment. This system of
ground improvement has proved effective in increasing the shear strength of the soft soils
within a short period.
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ABSTRACT
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INTRODUCTION

Calculations commonly used to estimate leakags
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substantially increase the potential leakage though a hole in the geomembrane when it coincided
with a wrinkle (Rowe, 2005). They also increase the tensile strains in the geomembrane when
covered and buried beneath waste (Gudina and Brachman, 2006). The wrinkles in high-density-
polyethylene (HDPE) geomembranes predominantly form due to material expansion by heating

from the sun.

Rowe et al. (2004) reported the distribution of wrinkles on the base of one particular landfill cell
during construction. These wrinkles were randomly distributed with no discernable patterns,
thus making it challenging to quantify their length and spacing. Wrinkles developed at, and



geomembrane overlying clay in a 30 m by 30 m cell in a landfill in France. They observed that
major wrinkles occurred parallel to the length of the geomembrane roll at the location of seams,
and also perpendicular to the seam direction. They reported large wrinkles between 0.05 to 0.1
m high and 0.2 to 0.3 m wide, and had a spacing of 4 to 5 m and appeared to extend across a
significant width of the cell. They also noticed small wrinkles (less than 0.05 m high and 0.2 m
wide) occurred perpendicular to the seams.

Touze-Foltz et al. (2001) quantified wrinkles in a 2 mm thick HDPE geomembrane over
compacted clay using a photogrammetric technique. Wrinkle heights varied between 0.05 and
0.13 m, wrinkle widths between 0.1 and 0.8 m, spacing between wrinkles from 0.3 and 1.6 m,
while the length of wrinkles was less than 4 m with most wrinkles 1-2 m long. The size of
installation was only 7.5 m by 7.5 m, and consequently most likely limited the length of wrinkle
that could form. However, the technique of Touze-Foltz et al. (2001) represents a very useful
way of quantifying wrinkles at larger sites.

The objective of this paper is to present the details of the development of a low altitude air
photogrammetry system to quantify the geometry of geomembrane (GM) wrinkles at a large
scale. Details of the equipment used for obtaining the photos, the method of acquiring the photos,
digital wrinkle analysis and the photo calibration are presented. Preliminary results from a large
geomembrane installation are presented.

LOW ALTITUDE AERIAL PHOTOGRAPHY EQUIPMENT

The system consists of a Digital Single Lens Reflex (DSLR) camera with remote infrared shutter
control, attached to a tethered helium blimp (Figures 1 and 2). A Canon 5D DSLR camera is
used for this application. It has a 13.3 megapixel complementary metal oxide semiconductor
(CMOS) that measures 35.8 mm by 23.9 mm. The high density of pixels allows a greater
resolution than cameras with a lower pixel count. The area of the CMOS is very close to the
format of a film 35 mm SLR camera, which permits the use of the full focal length of a lens,
unlike most DSLR cameras.

The blimp stability is a function of both the blimp size and wind speed. The blimp is 6.4 m long
by 2.1 m diameter, which optimizes platform stability and ease of handling on the ground. The
wind speed at ground level is greater and less predictable because there are many localized
currents due to uneven ground surface and differential heating. At an elevation of about 60 m,
the wind speed i1s more constant. Thus a flying elevation of approximately 60 m is used in this
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of the image, field of view (or gmund coverage) and number of images required to capture the
site.

The altitude of the camera is controlled by the length of the blimp tether. The control over the
altitude of the camera using this method should be considered nominal, as the true height of the
blimp, and therefore the camera, 1s ultimately controlled by the wind speed and direction. The
wind direction affects the direction of the blimp, because the blimp will always point into the
wind, and a greater wind speed will push the blimp downwind, and decrease the altitude. If the
blimp moves in the air with gusts of wind, then the angle of the camera with respect to the



take wider angle photos and enable greater land coverage, this will be at the expense of the
object-space resolution of the image and increased lens distortion. The resolution and image
quality of the photo is very important, because the system must have sufficient resolution to
define wrinkles of a few centimetres in height at a camera elevation of 60 m. For image
collection, a 50 mm lens 1s the optimal size to maximize land coverage per photo (19.1m x
28.6m) while still maintaining the precision needed to detect small wrinkles. The 50 mm lens at
60 m above the ground results in a theoretical resolution of 1 pixel = 5 mm on the ground. This
can commonly be achieved in the field under good conditions. Photos for analysis are taken as



XY PLANE WRINGLE GEOMETRY ANALYSIS

The black GM reflects enough light that the wrinkles are easily delineated by the contrast
difference between the wrinkle reflecting the sunlight and the flat black of the non-reflecting flat
portions. The wrinkles are linear white features on the black geomembrane (Figure 3).

The wrinkle geometry is determined by manipulating and analyzing the low altitude air photos
with the image processing features and custom functions developed with Matlab. For this
analysis, a single large image of the GM area is created from a selection of photos that cover the
entire area to allow the analysis of the full area.

The wrinkles are subsequently located and quantified. The user digitally selects the wrinkles and
the continuity of the linear features. The vectors created are located by a Matlab function which
determines the geometric wrinkle properties of interest: length, connectivity and frequency, as
well as the hydraulic connectivity.



10 mm on the ground, which is a lower resolution than the original photo with one pixel
representing 5 mm on the ground. This reduces the file size of the large image, and simplifies
further measurements and quantification.

To develop an image of the entire GM area, a grid of labelled CPs every 10 m were drawn and
labelled on the geomembrane. The spacing of 10 m ensures that there will always be many CPs
in each picture. Each CP is marked on the GM by an “X” and is labelled with a grid coordinate.
These ground control points are surveyed using a total station, and are visible in the photos. By
connecting the grid locations of the CPs to the markings in the photos, the user can determine the
orientation and scale of the objects in the photo in real world units. This also allows the user to
further quantify the images.

Geometrically corrected images are created from the original photographs, using the known
locations of the CPs. The individual images are then digitally stitched together to create one
large image of the site, once again by utilizing the actual surveyed location of the CPs.

In a vertical air photo, there is geometric distortion due to three dimensional objects being
projected on a two dimensional plane. This distortion results in a change in scale between the
centre of the photo and the edges. In a geometrically corrected image, this distortion is
eliminated by determining the three dimensional coordinates of objects of several points in each
photo. This correction is completed by the user manually choosing the points on the digital
photo and inputting relative coordinates into a custom Matlab function.

After photos have been geometrically corrected, the grid of CPs can be used to stitch all of the
geometrically corrected images of the field site. This creates one large image with a scale of 1
pixel represents 1 cm.

PRELIMINARY RESULTS

The air photo shown in Figure 3 was obtained during installation of a 1.5 mm thick, smooth
HDPE geomembrane. The site was at a latitude 43°16" N and the image was captured at 4:09 pm
on August 17, when the air temperature was 24°C. The camera was at an elevation of 60 m.

Wrinkles parallel, perpendicular and inclined to the geomembrane panels are visible in Figure 3.
There were at least 76 wrinkle features identified over the 1172 m? area capture in this image. If
extrapolated, this represents nearly 650 wrinkles per hectare. The minimum wrinkle length was
0.5 m, maximum wrinkle length was 29 m. Sixty-eight percent of the wrinkles had lengths



of wrinkles over large areas. The wrinkles are analyzed using the image processing toolbox in
Matlab, as well as custom functions. The photos are calibrated and connected together to create
one large image of a GM installation. Work is currently ongoing to gather and analyse wrinkle
image data from different field installations to better quantify the process of wrinkle formation in
geomembrane liners.
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interface between a compacted clay layer and a geosynthetic drainage layer. To highlight the
importance of this issue in practice, field monitoring data from a vegetated landfill test cover 1s
presented showing how the behavior of the cover was altered by the capillary break effect. The
landfill cover, consisting of a 1.17-m thick low plasticity clay layer over a geosynthetic drainage
layer, experienced an increase in available moisture storage due to the capillary barrier effect.
Negligible amounts of water were observed to flow from the soil into the geosynthetic drainage
layer during a six year period. To interpret this behavior, two infiltration/evaporation column
tests were performed on compacted clay underlain by geosynthetic drainage layers. A 1.35 m-
long soil column was used to infer moisture and suction profiles during wetting and drying from
the surface. The results indicate formation of a capillary break during infiltration and limited
moisture removal during evaporation. A 0.125 m-long soil column was used to investigate the
influence of wet-dry cycles on the formation of a capillary break. The capillary break effect was
observed to occur during repeated wetting cycles, with breakthrough occurring at the same
suction value on each cycle. These results indicate that a capillary break effect can be used in
landfill covers to provide an increase in moisture storage during wet seasons if adequate moisture
1s removed from the interface during dry seasons.

INTRODUCTION

Geosynthetic drainage layers consisting of a geonet sandwiched between two nonwoven
geotextiles are often used to provide drainage of water from soil profiles. Geotechnical
applications involving geosynthetic drainage layers include leachate collection and leak detection
systems in landfills, drainage components of lysimeters for performance evaluation of alternative
landfill covers, sub-base separation systems in roadways, and drainage systems for mechanically
stabilized earth walls. When saturated, the permittivity and transmissivity of geosynthetic
drainage layers are typically higher than that of the soil being drained, and do not have a
significant impact on the flow of water through the system. The behavior of a saturated system
can be characterized using only the hydraulic conductivity values of the soil and geosynthetic
drainage layer. When the system is slightly unsaturated (e.g., when suction value at the interface
1s between 1 kPa and 10 kPa), geosynthetic layers are practically non-conductive to water while
in this range most fine-grained soils have hydraulic conductivity close to their saturated value.
Depending on the soil, the geosynthetic drainage layer may have a significant impact on the flow
of water through an unsaturated system.

Hydraulic properties that are useful to interpret the interaction between unsaturated soils and
geosynthetics include the water retention curve (WRC) and the hydraulic conductivity function
(K-function). Due to their uniform and relatively large pore size, nonwoven geotextiles will
retain water at saturation until the suction applied to a boundary of the geotextile increases to



The contrast in hydraulic conductivity between nonwoven geotextiles and unsaturated clay has
been shown to cause a capillary barrier effect (Henry and Holtz 2001; McCartney et al. 2005;
Iryo and Rowe 2005). A capillary break effect occurs when water will not flow across the
interface between a fine grained material (e.g., clay) and an underlying dry, coarse grained
material (e.g., a nonwoven geotextile). The water in the small pores of the fine-grained material
must increase in pressure in order to displace air in the larger pores of the coarse-grained
material. This effect prevents a measurable amount of water from flowing from a clay layer into
a geotextile until the suction at their interface is reduced to a critical value. This critical suction is
referred to as the water entry or breakthrough suction. The capillary barrier effect also causes an
increase in moisture storage of the clay, in excess of the volume that would be stored during flow
under a unit hydraulic gradient (i.e., water flow driven by self-weight).

This study investigates the hydraulic interaction between unsaturated, low plasticity, compacted
clay and a geosynthetic drainage layer. To highlight the motivation of this research, monitoring
results are presented from an evapotranspirative landfill test cover in which the interaction
between a geosynthetic drainage layer and an unsaturated soil played an important role in the
behavior of the cover. An experimental study in the laboratory was conducted to interpret the
capillary break effect in soil-geosynthetic columns during cycles of infiltration and evaporation.
The results from the column tests are used to interpret the behavior noted in the field monitoring
results under controlled conditions, and provide guidance on the use (or prevention) of the
capillary break in unsaturated soils and geosynthetic drainage layers.

MOTIVATION: GEOSYNTHETICS IN EVAPOTRANSPIRATIVE COVERS

An evapotranspirative landfill cover consists of a hydraulic barrier consisting of a vegetated,
compacted clay layer placed atop waste. The cover functions by storing infiltrated water in the
soil until it may be subsequently removed by evapotranspiration, which prevents percolation of
water into underlying waste (Zornberg and McCartney 2006). An evapotranspirative landfill test
cover, consisting of a 1.17-m-thick monolithic layer of low plasticity clay atop a geosynthetic
drainage layer, was constructed in 1997 to investigate the behavior of this system under
atmospheric boundary conditions. The system is underlain by a 60-mil geomembrane placed on
a 3% grade in order to collect the water that passes through the system (referred to as
percolation). The combination of a geosynthetic drainage layer and geomembrane is referred to
as a lysimeter. The soil was vegetated with Cheatgrass, a local plant with a rooting length of 0.5
m (less than the thickness of the cover). A schematic of the cover is shown in Figure 1. The
cover was instrumented with a weather station to measure precipitation, air temperature, and
wind speed. The cover also has a vertical nest of 6 horizontally-oriented water content



profiles shown in Figure 2(a) illustrate the migration of a wetting front through the cover during
a particularly wet spring season. The infiltration front progressed through the cover at a moisture
content of 20%, but after reaching the base the moisture content near the geosynthetic drainage
layer increased to approximately 28%. This observation indicates that ponding of water occurred
about the geosynthetic drainage layer, which is evidence of a capillary break effect. Also, a
small volume of percolation was collected at the end of May 1999, indicating that breakthrough
occurred after ponding was observed. The original intent of the geosynthetic drainage layer was
to facilitate collection of the percolation, not to impact the hydraulic performance of the cover.
However, the final design of the cover incorporated a geosynthetic drainage layer to cause a
capillary break and to provide separation of the cover soil from the waste. Another important
finding from the moisture profiles is that the cover “recovered” after ponding occurred.
Specifically, the soil dried over the course of six months due to a combination of
evapotranspiration and lateral drainage, as shown in Figure 2(b). More importantly, ponding and
recovery trends were observed to occur on two other occasions during the monitoring period.
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Figure 2: Moisture content profiles: (a) Wet season; (¢) Dry season
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kg/m’, and a fiber density pr of 910 kg/m’. The porosity of the nonwoven geotextile was
calculated to be 0.99 using the following expression (Koerner 2005):

n-1--+ M
tp;

Compacted Clay

The low plasticity clay (CL) used in this study has a specific gravity of 2.71, an average
plasticity index of 12, and an average liquid limit of 27. The same soil used in the field study
was used in the laboratory tests. The specified range of relative compaction in the field was 70
to 80% of the maximum standard proctor dry density (1902 kg/m’). In the laboratory and field,
the clay was compacted at the optimum water content of 11.5%. The compaction energy was
controlled in the field using a lightweight roller, and was controlled in the laboratory using a
piston compactor.

Hydraulic Properties

The hanging column and pressure plate method
drying-path WRCs for the nonwoven geotextile
and for specimens of the clay at relative compac
in Figure 3(a) indicate that the nonwoven geotex
at a suction value of 0.2 kPa, while the clay d
impact on the WRC of the clay. The hydraulic
drainage layer specimens was assessed using a {
back-pressure saturated with tap water as the pe;
used, along with an average hydraulic gradient ¢
the different materials were predicted from the
(1980). The hydraulic conductivity of the ge¢
saturated, but is lower for suction values greater than 2 kPa.
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Figure 2: Hydraulic properties; (a) Water retention curves and porosities; (b) Predicted K-functions
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Volumetric moisture content profiles in the columns were inferred using time domain
reflectometry (TDR) and capacitance probes. The MiniTRASE® TDR system, developed by
SoilMoisture, Inc. was used in Profile A, while ECH,0-TE® capacitance probes, developed by
Decagon, Inc., were used in Profile B. The ECH,0-TE® probes also measure temperature and
electrical conductivity. For calibration, the probes were embedded horizontally in clay
specimens having a range of compaction moisture contents. The calibration relationships for two
relative compactions obtained at room temperature are presented in Table 1. Linear relationships
were obtained between the inferred quantities (dielectric permittivity for TDR and raw moisture
content for the ECH,0-TE®) and actual volumetric moisture content values for the range of
compaction conditions in the calibration program.

Table 1: Calibration equations for moisture content monitoring systems

Relative Moisture
System compaction content range Equation
(&) (&)
70 10 to 49 9,= 149K, -23.4
TRASE TDR 05
80 8to44 6,=12.0K,  -17.0
70 10 to 49 6,=1.16,- 3.9
ECH,0-TE
80 8to44 6,=10.96;-0.3

0, = Actual volumetric moisture content
0; = Inferred volumetric moisture content
K. = Inferred dielectric permittivity

Suction was measured using heat dissipation units (HDUs) in Profile A and using flushing
tensiometers in Profile B. HDUs infer suction by measuring the change in temperature of a low-
air entry ceramic in contact with the clay during an imposed heat pulse (Flint et al. 1999). For
the same heat pulse, the temperature change for a dry ceramic will be greater than for a wet
ceramic because of variation in the ceramic’s thermal conductivity with water content. As the
suction between the soil and ceramic is continuous, the temperature response can be correlated
with the suction in the ceramic, providing a soil-independent calibration. The HDUs were
calibrated using the method described by Flint et al. (1999), and the same calibration equation
used in that study was used in this study. The HDUs were found to be useful for measurement of
suction values greater than 20 kPa. Tensiometers are a commonly used approach to directly
measure suction. A miniature pore pressure transducer is used to monitor changes in pressure
inside a water reservoir in hydraulic contact with the soil through a high-air entry ceramic
(Ridley and Burland 1995). As a soil dries, water is drawn from the reservoir through the
ceramic, causing a negative pressure in the reservoir. The tensiometers used in this study were



Figflre 5: (a) Soil profile A duriné compaction; (b) Soil profile B after calpaction

Test Procedures. The infiltration stages involved imposing a steady flow rate, measuring the
volumetric moisture content and suction changes with time as the wetting front progresses
through the soil. An infiltration stage was completed when the outflow discharge velocity was
the same as the inflow discharge velocity. The soil surface was covered to maintain a constant
relative humidity (~96%) during infiltration. The evaporation stages involved measurement of
the surface temperature and relative humidity as well as internal profiles of temperature,
moisture content, and suction. The geometry, soil conditions, stage duration, and boundary
conditions are summarized in Table 2. The stage names include the profile name, the cycle
number, and the stage type (i for infiltration or e for evaporation). The infiltration rates were
selected to be less than the hydraulic conductivity of the clay when saturated. The suction at the
soil surface was inferred from the relative humidity using the equation in Table 2.

Table 2: Details of the laboratory column testing program
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Figure 6: Profile A: (a) Cumulative inflow and outflow; (b) Initial wetting front

The suction time series for Profile A are shown in Figure 7(a). The HDUs were responsive to
changes in suction during the initial infiltration stage. During this stage, HDU A1l shows a drop
in suction from a value of approximately 100 kPa to 30 kPa. As the infiltration passes through
the soil profile, the other HDUs showed subsequent drops in suction to approximately 20 kPa.
The HDUs are not able to measure suction values less than 20 kPa, so the suction in the bottom
portion of the profile after 2000 hrs is not certain. However, the upper HDU shows a decrease in
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Figure 7: Profile A: (a) Suction; (b) Moisture content; (¢) Moisture content profiles

The moisture content time series shown in Figure 7(b) indicate progression of the infiltration
front through the soil profile during Stage Al1(i-1) at a moisture content of 24%. Unlike the
suction time series, the moisture content data allows closer investigation of the behavior of the
soil profile after the infiltration front reaches the base of the profile. Specifically, an increase in
moisture content from 24% to 47% occurred after the wetting front reached the base of the
profile (TDR A4, z=50 mm). TDR A3 (z= 250 mm) and TDR A2 (z = 500 mm) also showed
increases in moisture content (although less significant), while TDR Al (z = 1250 mm) did not
show an increase in moisture content. The moisture content at the base of the profile was close
to saturation when capillary breakthrough occurred at t = 1824 hrs. The moisture profiles with
depth during Stage A1(i-1), shown in Figure 7(c), indicate that ponding occurred in the profile.
The shapes of these profiles are similar to those from the field study shown in Figure 2(a). The
moisture content profiles during Stage A1(i-1) indicate that the capillary break effect was the
cause of the accumulation of water at the base of the covers observed in Figure 2(a).

During the first evaporation stage (t = 3100 hrs), the moisture content near the surface of the
profile (z = 1250 mm) decreases from 24% to 20% during the first 100 hrs of evaporation,
followed by a more gradual decrease to 16% over 3 months. HDU Al indicates that the suction
at this depth also increased to 49 kPa during this stage. Slight decreases in moisture content
were also noted at the depths of the other TDR waveguides during this stage. However, these
decreases were most likely due to gravity drainage, not evaporation. Measurements of moisture
content obtained by gravimetric sampling indicate that the drying front progressed only 700 mm
into the cover (i.e., z= 650 mm) during the 3 month-long Stage Al(e). The field data in
Figure 2(b) showed a uniform decrease in moisture content throughout the depth of the cover
during 7 months. Differences in the rates and depths of drying in the field and laboratory are due
to differences in the energy supplied to the soil to cause evaporation, as well as due to the added
contributions of transpiration and lateral drainage to moisture removal in the field.
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passed their locations. Although they had not fully equilibrated with the initial suction after
about 25-45 hours, the tensiometers showed a smooth decrease in suction that is consistent with
trends in moisture content measured using the capacitance sensors. The initiation of outflow
(i.e., capillary breakthrough) for each infiltration stage is denoted in Figure 10(a) with arrows.
Breakthrough occurred in Stage B1(1) after 104 hrs, at a suction of 3.64 kPa. After breakthrough,
the tensiometers showed further decreases in suction. After reaching steady state outflow,
evaporation was started. Suction increased asymptotically with time during Stage B1(e), and
Tensiometer B-1 approached the suction value measured before the first infiltration front passed
through the profile. After this point, infiltration was started again. Despite different durations of
the evaporation stages evaluated for this profile (and corresponding differences in moisture
removal), breakthrough occurred at approximately the same suction.

The moisture content time series for Profile B are shown in Figure 10(b). In general, the trends
in moisture content measured using the capacitance sensors are consistent with the trends in
suction measured using the tensiometers. The moisture content of the wetting front is indicated
by the first bend in the moisture content time series after infiltration starts (point A). The
moisture content at the wetting front is approximately 24% for each infiltration stage. Unlike the
moisture content time series for Profile A, the upper portion of the profile did not remain at the
moisture content of the wetting front due to the shorter height of this column. Instead, the
moisture content of the entire profile increased. This is because ponding of water above the
geosynthetic drainage layer affected the entire height of the profile. Capillary breakthrough
occurred at a moisture content of 40%, slightly after the second bend in the moisture content
time series (point B). A significant decrease in moisture content from 43% to 25% occurred
during the first 20 hrs of drying in Stage B1(e). A less significant decrease in moisture content
from 25% to 21% was observed over the next 80 hrs of drying. The imposed suction boundary
condition caused a gradient in moisture content (and suction) with height in the specimen. Based
on the value of moisture content at z = 50 mm after 240 hrs of testing, it is likely that the
moisture content at the soil-geosynthetic interface did not return to its original value. However,
after subsequent wetting in Stages B2(1) and B3(1), the moisture content at breakthrough was
similar to that observed during Stage B1(1).
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effects. These temperature effects altered both the suction and moisture content measurements,
and tended to be more relevant during the evaporation stages (under a surface temperature of 40
°C). A third evaporation stage was conducted for Profile B (outside the scope of this study) to
help shed light into the temperature dependence of the sensors. During this extra stage, the
temperature was cycled with time by shutting the infrared lamp on and off, as shown in Figure
11(a). The corresponding changes in suction and moisture content are shown in Figure 11(b).

At high temperatures, the suction is 8% greater than at room temperature, and moisture content is
5% smaller than at room temperature. Nonetheless, as the main interest of this study is the
behavior of the soil near the interface during infiltration (i.e., capillary breakthrough), the



difterences 1n density and length. 1'he moisture content and suction at the infiltration front are
similar (24% and 20 to 30 kPa, respectively) as the inflow rates applied to the profiles are
similar. Also, breakthrough occurred at a similar degree of saturation (94%) for both profiles.
The breakthrough suction for each wet/dry cycle in Profile B is approximately 3.7 kPa. These
values are consistent with the transition of the geotextile WCR from residual conditions to
saturated conditions [Figure 3(a)]. This signifies that the WCRs can be used to estimate the
breakthrough suction for unsaturated soil-geosynthetic system. The speed of the wetting fronts
tended to increase with time because the profiles had not returned to their original moisture
content after the end of each evaporation stage. Similar conclusions can be made about the time
required to reach steady-state infiltration. The speed of the evaporation front in Profile B was
calculated from the difference between times at which the capacitance sensors responded to the
evaporation boundary condition. The calculated speeds were similar for both evaporation stages
in Profile B. The evaporation fronts in Profile A only passed 500 to 700 mm into the profile, so a
speed was not calculated. A capillary break effect was not obvious during Stage A2 in Profile A.



Figure 12: Transient WRCs for Profile B: (a) Cycle 1; (b) Cycle 2
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stability and deformations. Comparison of the results from Profiles A and B indicate that the
repeated effectiveness of a capillary break relies on removal of water from the soil-geosynthetic
interface. Landfill covers with a capillary break should be designed to either promote lateral
drainage from the base of the cover, or to facilitate evapotranspiration through the use of plants.
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